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PREFACE 


stresses. The study of complete structures, which follows, includes the 
design of riveted and welded girders and roof trusses, a low-truss highway 
bridge, and a tall building frame. A concluding chapter on the design of 
continuous beams serves to introduce the subject of design for continuity. 
Since each subject is presented in a separate chapter, the order of study 
can be arranged to meet special purposes. 

In general, the design problems given here make use of recent specificar 
tions. However, in a few cases either lower or higher working stresses than 
standard are employed in order to keep the student from becoming too 
restricted in his point of view. Design problems are worked out either in 
the text or on special design sheets. The design-sheet form is typical of 
office practice, but the more complex problems requiring detailed explana- 
tion are worked out in the text. The specifications used and given are those 
of the American Institute of Steel Construction (A I SC), American Railway 
Engineering Association (AREA ), American Association of State Highway 
Officials (AASHO), and American Welding Society (A1F«S). These speci- 
fications control a large part of all structural design work for buildings and 
bridges. 

The points to be emphasized by the teacher in the design of major 
structures are the functional aspects which receive less than proper atten- 
tion in all textbooks, inciuding this one. The reason for building a bridge 
or a building exactly of the type chosen must be for it to serve best its 
intended function. Accordingly, function becomes the most important 
criterion of good design, although economy is certainly of almost equal 
importance. Neither the functionally perfect structure that costs too much 
nor the cheap one that cannot serve its intended purpose will be built. 

The author hopes that this book may serve to help produce young engi- 
neers having a thorough background of elementary structural design. 
Such men may find an immediate position in engineering or they may pre- 
fer to develop a more scientific point of view by study for an advanced 
degree. The information presented here is essential for the structural 
engineer who chooses either road for his development. 

Professors Merit P. White and R. L. Stevens generously offered many 
constructive suggestions that are incorporated in the book. 

L. E. Gbinteb 

Chicago, Illinois 
May, 1941 
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Abbreviations 

American Association of State Highway Officials. 
American Institute of Steel Construction. 

American Railway Engineering Association. 

American Society of Civil Engineers. 

American Society for Testing Materials. 

American Welding Society. 

center of gravity. 

penny designation for nail sizes. 

dead load. 

kips. 

live load. 

neutral axis. 

wide flange beam section, 
wind load. 


Symbols 

distance, length, or thickness, 
area. 

area of bearing, 
area of flange, 
area for shear, 
area of web. 
breadth or distance. 

distance such as that to the extreme fiber, 
constant. 

compressive force, arm of a couple, 
diameter, depth, or distance, 
deflection, also detrusion ratio, 
eccentricity, 
modulus of elasticity, 
fiber stress. 

forces, also fatigue limits, 
allowable beam stress, 
allowable column stress, 
gage distance. 

torsional modulus of rigidity, also specific gravity, 
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LIST OF ABBREVIATIONS AND SYMBOLS 

Symbols — continued 

height, also diameter of a rivet hole. 

moment of inertia. 

ratio. 

polar moment of inertia, 
ratio. 

stiffness, also special factor defined in text, 
lengths. 

bending moment, 
moment of eccentricity, 
total moment. 

number of bolts or rivets, also a ratio, 
number of repetitions of the stress S. 
allowable stress parallel to the grain in wood, 
load. 

wind load normal to the roof. 

allowable stress perpendicular to the grain in wood. 

statical moment of an area. 

radius of gyration, also a ratio. 

rivet stress, radius, or reaction. 

rivet spacing, also unit stress. 

section modulus, also total stress. 

bearing unit stress. 

compressive unit stress. 

normal unit stress. 

shearing unit stress. 

tensile unit stress, tangential stress. 

thickness. 

tensile force or total tension, also torque moment. 

unit bond stress in reinforced concrete, also Poisson’s ratio. 

unit shearing stress in reinforced concrete. 

total vertical shear. 

uniform load per unit length or area. 

total uniform load, also width. 

coordinates or distances. 

distance to the center of gravity. 

deflection. 

slope or angle. 

summation. 
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is a amplicity approaching functional perfection. 
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CHAPTER 1 

PRACTICE VERSUS THEORY 

1. Conflicting Points of View. We hoar much of the eonfliet between 
theory and practice especially from the field man. Actually, of course, 
there will be no conflict lietwecm good theory and good practice although 
the two frequently seem at cross-purposes, paiTicularly when both are bad. 
Bad theory develops from unjustifiably crude assumptions while bad prac- 
tice follows unjustifiably crude methods. When theory can be liased upon 
accurate information and iiractice can be controlled by one who understands 
tlic theory involved, the two will agree. Nevertheless, there are ceilain 
consideratioas of ])ra(d.ice that must be allowed to control design because 
of cost and to facilitate constru(*tion. A few of the many problems that 
should influence the thinking of the designer and of the construction engi- 
neer will be discussed. 

Art versus Science, Until modern times all engineering was art. The 
construction engineer not only erected the structure, but, through an 
exceptional development of faculties he intuitively analyzed, dcvsigned, and 
directed the fabrication of the individual parts on the job. Of course, his 
al)ility had been nurtured by long apprenticeship, although an occasional 
genius, such as Andrea Palladio or Leonardo da Vinci rose far above the 
level of his associates. Constniction was therefore first. Urude design 
followed construction and Avas dependent upon a knowledge of geometry 
and an undemtanding of proportions. In other words, there came into 
existence designers or, more technically, detailers, who saw to it that blocks 
of stone and pieces of wood were fabricated of a proper size to fit into the 
structure at a given point. Analysis, naturally, developed hist since struc- 
tural analysis is an application of science. Structural analysis in the 
modern sense received little attention until after the year 1800. Hence, we 
may look upon it as the youngest of the triumvirate; construction, design, 
and analysis. As such, it was long discounted and often ridiculed. 

A survey even as brief as this one points out the direction of evolution 
from art to science. Construction started as an art; design followed by 

1 
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applying the most elementary scientific principles to the construction art; 
analysis finally entered the picture as almost pure science and has affected 
both construction and design. The obvious tendency is lor science, through 
analysis, to influence more and more greatly the design and constmetion of 
structures. It would be rash to state that this evolution would ever reach 
the ultimate conclusion where science controlled such work completely — 
certainly development today is far short of this. Accordingly, the engi- 
neer mxist understand not only the science of analysis but the arts of design 
and construction if he intends to accomplish anything significant in this 
very practical field. 

2. Anal]rtical Calculations. Since analysis precedes design, it will be 
useful to think over the process of analysis from the point of view of the 
practical designer. Analysis, to serve a useful purpose, must finally reach 
expression in terms of tons of steel, cubic yards of concrete, and board feet of 
structural timber. It is useless for the analyst or the designer to expect the 
construction engineer to worry about increasing the unit stress in a steel 
beam to 300 lb. per sq. in. above the allowable stress by the shifting of a 
partition. The field man knows that there are decisions which he will have 
to make during erection that may influence the stress to a greater extent 
than the amount mentioned. F or the same reason he is not likely to be 
sympathetic when the blueprint carries a statement that a field connection 
is to be welded at a distance of SKe in. from a sheared edge. The accuracy 
of field work is seldom greater than a tolerance of in. and a sheared edge 
is far from a planed edge at best. The designer will cultivate the respect of 
the field man by avoiding such inconsistencies. 

With these considerations in mind, we may conclude that there is little 
reason for a designer to ase log tables in making his usual calculations. A 
slide rule will provide all requisite accuracy and such calculations will actu- 
ally command greater confidence. However, this does not jiLstify the 
substitution of crude guesses for sensible analysis or for careful design 
calculations. 

Tools of Analysis, There is often a choice of analytical tools to be made 
by the designer. For example, the design of a riveted plate girder may be 
made on the basis of several possible assumptions. (1) The effective ” 
depth may be guessed at. (2) The effective ” moment of inertia may be 
used and the neutral axis may be taken at the mid-depth. (3) The net 
moment of inertia may be used and the neutral axis may be taken at the 
center of gravity of the net section. The first method is a satisfactory one 
for use by a designer who has developed his sense of structural action 
through study and experience with methods two and three. The third 
method was long considered to be the most accurate, perhaps because it 
involves longer calculations, but the second method has been justified by 
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tests. The point of importance here is merely that there are often unknown 
elements influencing the action of a structure so that an elaborate analysis 
may result in no better design than a simple one. The designer should 
choose a method of analysis to agree with the best information available 
as to the action of the structure and not simply to satisfy what he considers 
to be the most erudite procedure. 

3. Impractical Theory. Nothing discredits the usefulness of theory as 
a practical design tool so much as the use of theoretical toys. It is often 
true that theory tends to become an end in itself instead of a tool for 
practical use. The literature is full of formulas, graphs, and mathematical 
studies that are of interest mainly because of their intricacy. This criti- 
cism is in no way intended to discredit sound analytical studies, however 
complex. Mathematics should neither he avoided nor displayed. 

Theory of Elasticity. There is no tool that has proved of greater value 
to the designer than the mathematical theory of elasticity. On the other 
hand, it is worth remembering that the significance of the word elasticity 
automatically rules out the effect of plastic flow or “ yield.” Hence, the 
picture of stresses presented by this theory is the picture that would apply 
before any single particle passed the yield point. As soon as any part of 
the structure begins to yield, the distribution of stresses will change. The 
accomplished designer will be able to interpret and use the results of mathe- 
matical studies based upon the theory of elasticity, but he will not fail to 
readjust his ideas of structural action to care for the influence of yielding 
beyond the elastic limit. 

Photoelasticity.* There is usually a reasonable check between the 
stresses obtained by the mathematical theory of elasticity and by photo- 
elastic investigations. At least this correspondence should follow if the 
photoelastic material used is a brittle material (such as bakelite) which has 
a straight line stress-strain diagram up to the failure point. Again, this 
tool has proved extremely valuable although, when interpreted carelessly, 
it has confused about as many problems as it has clarified. For example, 
there is the case of the structural eye bar. For several generations of 
structural engineers the eye bar has served a useful purpose. Based upon 
actual tests to failure the standard design has become the usual rounded 
head with not more than 40 per cent excess area through the head. Photo- 
elastically it has been shown that bakelite eye bars are stressed more 
heavily through the head than through the shank even when the area through 
the head is made fully 100 per cent greater than the area of the shank. 
Of course, such bakelite models break through the head while standard 


* By the photoelastie method, stresses are determined in celluloid or bakelite models 
representing structural parts. The stress hears a relation to the number of dark lines or fringes 
that appear when polarized light is passed through the loaded model. 
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eye bars break through the shank. The reason is found in the yielding 
of steel that allows a redistribution and an ironing out of the high stresses 
around the hole. It seems evident to the author that the photoelastic 
study is a misrepresentation in this instance. Only a ductile transparent 
material with the dual characteristics of elasticity and yield offered by steel 
could be used photoelastically to determine the result to be expected of the 
steel eye bar. No such material exists at the present time. 

4, Ductility. This property has been mentioned as one which helps to 
reduce stress concentrations. For instance, a small hole in a simple tension 
member is supposed to produce a stress concentration of three times the 
average unit stress in the member. Photoelastically it has been possible to 
measure stress concentrations around the hole of more than twice the aver- 
age stress in the member. It is therefore surprising that rivet holes do not 
seem to reduce the ultimate static strength of a tension member (steel) by 
more than the influence of the reduction of effective area. The explana- 
tion must be, of course, that the steel around the rivet hole flows and thus 
permits a redistribution of stress so that the maximum unit stress at failure 
is little greater than the average unit stress. There are innumerable similar 
conditions to be evaluated in structural design. All “ stress raisers such 
as notches, holes, threads and cross-sectional changes are best eliminated, 
but, if they are unavoidable, some reduction of their objectionable features 
will be obtained from ductility. Such stress raisers are of the greatest 
significance when members are subjected to repeated stress, as will be 
shown. 

Statistical Stresses. Perhaps one factor that tends to overcome the 
more serious consequences of stress raisers is the fact that steel is not a 
truly homogeneous material. It is therefore reasonably certain that the 
stress variation in a tension bar centrally loaded is far from uniform. The 
probability seems to be that adjacent finite particles will act under con- 
siderably different stresses and that adjacent microscopic particles may 
be extremely nonuniform in their resistances to stress. Therefore, we may 
prefer to think of numerous minute discontinuities that act as stress raisers 
(holes) and thus the addition of another discontinuity ^ such as a rivet hole^ 
would have little influence. The term statistical stress has been used to 
represent the probable average stress over a finite area in contrast to the 
microscopical stress that is indeterminate and highly variable. 

Repeated Stresses, Vibration, and Impact. There are two conceptions of 
impact that need study. One is that an impact stress may be applied too 
rapidly for the material to deform plastically before failure. The other 
assumes that impact is merely an increase of the static stresses and strains. 
Probably the latter definition is the correct one for most cases of impact, 
but it is possible to visualize stress applications (locally) of such speed that 
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deformation cannot follow freely. Evidently, under such rapid applications 
of stress there would be increased danger from stress raisers and failure 
might follow without the compensation of ductility. Similarly, when 
stresses are repeated without limit, failures occur at unit stresses below the 
ordinary limit of elasticity. Stress raisers are again significant and in such 
cases the maximum stresses found by the mathematical theory of elavsticity 
or by the photoelastic apparatus are much more significant than for 
static loads. Tests on the fatigue of riveted joints have established this 
fact. 

5. The Factor of Safety. This is a favorite subject for discussion and 
argument. Some writers have considered the factor of safety to be based 
upon ullimaie strength while others feel that the ratio of the elastic limit to 
the working stress is in reality the factor of safety. The latter point of view 
is ceii ainly the more significant, but neither presents a correct picture. The 
engineer is always willing to let the actual stress approach nearlij to the 
elast ic*, limit. The range between the working stress and the elastic limit is 
mainly an allowance to cover unknown or partially unknown stresses. 

Knowledge of Loads, One of the undeterminable factors in design may 
be the loading itself. Dead load can be estimated quite accurately, but 
live loading, wind, and impact, as well as traction, sway, and other inertia 
forces are extremely variable. Then there is the influence of temperature 
and the action of settling supports that often damage an otherwise well 
designed structure. The engineering designer makes a sincere effort to 
evaluate the probable loads, but even his best judgment is unable to cope 
with the situation in all cases. One purpose then of the factor of safety is 
to provide some reasonable allowance for possible increase of loading when 
the stnu*f may need to serve a purpose somewhat different from that 
intended. 

Fabrication and Erectioji Stresses, It is no secret that structural steel 
is handled rather roughly in the shop and in the field. Rivet holes seldom 
line up perfectly and they must be pulled into line. Welding warps and 
buckles the stmeture and leaves high residual stresses. During fabrication, 
bent shapes are straightened as a standard part of the fabrication process 
and, of course, the elastic limit must be passed to accomplish this. The 
mere punching of a hole distorts the surrounding material and leaves high 
residual stresses. The writer is convinced that these processes will result in 
a structure having stresses, under the design loading, that reach the elastic 
limit over small areas. Such a structure would be highly unsafe if it were 
not constructed of a ductile material such as structural steel. W^hen a 
minute flaw in the material coincides with the location of such a point of 
high residual stress, a failure is likely to result, particularly if the loading is 
of the repeating type. Failures have often been traced to such influences. 
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All things considered, it is remarkable that serious failures are so infre- 
quent. It speaks well for the care exercised by the designer. 

6. Fabrication Methods. It is the responsibility of the designer to 
understand fabrication methods and to fit his particular design to the fabri- 
cation facilities available. For instance, it is foolish to select a beam that is 
longer than rolled sections stocked in local warehouses or longer than the 
fabrication shop can handle properly. Yet this is a mistake expected of 
young designers. It is worth noting that each central warehouse provides 
the draftsmen in its vicinity with a list of maximum sizes of materials that 
are readily available. Special sizes may not be- obtainable for months even 
at an increased cost per pound. The same criticism may be made of the use 
of angles of the less common sizes and of special beams. There are cases 
where it may actually cost less to use a 6-in. angle than a 5-in. angle of the 
same thickness. 

The use of a multiple punch may be a cost-saving feature where dupli- 
cation can be provided. However, more often than not the shop foreman 
decides that the cost of setting up the multiple punch is greater than the 
savings involved in a few duplications. The designer should work with 
the shop man vso that the resulting structure will be economical. An edge 
can often be finished either by grinding, by milling, or, possibly, simply by 
burning. A thorough knowledge of relative costs is necessary if we are to 
reach a proper decision. 

Field Erection. The designer usually has more difficulty in cooperating 
with the field organization than with the shop men. The reason is that field 
conditions are never under complete control. The weather, the soil, the 
kind of labor obtainable and the vagaries of nature all combine at times to 
plague the field engineer so that he finds it difficult if not impossible to 
follow the exact plan presented to him. On the other hand, construction 
engineers are so versatile that they can usually accomplish the result 
desired even though some changes become necessary. The responsibility 
again falls upon the designer to consider the influence of all possible field 
conditions upon his design. For example, a design that could not be com- 
pleted in rainy weather would not be a practical one for most locations. 
Neither would a design that could not be carried out under extremes of 
temperature normal to the locality. Some designs must be made so that 
the structure can be erected by unskilled labor while other structures may 
be dependent upon the services of welders and craftsmen of highly special- 
ized qualifications. The writer knows of one bridge that was designed for 
transportation on the backs of camels and another that was brought to the 
site by airplanes. Even freight car or truck transportation introduces 
certain limitations that must be observed as to the overall size or length of 
a given piece. When a member cannot be transported to the site or erected 
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with the tools and labor available, either the designer has made a serious 
error or the organization needs new channels of information between 
the field and the office. 

7. Cost as a Major Factor. All of this discussion leads to the inevitable 
conclusion that only an economical design can be a good design. The 
designer will accomplish little if his structures are seldom built because of 
excessive cost. Therefore, the designer must balance himself nicely 
between the criticism or danger of unsafe practice on the one hand and, on 
the other hand, the inevitable lack of success if he is too conservative. 
His best approach to the solution of this problem is to learn everything 
possible from the detailer, the shop man, and the construction engineer. 
If he knows the tolerances^ clearances and allowances introduced by the 
detailer, the sizes, tools and methods used by the shop, and the shapes, 
weights and fits desired by the field organization, his designing is likely to 
be successful. If he is not familiar with these factors, his ability in stress 
analysis and his careful choice of sections is still likely to result in friction 
throughout the entire construction job. The result is increased expense at 
every turn and ultimately a noncompetitive job. 

In the study of costs, it is interesting to observe that cert ain stnictures 
commonly used in foreign countries are seldom used in the United States. 
We have the highest labor costs in the world, which explains our d(\sire for 
machine production. Slender structures are most likely to be found in 
Europe where the high cost of material and low cost of labor make weight 
reduction important — a fact that is particularly (wident in the field of 
reinforced concrete. 

8. Specifications. All structural design is controlled by specifications. 
Even if no limitation is placed upon the designer, he will still l)e v(iry likely 
to depend upon a standard set of specifications for guidance. It is under- 
stood that the large cities all have building codes that specif.y not only 
working stresses and qualities of materials and workmanship but such 
general features as window area, hallway widths, and fire provisions for a 
building and similar features of other structures. The designer will follow 
the specifications of the local building code by necessity, but he will also 
usually follow the provisions of standard sets of specifications {AREA, 
AISC, AWS, AC I) for his own guidance. It is impossible for any one 
designer to have experienced all of the possible situations that may need to 
be controlled for absolutely safe structural design. Standard sets of specifi- 
cations are prepared under the sponsorship of the technical societies. Over 
a period of years such specifications have been written and rewritten many 
times. The profession as a whole has used each specification and has either 
accepted or rejected it. Each time that a set of specifications is rewritten, 
many new ideas are introduced and old ones are removed. In this way a 
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standard set of specifications may be accepted to represent the best infor- 
mation available on the subject as of the date when it was written. Perhaps 
we had better say that it reflects some ideas that are a few years out of date, 
since the inevitable lag between the presentation of a new procedure and its 
general acceptance is as evident in structural design as elsewhere. This 
natural conservatism of the engineer is his safeguard against dangerous 
construction, but it naturally mitigates quite as effectively against the 
adoption of progressive ideas that are entirely sound. 

lyitcrjrreting Building Codes, In order to interpret specifications prop- 
erly, the designer must understand the purpose behind their development. 
It is the obligation of the specification committee to producer a set of specifi- 
cations that will guard the public safety under unexpected as well as normal 
conditions. Hence, today we find the working stress for structural steel in 
tension to be set at about one half of the elastic limit. A higher working 
stress would be allowable in spc^cial cases, but the specification committee 
must make a reasonable allowance for the unknown characteristics of 
certain loadings, for the possibility of excessive impact, for residual stresses 
that fabrication may produce, for erection stresses that are unavoidable, 
and for accidents such as collisions or settlement that are ordinarily not 
considered in design. 

Variation of Working Stresses, The writc'r knows of standard design 
work where the usual specified working stresses have been exceeded by 
fully 30 per (;ent. HowevcT, the case referred to was the ilesign of suj)- 
ports for tanks that carried a depth of liquid as the only loading. C'eit ain 
facets were evident. First, the design loading could nof, be (exceeded becaust' 
the tanks could cany no more licpiid than their combined capacities. 
Second, the factors of impact and vibration w('re nonexistent and their 
unciuestioned elimination added to the certainty of the loading. Third, 
sudi low tanks present no serious wind resistance problem so that anotln'r 
disturbing factor did not have to be consid(n*ed. Fourth, the fabrication 
and erection of tank supports is such a simple job that there (;ould be little 
in the nature of unusual fabrication and erection stresses to worry about. 
Accordingly, for this very simple case the designers felt justified in increas- 
ing standard working stresses in rivets and for structural sections by 
30 per cent. Since the plant in question was not located in a dty, the 
designers were free from the restrictions of a local building code. It is 
worth mentioning that the same designers reduc(^d the working stresses 
for the steel supports of heavy machinery even below the allowance of 
standard specifications. The problems of impact, vibration, and repeated 
stresses seemed sufficiently serious there to justify a very conservative 
position. The writer is of the opinion that both of these instances were 
justified and that the attitude expressed is an entirely commendable one. 
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The designer must always be saf e, but he cannot be careless with his employers^ 
money, 

9, Structural Failures. There are a great many minor structural fail- 
ures, but, unless there is loss of life or other newsworthy features about the 
failure, it never comes to the attention of anyone except the firm that 
repairs the damage. Frecpiently, the owner requests that there be no 
publicity given to the failure. Many failures are caused by improper 
deiails. It has been a habit of “ handbook designers to S(;lect members 
of ample size and then to connect them together inadequately. Most 
building failures in tornadoes can be traced to this weakness. Undoubt- 
(Hlly, this is due to the fact that member selection is often c[uite simple 
whiles joint d(\sign nniuires a greater understanding of the problem. 

Settlement, (-ert^ainly thci most common source of all failures is foun- 
dation setthment. The scicmcc of soil mechanics is now centered in this 
st.udy and it is hoped that rar)id progress will continue to be made. The 
])roblem involved is not to prevent settlement, which can never be done, 
but to obtain uniform setthanc'nt so that the structun^ will not be st ressed 
thereby. For insf ance, if all footings of a building set.ih^ the same amount, 
the building will be uninjured. Similarly, the scittlement of one pier of a 
simple span l)ridg(^ will b(^ of little consequence unless it tips at fhe same 
time. Tipping piers, however, are a common sight and uruMpial settlement 
of building footings is evidenced by (‘racks in a large part; of all ])ubli(^ and 
private structures. If the stnictural designer does not have control of the 
foundation design or if he has inadequate data on which to base such a 
design, he must make an allowance for unequal settlement in his analysis. 
Hence, the ideal structure for such a location may be one that is flexible or 
deformable rather than rigid or even stiff. In bridge design the simple span 
stnudiire has long beem pointed to as the ideal where heavy settlement is 
anticipated. But on t he other hand, the writer has seen large settlements 
of buildings (as much as two or throe inches between columns produced by 
a near-by excavation) with little evident damage except to plaster and 
external covering. The structural steel frame seemed to absorb the defor- 
mation without obvious damage. Over greater lengths, buildings have 
shown unequal settlements of more than a foot with no greater distress than 
some destruction of outside trim and inside decoration. 

Conclusion, These and other observations reemphasize the conflict 
that some engineers like to point to between theory and practice. Actually, 
no conflict exists. Steel is a ductile material that will absorb a great deal of 
punishment. Good theory may of necessity assume elastic conditions and 
certainly good practice ordinarily presupposes operating conditions that 
will not load a material beyond the elastic limit. But when the unexpected 
(or sometimes the anticipated) happens and excessive deformations occur, 
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both the designer and the construction engineer may place a justified faith 
in the fact that structural steel is ductile as well as elastic. Perhaps we may 
ultimately reach the point where our design calculations actually are based 
upon the stress-strain curve of the material we use. As yet we have no 
simple method of design that accounts for other than elastic conditions.* 

* The paper of J. A, Van den Broek, Theory of limit design. Transactions, ASCE, 1940, 
pp. 63S-661, treats indeterminate structures and considers the influence of inelastic def- 
ormations. 



CHAPTER 2 

RIVETED CONNECTIONS 

10. Types of Rivets. The usual rivet for structural work has a button 
head of rounded shape with a diameter of 1.5Z) + in. (Fig. 1) where D is 
the nominal diameter of the rivet. The 
height of the head is 0.425 times its 
diameter, which makes it somewhat 
less than a hemisphere. These button 
heads can be flattened to 34 or ^ in., 
countersunk for a projection of 34 in., 
or countersimk and chipped flush as 
dictated by clearance requirements. 

Rivets countersunk and chipped flush 
do not have sufficient head to develop 
full strength. They should be dis- 
counted 50 per cent in design. 

Conventional Signs for Riveting. The conventional symbols shown in 
Fig. 2 illustrate the standard method of indicating types of rivets on draw- 
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Fig. 2. Conventional Symbols for Riveting. 


ings. The appearance of a drawing will be much enhanced by care in the 
use of these symbols. It is sometimes preferable to make the size of the open 
circle denoting the rivet head slightly larger than it would be to scale, but 
the black solid dot indicating an open hole for a field rivet should not be 
enlarged. Such black spots appear prominently on the drawing and should 
be made no larger than 50 per cent of the diameter of the open circles. 
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Size and Weight of Rivets. The usual sizes of structural rivets are in. 
for mill buildings and light structures and % in. for ordinary bridges and 
office buildings. Tower structures and monumental bridges may require 
1-in. or Ij^in. rivets, while light frames, such as short-span roof trusses, 
electric sign supports and power-line towers, may be made with J4‘in. 
or 5^-in. rivets. It is desirable to use one or not more than two sizes of 
rivets in a single member and as few sizes as possible in the entire stru(;turc. 
Nevertheless, even when the rivet size is standardized at in., it will be 
necessary to use smaller rivets through the flanges of channels and the legs 
of small angles where proper edge distance limits the size of a punched hole. 
Such limitations are given in all stmctural steel handbooks. 

Rivets are to be of such length that the paii of the shank projecting 
beyond the face of the structure, when the rivet is in the hole, will just 
provide enough metal to fonn the head. Again, such data are given in the 
structural steel handbooks. The heads add to the weight of the structure 
and must be estimated as a part of the dead load. The heads for one 
hundred /^-in. rivets weigh 16 lb. The corresponding weight is 24 lb. for 
J^-in. rivets. The weight of the rivet heads is an appreciable factor for a 
structure containing several thousand rivets. 

11. Fabrication. Punching Holes. Rivet holes may be punched, sub- 
punched and reamed, or drilled. Punched holes are standard, but railway- 
bridge work has often been sub-punched and reamed. The expense of 
drilling has limited its use to thick material (thicker than the diameter of 

the hole) where punching is unsatis- 
factory because of excessive deforma- 
tion of the surrounding metal. 

A punched hole has a noticeable 
taper, as is indicated by Fig. 3, which 
increases with the thickness of the 
plate. This taper aggravates the prob- 
lem of alignment. Holes (jannot be ex- 
pected to match perfectly in punched 
work because the action of the 
punch distorts the metal and length- 
ens the part being punched. The 
operator allows for this stretch by rule of thumb, but, nevertheless, holes 
aligned as well as those shown in Fig. 4 represent good workmanship. 
Hence, many of the holes must have a reamer passed through them before 
the rivet can be dropped in. The purpose of the reamer is not to produce a 
perfectly cylindrical hole and therefore this is not equivalent to reamed 
work for which the holes are punched He In. or in. midersize and 
reamed to size. 
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Drioing Rivets, The rivet blank with one head already formed is heated 
until it glows and inserted in the hole. Then, cither by direct pressure or 
by a series of blows, a second head is formed before the rivet becomes 
entirely black. The most satisfactory rivets are produced with direct 
])ressuro (air, hydraulic, or steam) by use of a power or bull riveter. The 
riveter grips the rivet between its jaws and pro- 
duces the head by direct pressure of perhaps 50 
tons or (iven more. The head is formed by squeez- 
ing the rivet. Naturally, the plastic rivet steel is 
scpicezed out to fill the hole adequately. In close 
work, or where the riveter cannot reach around 
the member, and for field connections, the riv(it 
head usually is formed by the air hammer. No dis- 
tinction is made in regard to the strength of shop 
rivets made by direct pressure and by the pneiimotici hammer, but the for- 
mer are to be preferred. A hammered rivet may be “ over driven, which 
means driven too cold, with the result that its head is easily knocked off. 
Hand hammered rivets were common in the early days of riveting, but 
they are unusual today. Bolts are considered at least equally effective 
and less expensive. 



4. Misalignment of 
Punched Holes. 


Internal Action of Riveted Joints 

12. Elastic Action of Rivets. Shrinkage, A proper rivet is completely 
driven before the metal turns black. Hence, the shrinkage from about 
1000^^ F. to air tem])erature reduces both the length and the diameter of 
the shank. Evidently, lateral shrinkage tends to produce a loose rivet, but 
this effect is not very si'rious. Sections have been made through power 
riveted joints, cutting the rivets, which show almost no distinguishable 
line of demarcation between plate steel and rivet steel. It is probable that 
the pressure developed produced a rivet that was actually too large for the 
hole (subjected thiMX'fore to lateral compression), which still filled the hole 
aft(T shrinkage. In fact, it is known that at 50 tons pressure a short, rivet 
c^an be produced which is H 2 in. larger than the original hole. Even those 
rivets produced by air hammers appear to fill the holes adequat ely although 
an occasional poor rivet is probably unavoidable. 

Initial Tension, The self-evident fact that a cooling rivet develops 
initial tension has been long recognized, but the extent of this initial tension 
was seriously questioned. An occasional rivet would fail under a light blow 
by popping off the head and this was taken to mean that the amount of 
initial tension was at least problematical. Finally, tests were made which 
showed that plate slip did not occur with proper fabrication until the stress 
in shear on the cross-sectional areas of the rivets reached about 11,500 lb. 


14 


DESIGN OF MODERN STEEL STRUCTURES 


per sq. in. Plate friction was the only force that could prevent slight slip- 
page, and even at an initial rivet tension of 35,000 lb. per sq. in. the coeffi- 
cient of friction would have to be approximately 0.33 to produce a fric- 
tional resistance equivalent to 11,500 lb. per sq. in. per rivet. Later, tests’^ 
were made which showed conclusively that the initial tension could be 
expected to approach the elastic limit and might safely be taken at 90 per 
cent of the elastic limit as an average value. Since the coefficient of friction 
for plates with rough mill scale in contact might be expected to be higher 
than the usual value of 0.33 given for stec^l on steel, it s(M>ms reasonable 
to state that most riveted joints properly designed and not overloaded act 
elastically without any slip between the parts joined by the rivets. Under 
such conditions the rivets themselves would be unstressed except for their 
initial tensions. 



fQ)Tearing Failure (b) Bearing Failure (c) Shearing Failure 

on Net Section of Plate of Plate 



id) Splitting Failure (e) Shearing Failure (f) Bearing Failure 

of Plate of Rivet of Rivet 

Fig. 5. Faii.ures of Riveted Joints. 

13. Failures of Riveted Joints. Rivet Shear, A riveted joint will 
deform greatly before final failure. (See Fig. 5.) There is a slip between 
the plates or structural shapes joined by the rivets and a shear is developed 
on the cross-sections of the rivets. As shown in Fig. 5(e) the load may shear 
the rivet off along the plane of slip, but this is only one possible method of 
failure. 

Net Section, A tearing failure as illustrated in (a) of Fig. 5 may occur 
whenever the rivets are stronger than the plate. This possibility is 
enhanced by the fact that a hole not only reduces the effective section of 
the plate but also by the fact that a hole theoretically triples the maximum 
stress in a simple tension plate. Practically, the increase in stress seems to 

* W. M. Wilaon and W. A. Oliver, Tension Tests of RivetSt Bulletin 210, University of 
Illinois Engineering Experiment iStation. 

C. R. Young and W. B. Dunbar, Permissible Stresses on Rivets in Tension^ Engineering 
Research Bulletin No. 8, University of Toronto. 
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be more nearly in the neighborhood of 100 per cent. In addition, it is known 
that plastic deformation beyond the yield point greatly reduces all stress 
concentrations, which are therefore usually neglected. Tension failure on 
the net section of the plate is considered in standard design simply by 
deduction of rivet holes from the gross section.* Whenever fatigue failure 
is a possibility, this method will not be safe because repeated stress concen- 
trations around rivet holes may produce fatigue cracks before plastic flow 
occurs. This matter will be discussed later. 

Edge Distance. A plate failure may also occur at right angles to the 
main direction of stress as illustrated in Fig. 5(d). Splitting failure may be 
caused by the internal pressure of an over driven rivet where adequate 
edge distance has not been provided. The minimum proper edge distance 
is 1.5 times the diameter of the rivet. Similarly, the double-shear failure 
of the plate, as shown in (c), will not occur when the proper edge distance is 
provided. The photograph, Fig. 6, illustrates such failures. The edge dis- 
tance Ls measured from the center of the rivet. It should be increased in. 
when measured to a sheared edge. 

Bearing between Rivet and Plate. Bearing failure is a crushing of the 
plate and rivet around the half circumference. The result for an edge rivet 
may appear externally as in (6) of Fig. 5. If a rivet that has failed in bearing 
is removed and examined, it will show a flattened face as in (/) where the 
heaviest stressed (ordinarily the thinnest) plate pressed against it. The 
rivet shown in (/) joined three plates instead of two as for the other joints 
illustrated. 


Rivet Resistance 

14. Lap and Butt Joints. Riveted connections are of all degrees of 
complexity, but basically they may be pictured and studied as being of two 
types, lap joints and butt joints. In order to understand the usual design 
procedure for riveted joints, it is necessary to visualize the rivet areas 
subjected to failure in these two types of joints. 

Shear on Rivets. If failure occurs by shear on the rivets the area sub- 
jected to shear failure is the cross-section or circular area of the rivet. 
Failure occurs along one plane in the lap joint of Fig. 7(a) and the rivets arc 
in single shear. The resistance of this joint in single shear would b i the sum 
of the cross-sectional areas of the two rivets multiplied by the allowable 
shearing unit stress on the rivet, Sg. For ^-in. rivets at 12,000 lb. per sq. 
in., the value of the joint is 

2 X 0.44 X 12,000 = 10,560 lb. 

* Note that the “ hole here is a rectangular area equal to the diameter of the hole times 
the plate thickness. 
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Fig. 6. Failures of Riveted Test j^pecimexs. 
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Bearing on Rivets, Bearing failure occurs between the rivets and the 
thinner plate in the lap joint of Fig. 7(d). The butt joint of Fig. 7{e) fails 
l)y bearing on the center plate provided that it is thinner than the total 





(o)Lap Joint Shear Failure (b) Butt Joint Shear Failure 


(d)Lop Joint Bearing Failure (e)Butt Joint Bearing Failure 
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thickness of the two outside plates which resist it. The bearing area used 
ill design in either case is a rectangular area equal to the diameter of the rivet 
limes the thicknCwSS of the plate which fails by bearing or crushing. Actu- 
ally, bc'aring stresses act in part radially, as indicated in Fig. 8, but such 
radial stresses are assumed to be 
(H|uival('nt to a uniform pressure on 
a diametral plane through the rivet. 

Since the bearing pressure is probably 
not hydrostatics, we can not prove this 
assumi)tioii to be exactly true, but 
it is always used in design computa- 
tions. 

The bearing value for either the lap joint of Fig. 7 (d) or for the butt joint 
of (c) may he computed from the following data: d = ^<4 in., t = for 

th(^ (‘out rolling plate; allowable bearing stress, Sb = 24,000 lb. per sq. in. 

2 X ?4 X 3^ X 24,000 = 18,000 lb. 

Actually, the lap joint of Fig. 7(d) is far more likely to fail in bearing than 
the butt joint (c). The reason is that there is a tendency for the eccentric 
forces to bend the plates in a lap joint as illustrated by Fig. 9(a) resulting in 
the unequal bcarmg pi'cssures pictured in (b). Since this distribution of 
bearing pressure is far from uniform, the probability of bearing failure is 
increased. Recent specifications have taken this fact into consideration by 
allowing a considerably higher urvit bearing stress for butt joints (double or 
symmetrical bearing) than for lap joints (single or unsymmetrical bearing). 

Rivet Size for Equal Shear and Bearing Values, For the usual thick- 
nesses of plates and sizes of rivets, we expect the design of a lap joint to be 
controlled by shear and the design of a butt joint to be controlled by bear- 



Fig. 8. Bearing Stresses. 
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ing. This is because the butt joint is twice as strong in shear as the lap 
joint. It is possible from the ratio of allowable unit bearing stress to allow- 
able unit shearing stress to determine the economical rivet size for the 




Fio. 9. Nonuniform Bearing. 


balanced condition of equal strengths in shear and bearing. Thus, by equat- 
ing the rivet resistance in shear to the rivet resistance in bearing, we obtain 
for the lap joint 

irflP 

= Shtdt 


or 

( 1 ) 

and for the butt joint 
(2) 


s, - 


ir s. 


d.55-1.7,. 

TT Sg 


The final values are based upon AISC specifications § 215: s, = 15,000,Si> = 
32,000 for unsymmetrical bearing and 40,000 for symmetrical bearing. 
The usual size of rivet is from 1.5 to 3.0 times the thickness of the thinnest 

plate, which is within reason- 
able limits as indicated by 
equations (1) and (2). 

15. Bending of Rivets. 
Since the forces acting on a 
rivet can never be in line (the 
plates must be side by side in 
order for the rivet to pass 
through them), it is inevitable 
as soon as friction is over- 
come that the rivet must resist 
flexure as well as shear and bearing. In Fig. 10 the flexural moment 
will be Pi if the plates are of the same thickness. Bending in such stand- 
ard cases is not considered in design. The allowable shearing and bearing 
values for rivets have been based upon tests of riveted joints in which the 
rivets tested must have had to resist flexure. Therefore, any weakening of 
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the rivet from such bending moment is allowed for automatically by the 
standard working stresses in shear and bearing. 

Filler Plates. A really serious condition of flexure may develop if filler 
plates are used improperly as at the left of Fig. 11. Some specifications 
require that the number of rivets shall be increased as much as 25 to 33 
per cent for the effect of each filler as a rule of thumb for allowing for rivet 
flexure. The extra rivets should be placed through an extension of the filler 
plate as shown at the right of Fig. 11. This arrangement will effectively 
eliminate excessive bending. 



Fig. 11. Rivet Action with Filler Plates. 


Long Rivets. Bending is more serious for long than for short rivets. A 
structural rivet in.) is considered normal up to a length of 33/^ or 4 in. 
Beyond that length its strength is reduced. For railway bridges it has been 
usual to incn'asc the number of long rivets by 1 per cent for each He in. of 
grip above 4.5 diameters. Thus for J^-in. rivets, a 4-in. length forms the 
standard and the number of 5-in. rivets would be increased 16 per cent for 
railway bridges. Similar specifications govern other types of structures. 

Ta'pered Rivets, It has been found by experiment that tapered rivets 
are desirable for lengths beyond 6 diameters. The driving force heads up 
the small end of the rivet and causes it to swell laterally to fill the hole. 
Untapered long rivets are found to fill the hole near the driven head but not 
at some distance along the shank. A tapered rivet can be designed for 
driving imdcr a given pressure and at a definite temperature with assurance 
that it will fill the entire hole. Such long rivets are only needed in massive 
structures. 


Riveted Details 

16 . Riveted Column Details. Since compression members and details 
acting in compression need not have the rivet holes deducted, their design 
is usually simpler than that of tension member details. Columns must be 
furnished with a base at the bottom and also with a cap at the top if the 
load or a part of the load rests directly on the top of the column. A column 
splice is a common detail wherever the column is more than two stories high. 
Brackets and beam seats are attached to the sides of the columns but these 
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details usually involve flexure of rivet groups and lienee must be studied 
separately. 

Column Base, DP\a. The base detail designed here is the simplest possible type for 
direct load without flexure. This detail would resist a small flexural moment about the 
major axis of the column section but almost no moment at 90 degrees to this direction 
because of the positions of the anchor bolts. It is common to design the rivets in such a 
base detail for from 25 per cent to 75 per cent of the column load. The fact is that the 
entire load is probably transferred through the 7mlled end of the column. However, 
unless a definite load is specified for the design of the rivets, they may be entirely inade- 
quate to hold the cohurm in place against an accidental blow 
or against a jacking force applied during an alteration of the 
structure. A base detail designed for 25 per cent (3f the load 
may be adequate for a heavy column while a 75 per cent de- 
tail may be needed for a light column. If the column end and 
the base plate are not milled, the base detail must be designed 
to transfer the entire column load. 

Column Cap, DP\b. The cap shown is adequate for the 
transfer of relatively light loads. Since the number of rivets 
cannot be increased with»jut (dianging the type of detail, its 
capacity is limited to 8 times the value of a rivet in single 
shear. For narrow columns, the inside angle may be reversed 
so that its short leg extends further along the beam span. 
Heavier loads require a cap detail similar to Fig. 12. 

Column Splice, Z)P2. This splice is designed to resist 
direct load, shear, and moment. Some column splices are 
designed for direct load only. \\ hen the faces of the abutting 
sections of such columns are milled to hear over the entire area, 
Fig. 12. Heavy Cap. the splice plates serve only the function of aligning the sections 
for erection and of resisting an accidental force or a blow. 
Such a splice often has riveted splice plates designed to transfer only 25 per cent of th(j 
direct column load. 

In the problem analyzed .‘is DP2, the sections do not bear over the entire column area. 
The design is arranged to provide fill plates which enlarge the area of the upper column 
section and thus provide a larger area in direct bearing. These fill plates are ‘‘ fe.athered 
out ” to provide end rivets that are of shorter length than the rivets passing through all 
plates. This arrangement reduces the tendency for the rivets to bend as illustrated by 
Fig. 11. 

The transverse shear splice is analyzed to illustrate the real action of such rivets. 
Since the rivets are spaced 2 in. away from the splice line, a pure shear on this line pro- 
duces both shear and moment on the line of the rivets. The total moment of rotation is 
equal to the shear times the 4-in. vertical distance between rivet lines. This moment 
may be divided by the horizontal di.st.ance between the two rivet lines to obtain the 
vertical component of the rivet shear. This vertical force is combined with the horizon- 
tal component of rivet shear to obtain the resultant which controls the size of the rivet. 
The splice plate must be and is in equilibrium. 

The moment splice is designed very simply. The number of field rivets shown in the 
splice plate is 33 per cent greater above than below the splice. This tends to allow for the 
fact that the upper rivets pass through fill plates. The fill plates also have extra rivets 
(shop) beyond the 8 (field) computed as necessary. Stres8i».d fill plates should always 
be carried beyond the connection and riveted to the main part of the section with extra 
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DP la. Design a column base for a IOWF 49 column where the total load is 144^000#. 
One half of the load is transferred through the rivets^ the reitiainder by hearing on 
a steel plate resting on the concrete footing. A I SC spec. 

Base Plate: 

Area reqd. = 144)000 600 = 240o". 

Try a base plate 16" X 16". Bearing = 563# In". 

Cantilever span beyorui col. sect. = 3". 

M = 563 X 3 X 1.5 — 2530"# per in. of width, 
t = VeW/Q = \nrX2630/20,0(X) == 0.87 = J^". 

Angles strengthen the plate where the overhang exceeds 3". 

Side Angles: 

Thickness chosen to make single shear rather than bearing control. 

32,000 X t X 0.S7 = 0.6 X 15,000 (%" rivets), 
t = 0.33"; use ^ h" angles. 

Rivet value = 0.6 X 15,000 = 9000#. 
n = 144,000 X 0.5 ^ 9000 = H rivets. 

Anchorage. Provide 2 holes l^i" diam. for 1)4" anchor holts. 


DPlh. Design a cap for this column to carry two 12" -31. 8# I-beams, each having a 
reaction of 36,500#. Keep the size small. 

Rivets: 

Value of Vs" rivet - 0.6 X 15,000 - 9000#. 
n - 2 X 36,5(X) ^ 90(X) = 8.1; use 8 rivets. 


Angles: 

Use 6 X 4 'X H" size. 


Cap Plate: 

The f unction of this plate U 
similar to that of a hearing 
plate. For this load a 10^" 
X V 2 '' X I'-O" pi. tHll he 
adequate. For a light load 
the plate might he omitted. 

Remarks: The maximum load for a 
cap of this type (2 angles) emmot 
he increased beyond the value of 8 
rivets since it is usually impossible to 
arrange such a detail for a greater 
number of rivets. 
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RIVETED COLUMN SPLICE 


ENG. DEPT. L.G. 


DP2. Design a bearing splice between a 10WF72 column section and a 1SWF99 column 
section. The direct load is 997,000# and in addition there is a shear of 96,000# 
and a wind moment of 700,000"#, both in the plane of the webs. U se AISC spec. 

Direct Bearing: 

At = 997,000130,000 ,of lof . 

= 9.9d". — n * - 

A, for web = . [ crrrn 1 A A- 

0.51 X 10.6 = 5.3. 7^ 1 J- 

A cn t J-JT iatiS’i’ fi . -O’ — ■ 

Ab on fill pis. = dtff. f J" 

= 4.ea". r 

Load through rivets = "* *” r 

4.6X30,000. ~ — j. 

Single shear value for %" rivet .Z!*!. Z!*!. — j- 

= 9000#. I r “ T H h'I - ■ 

9.3 X30,000 -IK 

” = I T 

rivets above splice). i 2 wf 99 | 5 /- j 

Fill pis. ; use two and two U U L \ i — 

Jle" I- ^ J U • 

Transverse Shear Splice: 

25.000 

A. = - 1.92n'\ 

13.000 


2pix7‘‘i‘0-r 


= 8 (field 


2 pis. 7 X furnish 2.2a'' each. 

Value of y%' rivets in hearing on web = 40,000 X 0.87 X 0.51 
25,000 


17,800f. 


n = = 2 rivets approx. 

17 ,800 

R = V 19,6006 + 19,6006 = 17,700#. 
Moment Splice: 

700 000 

Tension in plate = — = 55,000§. 

* 12.75 


y- -asoo’ 


65,000 

I -s Q SA’ use pig 

20,000(10.2 - 2) ^ 

Value of ]/%" rivet in single shear = 9000§. 

55,000 

^ = ^-I ’s use 6 rivets below splice. 



T 


Extra Rivets: Eight field rivets are shown above the splice in contrast to 6 below. 
Extra rivets are also placed through the ends of the fill plales. This is in 
accordance with specifications for fill plates which carry stress. Actually, if the 
direct stress and bending moment occur simultaneously, 2 more rivets should 
be added through each pair of fill plates. Since 6 rivets were needed for flexure and 
8 for direct stress transfer, 14 would be needed in total. Only 12 are shown 
on the sketch above the splice. 

DESIGN SHEET 2 
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rivets. Some specifications require a large increase in the number of rivets. Since 8 
rivets were required, this design provides 25 per cent excess rivets placed in the end of 
each fill plate. This provision seems adequate in this particular connection since the 
outside plates have not been considered to be available for transferring direct stress. 
Where the splice plates must transfer a part of the direct load, the proper design will be 
to develop the fill plates beyond the limits of the splice plates for their full calculated 
stress. 


Rivet Values 

17. Working Stresses in Rivets. There is considerable variation in the 
unit stresses permitted by different specifications. The allowable stresses 
of importance for consideration here are the unit stresses in shear, bearing, 
and tension. The current values of allowable unit stresses for shop rivets 
are compared in Table 1. These values are taken from the specifications 
given in Chapter 17. 


TABLE 1 

Working Stresse.s for Power Driven Rivets 



Shear 

Tension 

Bearing 

(Dissymmetry) 

Bearing 

(Symmetry) 

A I SC 

15,000 

15,000 

32,000 

40,000 

AASHO 

13,500 

7,500 

27,000 

27,000 

AREA 

13,500 

— 

27,000 

27,000 




(single shear) 

(double shear) 


It will be observed in Table 1 that the unit stresses of the American 
Institute of Steel Construction are more liberal than those of the Ameri- 
can Association of State Highway Officials or those of the American Railway 
Engineering Association. It is true that the attitude of the building 
designer has always been more liberal than the attitude of the bridge 
designer. An explanation of this difference of opinion may be found in the 
severe conditions of impact, fatigue, reversal, corrosion and even collision 
to which bridge members are subjected. Design specifications attempt to 
provide for each of these conditions, but their possible individual or com- 
bined severity in bridges as contrasted to their negligible importance in 
building construction justifies a difference in allowable unit stresses. 

Working stresses in rivets seem to have been increased each decade 
since 1900. It appears from tests of structural steel shapes and plates that 
increased working stresses have been justified by improved material of 
higher elastic limit. On the other hand, the driving qualities of rivets 
require a rather low elastic limit so that further improvement of rivet steel 
may not be of great significance. Hence, it may well be that unit rivet 
stresses, particularly for building rivets, have approached an upper limit. 
Another possible reason for this will be found in § 38 where fatigue of riveted 
joints is discussed. 
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18 . Tension Resistance of Rivets. Tension rivets have been used for a 
generation to furnish wind resistance in building construction. During 
this time nearly all bridge design specifications outlawed tension rivets and 
some still do. However, by 1930 two sets of tests had been reported* that 
eliminated most of the argiunent against the use of rivets in tension. These 
tests in reality justified the use of rivets at a tensile working stress fully 
equal to the working stress in single shear since the rivets were shown to 
have an initial tensile stress equal, on the average, to about 90 per cent of 
their elastic limit in tension. Since externally applied tension does not 
increase initial tension until the external force is grc'ater than the initial 
tension force, f no possible harm could come to the rivet from substituting 

a given amount of externally ap- 
plied tension for an equal amount 
of initial tension. 

Combined Tension and Shear, 
It has been suggested in the 
A I SC specifications that rivets 
in tension should not be per- 
mitted their full working values in 
shear or vice versa. This speci- 
fication comes from the fact that 
tension and shear combine into a 
resultant shear or tension on a di- 
agonal plane and this theoretical picture leads to the thought that such a re- 
sultant should be used to limit the value of the rivet. The other point of 
view is that every hot driven rivet has inevitably been resisting tension 
nearly equal to its elastic limit. Therefore, those rivets whi(‘h were tested to 
furnish a basis for the selection of working stresses in shear and bearing 
actually were subjected to and perhaps weakened by such initial tension. 
Hence, any reasonable tension applied externally would simply take the 
place of an equal amount of initial tension and would not weaken the rivet 
further. 

It is difficult to reconcile these opposite points of view and we must 
simply decide between them. As failure is approached, initial tension 
disappears because of rivet distortion. Then the rivet stress is dependent 
upon applied shear and applied tension which do combine into a resultant 
shear and a resultant tension. It is therefore safe to design upon the basis 
of this resultant stress and to allow eqiuil working stresses in tension and 

* C. R. Young and W. B. Dunbar, Permissible Stresses on Rivets in Tension^ Bulletin 
No. 8, University of Toronto School of Engineering Research, 1928. 

W. M. Wilson and W. A. Oliver, Tension Tests of Rivets^ Bulletin No. 210, University 
of Illinois Engineering Experiment Station, 1930. 

t The illustration, Fig. 13, shows how initial tension may be looked upon as produced by a 
compression C in the block. An applied tension T (smaller than C) reduces these compressive 
forces by the value of T so that the final rivet tension is again (C — T) + T = C. 
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shear. If, however, the allowable stress in tension is set at considerably less 
than the allowable stress in shear, it would seem that combined tension 
stress had been allowed for adequately and there would be no need to com- 
bine tension with shear to obtain a resultant stress. 

19. Shear Distribution to Rivets. In a lap joint with 2 rivets, sym- 
metry demands that the load be divided equally between the rivets. 
The division of load will never be uniform, however, when there are more 
than 2 rivets in line. For the triple riveted lap joint of Fig. 14 the end 
rivets must be deformed more than the center rivet became the plate stresses 
between the rivets are not equal. The upper plate between the rivets a and b 


Fig. 14 . Variation of Rivet Deformation. 

has nearly twice the stress of the lower plate and therefore stretches nearly 
twice as much. Similarly, between the rivets b and c, the lower plate has the 
larger stress and the greater deformation. 

The actual theoretical determination of the variation of rivet shears in a 
lap or butt joint has been made upon the assumption that there is no fric- 
tion between the plates. (Sec Table 2.) Actually, of course, this condition 
cannot occur until the plates and rivets have passed their respective yield 
ix)ints, at which time deformations will be so large that all rivets mil be 
deformed more or less equally, as has been shown by tests. Nevertheless, 
there is always the possibility of failure by fatigue which occurs in moving 
structures and even in railroad bridges. Failure by fatigue ordinarily takes 
place without appreciable deformation so that stress inequalities either in 
plates or rivets are not ironed out by plastic deformation before fatigue 
failure occurs. Hence, the data given in Table 2 may be particularly useful 
for the design of moving structures. 

It will be observed from Table 2 that the end rivet for a lap joint of 6 
rivets in a row may be overstressed 100 per cent if a uniform division of 
shear is assumed in design. Fortunately, the percentage increase is much 
less for most joints. Even though we may feel that tests have justified the 
entire neglect of such stress concentrations for structures acting only under 
static loads with relatively few repetitions (less than 2,000,000 in the life of 
the structure), we cannot help but be impressed by the desirability of 
keeping rows of rivets that are in line with the stress as short as 
possible. 
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TABLE 2 


Theoretical Distribution of Loads to Rivets * 
(Spacing between rivet lines = 3 in. Diameter of rivets = % in.) 
Lap Joints 


No . 

Rivets 

Pitch 

Plate 

Thickness 

Ava . Load 
PER Rivet 

Load 
Rivet 1 

Load 
Rivet 2 

Load 
Rivet 3 

Percentage 

Overstress 

3 

1 

2.5 

0.5 

0.33 

0.37 

0.26 


11 


5.0 

0.5 

0.33 

0.39 

0.21 


19 


2.5 

1.0 

0.33 

0.35 

0.30 


5 


5.0 

1.0 

0.33 

0.36 

0.27 


10 

4 

2.5 

0.5 

0.25 

0.33 

0.17 


31 


5.0 

0.5 

0.25 

0.37 

0.13 


47 


2 5 

1.0 

0.25 

0.29 

0.21 


15 


5.0 

1.0 

0.25 

0.32 

0.18 


26 

5 

2.5 

0.5 

0.20 

0.31 

0.14 

0.10 

56 


5.0 

0.5 

0.20 

0.36 

0.11 

0.06 

81 


2.5 

1.0 

0.20 

0.26 

0.17 

0.15 

28 


5.0 

10 

0.20 

0.29 

0.15 

0.11 

48 

6 

2.5 

0.5 

0.167 

0.30 

0.13 

0.07 

83 


5 0 

0.5 

0.167 

0.36 

0.10 

0.04 

116 


2.5 

1 0 

0.167 

0.24 

0.15 

0.11 

44 


5.0 

1.0 

0.167 

0.29 

0.13 

0.08 

71 


Butt Joints 


No . 1 
Rivets j 

Pitch 

Thicknesses 
Plate Straps 

Avo . Load 
PER Rivet 

Load 
Rivet 1 

Load 
Rivet 2 

Load 
Rivet 3 

Percent iGE 
Overstress 

2 

1 

2 5 

0.5 

0.37 

0.25 

0 27 

0.23 


7 


5.0 

0.5 

0.37 

0.25 

0.28 

0.22 


11 


2.5 

0.75 

0.50 

0.25 

0.26 

i 0.24 


5 


5.0 

0.75 

0.50 

0.25 

0.27 

1 0.23 


7 

3 

2.5 

0.75 

0.50 

0.167 

0.21 

0.13 

0.17 

23 


5.0 

0.75 

0.50 

0.167 

0.22 

0.10 

0.18 

34 


2 5 

1.0 

0.50 

0.167 

0.19 

0.13 ! 

0.19 

12 


5 0 


0.50 

0.167 

0.20 

0.10 

0.20 

19 


2 . 5 

! 1.0 

0.75 

0.167 

0.20 

0.14 

0.16 

21 


5.0 

1 1.0 

0.75 

0.167 

0.22 

0.11 

0.16 

33 


Special Features of Design 

20. Assumptions for the Design of Riveted Joints. The action of 
riveted joints from first load to failure has been discussed and many com- 
plications have been mentioned. The design of a riveted joint is a procedure 
that must be performed literally hundreds of times in the design of any 

* A. Hrennikoff, Work of rivets in riveted joints, Transactions, ASCE, 1934, p. 447. 
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major structure. Therefore, it is desirable to simplify this procedure 
although the safety of the structure must not be endangered. 

1. Friction Is Neglected, In other words, joints are designed for the kind of action 
that occurs near failure rather than for elastic conditions. Of course, an adequate factor 
of safety is introduced through the choice of working stresses for shear and bearing on 
rivets. Riveted joints might be designed on the basis of a friction theory but this is never 
done. 

2. Rivets Fill the Holes. The gross section can therefore be used for a structural 
member acting in compression (column) or shear (web of a beam or girder) but holes 
must be deducted to obtain the net section that will resist the pull in a tension member. 

3. All Rivets Are Stressed Equally. Each rivet of a riveted joint (centric load) is 
assumed to resist the same shear. Analysis shows that this cannot be true, even when 
friction does not exist, until after plastic flow above the yield point in rivets and plates 
has equalized the rivet deformations. At failure, test joints seem to have acted in this 
manner (static loading). Nevertheless, good design evidently opposes the use of long 
rows of rivets in line with the plate stress. 

4- Plate Stress Is Distributcfi Uniformly. It is assumed that a plate reduced 25 per 
cent in cross-sectional area by rivet holes will still retain 75 per cent of its full tensile 
strength. This assumption neglects high concentrated stresses around rivet holes that 
are known to exist but which are of minor importance after the average plate stress 
passes the elastic limit. 

d. Fatigue Is Not Considered. As.sumptions (3) and (4) may be summarized by say- 
ing that fatigue failure is not considered to be probable in the standard design of riv- 
eted joints. The most effective method of design of riveted joints for fatigue would 
seem to be to reduce the maximum load on the joint to less than the minimum friction 
value. Allowance should also be made for fatigue failure on the net section through 
the plate. 

6. Rivet Flexure Is Negligible. For ordinary joints the flexure of the rivet caused by 
the fact that plate forces cannot be in direct line is allowed for in the permissible w’orking 
stresses in shear and bearing. E>.traordinary flexure should either be eliminated (iis by 
use of extra rivets through filler plates) or considered in the design. Long rivets are 
increased in number for resistance to flexure (Spec. 30). 

7. Rivets Will Resist Tension. Since tests have shown that rivets act \mder an 
initial tension of about 90 per cent of the elastic limit, tension resistance equal to the 
rivet resistance in single shear seems permissible in design. The tension stress in the 
rivet is not increased beyond its initial tension stress by an externally applied tensile force 
of less than the initial tension. 

S. Reversal Is Serious. Stress reversal tends to break down the frictional resistance 
of a joint and to wear the rivets loose in their holes. The proper design procedure is the 
one recommended for fatigue, that is, reduce the allow'able load well below the friction 
value of the joint. This is often accomplished by designing the joint for the sum of the 
tension and compression forces acting on the member. 

21. Net Section Through Rivet Holes. The design of the rivets for the 
end connection of a tension member usually is made for the net value of the 
member, which is taken as the minimum cross-sectional area (with rivet 
holes deducted) times the allowable working stress in tension. The deduc- 
tion for a rivet hole is a rectangvlar area equal to the thickness of the plate 
times the diameter of the hole, which is taken as }/$ in. greater than the 
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nominal diameter of the rivet; for example, we deduct J^-in. holes for 
^-in. rivets. 

Lim of Failure, The number of holes to be deducted is determined by 
an empirical formula set up to agree with observations and tests on the 
actual mamier of failure of riveted members. It is reasonably evident in 
F'ig. 15 that the joint (a) would fail on a net section through 1 rivet hole 
wliile the joint (6) would fail through 2 rivet holes. (It is assumed that 
the rivets are stronger than the angle.) There is some question whether 
the joint (c) would fail on a net section perpendicular to the member 
through 1 rivet or on a net section as indicated through 2 rivets. If the 
rivet spacing 6* is small, the failure will be along the diagonal section. 
Likewise, in (d) there is a possible choice of paths, either perpendicular to 
the member through 2 rivet holes or along the diagonal line through 3 
rivet holes. 



(oj (b) (c) (d) 

Fir., 15. Net Sec tion of Tension Members. 


22. Formulas for Deduction of Rivet Holes. Formula Based upon Pitch, 
The simplest possible formula was in iLse for many years and is still 
found in some specifications. It is based upon the assumption that failure 
will occur along a diagonal line in (c) or (d) of Fig. 15 if the pitch of the 
rivets is less than 4 in. Expressed as a formula, this linear relationship 
becomes 


(3) 




To apply this formula we draw any line perpendicular to the member and 
deduct the areas of all holes along this line and fractional areas of all holes 
within 4 in. of the line as controlled by the formula. The factor s is usually 
the pitch, but it would be the gage if the lines of rivets were perpendicular 
U) the direction of stress, as is common in tank work. 
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Formula Based upon Pitch and Gage. Another relationship based upon 
an analysis of tests * is as follows: 

(4) -^deduct ~ ^ t.5 a<nd > 0.5^* 


In this formula, s is the rivet spacing in successive lines of rivets and g is 
the gage distance between these adjacent rivet lines. This formula is 
applied somewhat differently than formula (3). That Ls, we deduct the 
first hole cut by a transverse zigzag section and the fractional part of each 
succeeding hole as controlled by equation (4) for the successive values of s/g. 
The calculations must be made in sequence and, therefore, s will only have 
the value of zero when successive holes are on the same transverse section of 
the member. 

Formula Based upon Pitchy Gage and Size of Hole. The most compre- 
hensive empirical formula and the one now used most generally involves 
three variables, the pitch s, the gage g and the diameter of the rivet hole h 
which is taken as in. larger than the nominal size of the rivet, t (Spec. 
19, 106, 171.) 

(5) -^deduct “ “^hole 

This formula is sometimes modified to 


(‘-s) (s<‘) 


( 6 ) 




Again, we are supposed to deduct the full value of the first hole through 
which a zigzag section is drawn across the member and fractional parts of 
succeeding holes as controlled by the formula. Note that the value of s in 
Fig. 15(d) would be used twice, that is for the frac- 
tional deductions of the second and third rivet holes. 

23. Net Section of an Angle. The formulas (4), 

(5), and (6) involve the gage of the angle. In Fig. 

15(c) the gage that controls rivet deduction evidently 
is the gage g 2 along with the pitch or spacing s. The 
same statement applies to deduction for the second 
rivet hole in Fig. 15(d) (starting from the left with a 
deduction of the full value of the first rivet hole on 
the transverse section). However, the third rivet hole 
is in the outstanding leg of the angle. Obviously, 
the spacing back to the transverse section is still s which will now be used 
along with the gage gs (Fig. 16) to obtain the fractional deduction for the 



Fig. 16. Angle 
Gages. 


♦V. H. Cochrane, Engineering News-Record, Nov. 16, 1922 (l.ts — a/g). 

C. R. Young and T. R. Loudon, Bulletins 6 and 9, School of Engineering Research, 
University of Toronto (1.6 — a/g). 

+ D. B. Steinman, Proceedings ASCE, April, 1922 (1 — a^/^gh). 
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third rivet hole. Several points may be repeated: first, the gage and 
the pitch are always measured from the rivet just deducted to the next 
rivet on the assumed line of failure; second, the gage is along the cen- 
ter line of the metal; third, the pitch may be either away from or back 
toward the transverse section; and fourth, the rivets must be treated 
successively like the links of a chain. 

Net Section by AASHO Formula, DPZa, This example illustrates the use of a 
standard formula for rivet hole deduction to determine the rivet spacing consistent with 
a permissible deduction of a certain number of rivet holes. This is a common problem in 
design. As the design of a tension member proceeds, it is necessary to estimate the net 
section that will be furnished by a given angle. Since the rivet details have not been 
made as yet, the designer must use his best judgment as to the proper deduction. Then, 
later, when the rivet details are drawn, it is necessary for the detailer to arrange the rivets 
so that the required deduction will be no greater than the deduction assumed by the 
designer. 

24. Rational Procedure of Rivet Hole Deduction. Tho use of simple 
formulas as given in the previous section seems entirely justified as a prac- 
tical design procedure. They will undoubtedly be retained in standard 
specifications although perhaps in somewhat modified form as new tests 
become available. However, these formulas do not account directly for 
the fact that the line of failure is often a diagonal one that is longer than a 
right section. Indirectly, of course, the fact that less than a full rivet hole 
is deducted for a staggered rivet is an allowance for an increased length of 
the diagonal line of failure. 

Another attack upon the problem of net section and perhaps a more 
rational one is to deduct all holes on any possible line of failure and to credit 
diagonal distances with some reduced length. The factor of 10 per cent 
reduction for diagonal distances w^as introduced into the Specifications for 
Steel Highway Bridges (ASCEy 1924) and the General Specifications for 
Steel Railway Bridges {ASCE-AREA, 1929). If this factor is accepted as 
reasonable, the proper statement of the rule becomes: 

1. Deduct all rivet holes lying on any right section from the true gross area to obtain 
the net area, or 

2. Deduct all rivet holes lying on any zigzag line from the gross area along that 
zigzag line of failure when diagonal distance.*? are reduced 10 per cent. 

It will be evident that a single factor, such as 10 per cent, could not 
rationally be used as the proper deduction for diagonal lengths of all slopes 
and it must therefore be looked upon as an average value. One is not 
impressed with the advantages of increased accuracy of this procedure over 
the use of formula (6) which is more convenient in that diagonal distances 
are not involved. 



DS3 


NET SECTION 


ENG. DEPT. 


L.G. 


DP3a. Arrange the riveting in a 6 X 4 angle for 3 gage lines so that only 2 holes 

for rivets need he deducted. AASHO spec. 

The AASHO formula for rivet hole deduction is 


A^educl — Afi 


Ht*/' 


■O-s)' 


{Spec. 106.) 



g = 2 y 2 "<yriM" {where SH + M = 4H'')- 


Hence; 1 + 




' ' L ' I 4X4HXH. 

or ^{0.114 + 0.067) = 3 -^ = 1; 

he7ice, e = = 3.4". 

For an allowable deduction of 2]/i holeSy 





DP3b. Arrange the riveting for a wide plate in 2 gage lines so that the gross section is 
reduced by only 33% more than by the rivet holes on a single line. Use rivets 
at 3" centers. j " ’ ' nc -3 

The controlling specification reduces the net sec- 

tion by all holes on a zigzag line but pennits use of ^ 

90per cent of the zigzag length. Hh- 


Zigzag length — V s* + 

Holes are 1" diam. for rivets. 


Hencey 0.9Vs^ + gf* - 1.0 ^ {2s - 1.33) ^ 2, 
Fora = 3"; Vo + = 3.33 ^ 0.9; 

g = V 13.7 - 9 = 3.3". 

For a = 3W; ^^.36 + f = 3.83 + OS; 


'9.9 - 6.35 = 1.9". 


if 
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Net Section of a Plate, A problem is solved by use of the rational pro- 

cedure to illustrate how the gage distance between rivet lines in a plate might be deter- 
mined for a given rivet spacing in order that the deduction of rivet holes should not 
exceed a specified allowance (33 per cent in DP‘Sb) . "Fhe use of the rational procedure 
always makes a study of the zigzag length between staggered rivets necessary. This 
length in DPSb can be expressed as -h Then, if either s or <7 is fixed, the value of 
the other can be computed. 

For comparison, the problem DPSb will be solved by iLse of the simple straight-line 
formula 

Adeduct — A hole 

Thus, when s becomes the gage, more commonly designated as g^ we obtain 

1 - - = 0.33, 

4 
or 



This value of 2.66 in. compares conservatively with the value of 2.2 in. obtained by the 
rational procedure. 

25. Tension Member Splices. The function of a tension member 
splice is to replace the net effective area of the member. This is the require- 
ment of all specifications and it results in the fact that the connection 
must develop any excess area put into the member over and above that 
needed to carry the design stress. The reason is economic. If money is 
expended on excess area, it is certainly good judgment from an economic 
point of view to expend the small additional cost of extra rivets to develop 
this excess area which at some time in the life of the structure may prove 
useful. 
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Fia. 17 . Splices of Riveted Tension Members. 


Some details of riveted splices for tension members arc illustrated in 
Fig. 17. A single angle can be spliced by a slightly thicker angle with 
shorter or shortened legs. This detail shown in (a) is the most satisfactory 
type of splice. Each part of the section is in contact with splice material 
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and rivets pass through each part of the section. This cannot be true in (6) 
where plates are attached only to the web of the channel. In (c) and (d) 
the splice rivets pass through each part of the section. Note that the 
splices (a), (c) and (d) have rivets in single shear while the channel splice 
(6) has rivets in double shear. This device of double splice plates can be 
used in other instances to reduce the number of rivets needed. 

Indirect Splices, The top splice plate of Fig. 17(d) is a direct splice for 
the horizontal plate of the tension member but it is an indirect splice for 
any part of the angle area that it may be used to splice. Specifications 
commonly require the use of excess rivets where the splice is indirect (inter- 
mediate plate). The requirement may be an increase of as much as 25 or 
33 per cent in the number of rivets for the effect of each intermediate plate. 

Chord Member Spliced at a Chord Joint, Z>F4. Most specifications warn the 
designer against arranging a chord member splice that involves the use of the gusset 
platens as splice platas. However, it is sometimes desirable to use the gusset plates in 
this manner and there can be no objection raised if the gusset plates are analyzed properly 
as splice platen. The trouble has been that gusset plates were simply chosen for their 
function as gussets and were then called upon to withstand the extra duly of splice plates 
for which they had not been designed. 

In the diisign problem DP4, the angles of the chord are spliced for the value of their 
outstanding legs by the horizontal splice plates. The vertical legs arc simply attached to 
the vertical gusset plates. On a vertical line through the center of the joint between the 
angles to be spliced, the cross-section resisting stress consists of the two 14 X H-in. 
gussets and the 20 X 3 2 -in. horizontal splice plate. These plates, joined together through 
the medium of the chord angles, form a U-section. 8in(;e the pull in the angles to the 
right is eccentric l^y 1.5 in. from the neutral axis of the U-section, there is not only a 
direct stress but also a flexural riwmerd resisted by this section. The fiber stresses are 
computed and a proper design is suggested. 

Although in this design problem a solution is reached, it is not always feasible to 
obtain such a satisfactory design for a joint splice. For instance, in /^P4 the problem 
will be found to be seriously complicated by an e.xtension of the height of the gussets to 
15 in., 10 in., or more, which will increase the eccentricity. A similar effect is obtained 
by the use of thicker gussets or a thinner or narrower splice plate. Naturally, the prob- 
lem will be more difficnilt to solve where the chord angles are thicker. A splice between 
joints is usually the better solution. 

Eccentricity in Riveted Connections 

26. Eccentrically Riveted Connections. The ideal riveted coimection 
for a tension or compression member has the center of gravity of the rivet 
group comprising the connection lined up exactly with the center of gravity 
of the member or with the line of the applied load. This ideal is seldom 
attained and it is not uncommon to find considerable eccentricity even in 
standard connections. For example, the double angle tension member of 
Fig. 18(a) has two lines indicated on the figure, the gage line and the gravity 
axis, which happen to be eccentric by 1% in. The standard beam connec- 



GUSSET-PLATE SPLICE 


ENG. DEPT. L.G. 


jT^t Gusset 


DP4. Arrange a splice for a tension member that consists of four 6 X 4 ^ angles 
forming the lower chord of a highway bridge truss. The splice is at a joint. 
AASHO spec. 

Horizontal Splice Plate: P — C-l 

Area of angles with two I 

i" holes deducted from W ft 

i. i.. 

Value = ISjOOO X IS = ^ -1 

270,000§. {Spec. 99.) 

Value of 4” legs = 270 y~ r j y-j 

000 X 0.4 108,000§. T J I 

Area of splice pi. = *r7l 1 TT 

PL 20” X gives Section 

net. 

Value of field rivet in single shear = 0.6 X 11,000 = 6600^. 

108,000 

^ ~ 16.4 rivets. Use 18 rivets. 

ooUO 

Rivets Through the Gusset Plate: 

Value of a y%” rivet in bearing on a pi. = 22,S00 X 0.37 X 0.87 = 7^00#. 

0.6 X 270 000 

Number of rivets to splice vert, legs; n = — = 22 rivets. 

' 7400 

Stresses Due to Gusset Flexure: 


Section 


Height to N. A. of gusset^splice pi. section = • 
Moment = 270,000 X 1.50 ^ 405,000”#. 
Moment of Inertia = 20.0 X X 3.75^ -f 2 


2X 14X 0.37 X 7.25 
2 X 14 X 0.37 20 X 0.5 


f^xlxi4‘ + lxHxs.s 
= 141 + m + m = 442. 


Fiber stress {increased 25% for net section) 


= 1.25 ^ 

20 . 

L 20 


000 405,000 X 4 

15 442 


-j = 16,400 + 4600 = 2l,000§/a" T; 
W.5~\ 

— = 16,400 - 12,000 = 4400§/a" T. 


, 270,000 406,000 X 10.6 

“ 4^ J “ ~ = UOOf/a" T. 

Redesign: In order to reduce the tension fiber stress from 21,000 to less than 
18,000 #/q”, the splice plate will be increased to %” in thickness. Then the 
P/A term will reduce to 14,600 and the Me/ 1 term will reduce also. It is evident 
that the design will then be adequate and a recalculation of fiber stress is not 
considered necessary. 
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tion shown in Fig. 18(5) has an eccentricity of in. which produces a 
large moment to be resisted by the two rivets. With this eccentricity, the 
value of this riveted connection is relatively small, but its resistance need 
not be very great since it is only used for 6-in. and 7-in. beams. For deeper 
beams with rivets in a vertical line, the eccentricity is reduced. 



(o) Tension Angles (b) Beam Connection 


Fig. 18. Eccentricity in Standard Connections. 

Some connections are actually designed for moment resistance. The 
tie-rod connection of Fig. 19(«) is intended to intersect with the center line 
of the post at the base plate. The force does not pass through the center 
of the rivet group and, therefore, it produces both a direct shear and a 
twisting moment to be resisted by the rivets. The side bracket shown on 
the column in (6) acts in about the same manner as the connection (a), but 



(o) Tie-Rod (b)Side Bracket (c) Moment Resistant 

Connection on Column FioonBeam Connection 

Fig. 19. Connections Designed for Moment Resistance. 

the eccentricity is greater and two rows of rivets are desirable for this 
reason. The heavy end connection shown in (c) is for a floor beam of a low- 
truss bridge where lateral stability is dependent upon a moment resistant 
connection from the floor beam to the vertical post. The connection is 
designed to resist both the end shear of the beam and a moment caused by 
a lateral wind force. 

27. Analysis of Eccentric Riveted Connections. The extent of the 
printed matter on the analysis of eccentric riveted connections would lead 
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one to believe that the subject is very complex. Actually, it is rather 
simple. The theory in one of its special applications may be compared to 
the formula for the fiber stress on any section carrying a normal load P 
eccentric from the center of gravity of the cross-section by the distance e. 


(7) 


/ = 



/ 


Rivets in a Single Line, The revised formula for a line of rivets (n rivets 
at distances y from the center of gravity of the group, c being the maximum 
value of y) becomes 


( 8 ) 




P ^ 


In this formula, S» is the maximum shear per rivet. The use of this equa- 
tion assumes that the direct shear on the most highly stressed rivet and the 
shear caused by the moment of eccentricity arc in line, as in Fig. 18(6). 
In case they are 90 degrees apart, as in f'ig. 18(o), the expression for the 
maximum shear per rivet becomes 



The direction of the shear represented by the term P/n may be oblique 
to the direction of the shear represented by the term Pec/^y^ as in Fig. 

19(a) and Fig. 20. Here, the term 
P/n represents a shear acting in 
line with the load while the term 
Pec/Tty^ represents a horizontal 
shear caused by the moment of 
eccentricity. The design shear 
for the most highly stressed 
rivet (the lower one of the group 
in Fig. 20) is the resultant of 
these two shears, and it may be 
obtained graphically as illustrated. The same general pmeedure may be 
followed irrespective of the directions of the two components of shear. 

Eccentricity in Angle Connections, DPH. Where two lines of rivets are used in 
a 5-in. or 6-in. angle leg, there is always coasiderable eccentricity. This eccentricity for 
the example DP5 is 1 in. The resultant moment produces a cross shear perpendicular 
to the direct shear on the rivets. The result obtained by equation (9) is shown to be an 
increased rivet stress that will be resisted adequately by the addition of an extra rivet 
to the 12 required for direct load. It is significant that this increase is rather nomi- 
nal, because it is not common to consider the moment of eccentricity in practical 
design. However, the moment of eccentricity will prove more serious for a short connec- 
tion. The careful designer will add a rivet even though he may not complete a check 
analysis as in DP5. It is to be noted that the moment of eccentricity stresses the angles 
(in flexure) as well as the rivets. 



Fig. 20. Resultant Rivet Shear. 
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Z>P5. Deidgn the connection for tujo 6 X 4 X angles attached hack to back to a 
plate. Take account of eccentricity in the connection. AASHO spec. 


Standard Design Procedure: 

Holes to deduct (1'^ holes) = i + 




Net area of 2 angles — 2^4.76 — 1.6 X 1 X H) = 7. On". 

Value of angles = 7.0 X IS/XX) = 142,000#. 

Value of Is' ^ivct for hearing on plate; 0.875 X 0.5 X 27,000 — 11,800#, 
Number of rivets {neglecting eccentricity) = 142,000 -J- 11,800 = 12. 


2 { 

2i 





Allowance for Eccentricity: 

Moment of eccentricity = 142,000 X 1.5 = 218,000"#. 

1 of rivet group = 2 [H + 3^ + /P + 7^ + 9^ -{- IP] = 572. 
213,000 X 11 

Flexural shear = = 4100# /rivet. 

572 

Resultant rivet shear — 41 OCP -1- 11,80CP = 12, 500# /rivet. 

Try a connection with 1 extra rivet, 13 in all. 

1 = 2 [2^ + .V + (F 8^ + 1(P -V 1‘2^] = 728. 


Resultant rivet shear 


Ir 2 i 3 , 0 fx) X i2y r 142,0001^ 

\L T’S J ^ L 13 J 


1 1 ,500# /rivet. 


Design: Use IS rivets in place of the 12 shown in the illustration. Actually this allow- 
ance for eccentricity is seldom made in design although it is fully justified. It will be 
more serious in connections with fewer rivets. 
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28. Torsion Formula for Rivet Groups. The flexure formula applies 
only to rivets in a single line or for two or more lines that are close enough 
together so that the length of the group is several limes the width. Actually, 
the action of a rivet group in resisting the moment of an eccentric load is 
comparable to the action of a shaft in resisting a torque moment. If it k 
assumed that the rivets are forced by the plate to deform so that rivet 
shears are proportional to radii from the center of rotation, the most impor- 
tant requirement of the torsion formula is met. Hence, we may write 

Tr 

(10) s$ — —j , 


or, by substitution of for J and Pe for T, we obtain 

^ ^ ^ 

+ ?/2) -h S?/ 


The factors x and y are the coordinates of the rivets measured from the 
center of gravity of the rivet group from which point the radii (r) also are 
measured.* Sa is the shear per rivet. 

* It hardly seems necessary to derive equation (11) from basic principl(‘S since it amounts 
merely to a rederivation of the torsion formula. Howev'er, this relationship may be derived 
quite simply. 

Let the rivet shear at unit distance from the c. g. bo zo. 

Then the rivet shear at a radius r from the c. g. is rzo. 

The moment of this rivet shear about the c. g. becomes r^zo. 

The total moment resistance of the entire rivet group is 

Xrho — 2(^2 -b y^)zQ = zn -f 2i/“). 

Hence, we may equate this resisting moment to the moment of eccentricity 
Pe = zo -b 


The stress on any rivet at a radius r from the c. g. becomes 

Pev 

(11) S. = 

When the rivets are in a single vertical line, Zx* = 0, r = j/ and equation (11) becomes 

Pey 


Sa = 


22/2 


Hence, for the shear on any rivet in a group where the direct shear P/ n is in line with 
the shear caused by rotation, we may write 

W 22/2 

The maximum shear becomes 


( 8 ) 




This equation is identical with equation (8) obtained as a revision of the formula for 
fiber stress in an eccentrically loaded column. 

The reader should familiarize himself with the details of this simpler derivation so 
thoroughly that in future studies he can revise the beam flexure formula or the torsion formula 
without a complete rederivation and with full assurance that his revision is applicable to the 
case in hand. 
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An analysis of the side bracket connection of Fig. 19(6) is indicated in 
Fig. 21. There is a vertical shear on each rivet equal to P/n and the rivet a 
(upper right-hand rivet) also resists a shear acting downward and to the 
right caused by rotation about the center of gravity of the rivet group. 
The resultant shear is obtained graphically as the vector R. The other rivet 
shears may be found likewise. 



Assumptions. There were several assumptions involved in the theory 
presented in this section for the analysis of riveted connections acting 
under eccentric loading. It will be well to review them here in order that 
the methods presented shall not be extended beyond their legitimate fields 
of use. 

1. The direct load produces an equal shear P/n on each rivet. This assumption is 
open to the same criticism that was discussed in § 19. The end rivets of rivet lines such 
as the one shown in Fig. 18(a) (even without eccentricity) are more heavily stressed than 
the inside rivets because of stretch in the metal between the rivets. On the other hand, 
the center rivets of the floor-beam connection of Fig. 19(c) (but acting under vertical 
shear alone) are probably more heavily stressed than the end rivets tis would be indicated 
by the beam shear formula, Sa — VQ/L The assumption of uniform distribution seems, 
however, to be fulfilled before final failure takes place. 

2. The rotation about the center of gravity of the rivet group produces a shear on 
each rivet proportional to its radius from the c.g. and normal to that radius. This 
involves the assumption that the plates are so heavy and stiff that all deformation is 
thrown into the rivets. This will not be true for thin plates, split plates, long narrow plates, 
or plates of irregular shapes as, for example, where a large reentrant corner exists. 

3. Long rivet lines resisting moment may be treated by a simplification based upon 
the flexure formula. (See DP5.) lliis assumes that the term in the expression for polar 
moment of inertia + Xy^ is negligible. Hence, the polar moment of inertia becomes 
the same as the ordinary moment of inertia. Xy\ and the radius to the farthest rivet 
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becomes the extreme fiber distance y or c. This procedure is proper for a single line of 
rivets, but it is an approximation for two or more parallel lines. 

4. Friction is neglected. As in other riveted joints it seems best to base our study 
upon the resistance of the rivets after failure of elastic action. Actually, initial tension 
produces a friction force that resists all plate slip under normal working conditions. For 
reversed loading it is desirable to reduce stresses so that friction will always be effective. 


29. Instantaneous Center of Rotation. A convenient picture of the 
resultant shear on any rivet is presented in Fig. 22 by reference to an instan- 
taneous center of rotation.* If the 
final resultant shear on the upper right- 
hand rivet is plotted as the vector R, 
a radius Vi to this rivet may be drawn 
perpendicular to this vector. This 
radius crosses the x-x axis (drawn 
through the center of gravity of the 
rivet group) at the center of rotation 
for the load shown in Fig. 22. If the 
load P had been acting horizontally, 
the instantaneous center of rotation 
would have been located at the inter- 
section of the radius r,- with the verti- 
cal gravity axis y-y. The gravity axis 
to be used for a diagonal load is per- 
pendicular to the load because the direction of shear for a rivet on this axis 
(equations (8) and (11)) is parallel to the load. Any rivet that happens 
to lie on this gravity axis will have a resultant stress perpendicular to 
the axis. Thus the gravity axis chovsen is in reality a second radius, and 
the instantaneous center of rotation naturally lies at the intersection of any 
two known radii. 

Once the instantaneous center of rotation has been located, each result- 
ant rivet shear is known to be proportional to its radius from the center as, 
for example, R' in Fig. 22 is proportional to the value of its radius r. Thus 
the location of the center of rotation has a unique pictorial value. It is 
possible to locate the instantaneous center of rotation by direct analysisf 

* The word “ instantaneous ” refers to the fact that the center of rotation shown in Fig. 22 
applies only for the load in the position shown. A change in position or direction of the load 
would change the center of rotation. 

t An imaginary rivet located on a vertical line through i in Fig. 22 would have a horizontal 
resultant shear. Its vertical downward shear P/n must be equalized by the upward vertical 
component of its shear caused by the eccentric moment Pe. Hence, we may write 



P'lO. 22. I NST.\NTANEOUS CENTER OF 
Rotation. 


( 12 ) 

or, 


P Pexi 

n “ ' 

^ _ 2** + Si/* 

Xi • 


en 


{CorUinved on next page.) 
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and to make its location serve to evaluate the resultant shears on all rivets 
(graphically) but its main service is as indicated above. Evidently, another 
use is to locate the rivet of greatest stress which is the one farthest away from 
the instantaneous center of rotation. 

30. Design of Rivet Lines to Resist Moment. The use of equatioas 
such as (8) and (9) which involve the term are convenient for the analy- 
sis but not for the design of a riveted joint for moment resistance. If we 
consider a line of rivets (n — l)s in lenglli (n in number at spacing s) as 
comparable to a long narrow rectangular cross-section ns in length, as 
indicated in Fig. 23, the total force resisted by the upper rivet, Sa, can be 
obtained approximately as the upper fiber stress of the rectangular section 
times the rivet spacing. For a section modulus of (nsy/Gf this expression 
becomes 


(M) 


(SMs 6A/ 
(7is)“ nh 


This iMjiKition may he solved for the number of rivets n which gives the relation 


(15) 



The use of equation (15) is convenient as a design procedure. First, a 
choice of rivet spacing s is made to agree with standard rivet spacing for 
other parts of the structure. Then, the moment M is computed and is 
taken as the limiting shear on the rivet. The computed value of n is the 
number of rivets (not t he number of rivet spaces) needed on the line. 

If precision is desired, the fiber stress at the level of the rivet could 
have been used in place of the extreme fiber stress in Fig. 23. This correc- 
tion results in the factor {n — l)/n entering under the radical of equation 
(15), but, for more than 5 or 6 rivets in a line, this correction factor is 


This rt'hitionship offers a, direct method of locating the distance from the center of gravity to 
the center of rotation measured along the gravity axis perpendicular to the load. After the 
center of rotation has been located, each rivet shear can be computt*d by use of a revision of 
equation (11), as follows. 


(13) 




Peri 


:!:x^ + 21 /=* 


In this <‘(iuation, ri is the radius from the instantaneous center of rotation to any rivet, Pc is 
the moment of the load about the center of gravity of the rivet group, and -f is the 
polar moment of inertia (./) of the rivets about the center of gravity of the* riv(‘t group. This 
formula would seem self-evident if we substituted Pie Xi) for Pe and used in the denomi- 
nator the polar moment of inertia of the rivets about the point i to give the equation 

V == -b Xi)ri . 

' ’ (2x2 + + nix,y 

But a substitution of the value of Xi from equation (12) will show that this expression is the 
same as the simpler equation (13) above. 
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very nearly unity and its omission is on the side of safety. The precise 
formula is given in Shedd’s Structural Design in Steel, 1934 edition. 


(16) 





- 0 - 
- 0 - ^ 


T 

-i- 





r-f 


A/ A 


(a) (b) 

Kifj. 23. Design fok Moment Resistance. 


31. Design to Resist Moment and Direct Shear. 


shear {perpendicular to the rivet line 



Fig. 24. Direct Addition of Rivet 
Shears. 


If there is a direct 
in addition to the moment of eccentric- 
ity (Fig. 24), we may apply equation 
(15) directly to the design by reduc- 
ing the limiting value aS, of the nvet 
by some estimated value of the 
average direct shear P/n. Of course, 
this usually involves an initial guess 
and a succeeding revision. Where 
the load is parallel to the rivet line, 
the shear P/n is at 90 degrees to the 
shear caused by flexure. The two 
combine into a resultant, but the 
effect of P/n is less serious. Its effect 
must be estimated and later re- 
checked, a process that becomes more 
tedious whenever the load is oblique 
to the line of rivets. However, since 
the number of rivets must be in- 


creased or decreased by the value of one full rivet^ a solution can always 
be reached without great difficulty. 
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Design of Heavy Column Bracket, I>P6. The rivets are shown arranged in 4 
lines, the outside rows spaced 12 in. apart. This group of rivets will possess considerable 
moment of inertia about each axis or, in other words, its polar moment of inertia will be 
considerably greater than the moment of inertia about its horizontal axis. As an initial 
estimate, the use of equation (15) will aid us in obtaining the approximate number of 
rivets needed in each line. 

The important point to consider in applying equation (15) to any such problem is the 
estimated value of For a single row of rivets resisting pure flexure, N, is the value of 
one rivet. In case there is a direct load as well, Ss must be reduced to compensate for 
this effect. On the other hand, the value of should be iucreased in order to allow for 
the moment of inertia about the second principal axis. '^Fhese two influences tend to 
can(!el each other. Therefore, in the example DPfl, S, is estimated as the actual value of 
the rivet. The check analysis shows that the resultant rivet stress is almost exactly the 
allowable shear. Hence, our guess at the proper value of S, to use in equation (15) was 
a good one. 

I mlantaneous Center of Rotation. The center of rotation is located graphically on the 
design sheet DSG. We may obtain the distance Xi from the center of gravity to the cen- 
ter of rotation by use of equation (12). 


4- wz/2 9900 
Tit ~ 20.;i X 88 


5.5 in. 


Then, by geometry 

r; = VlT.b + 15* = 18.9 in. 


The maximum rivet shear can be computed by equation (13) 




Pen 


+ Zi/ 


165,000 X 20.3 X 18.9 
9900 


6400 lb. 


This value checks with the rivet shear of 6150 lb. obtained graphically. 


32. Moment Resistance with Tension Rivets. Beam coiMiections and 
brackets attached to the face of a column offer moment resistance because 
of the tension values of the rivets. A typical example is the l:>eam-to- 
column connection by use of clip angles for the full depth of the web as shown 
in Fig. 25. There is a difference of opinion among designers as to which of 
the two following methods of analysis should be used. 

1. Assume that initial rivet tension is never exceeded so that the flexural 
moment merely releases some of the bearing pressure under the tops of the 
clip angles (Fig. 25, Case 1) and increases the bearing pressure under the 
lower ends of the clip angles. The neutral axis for flexure is at the mid- 
height as shown in Fig. 25. This assumption implies elastic action and is 
not in agreement with the assumed action of either direct connections or 
eccentric connections as explained in § 20 and § 28. Upon this assiunption, 
however, we already have developed all of the theory needed for the 
analysis and design of these connections. They may be analyzed by the 
use of equation (14) and designed by the use of equation (15) or equation 



DS6 


HEAVY SIDE BRACKET 


ENG. DEPT. L.G. 


DPS. Design a heavy riveted bracket connection to the faces of a t/t'KlGWF287 column 
to resist a girder reaction of Wok. as shown. Use 4 Hfies of rivets in each face oj 
the column. A I SC spec. 


Standard Design Method: 

Value of a rivet in single 
shear = 15^000 X 0.44 = 
66001 

Approx, number of rivets per 
row cxin be estimated by use of 
equation {16). In making Ih is 
estimate j should be de- 

creased to allow for direct shear 
and increased because the rivet 
lines are spread laterally. 
Hence, it will be used as 6600. 



n 


__ j 6{16o,000 X 20.S)/8 

^S,s 66a) X 8 


1 1 .2; try 1 1 rivets per row. 


Check Analysis: 

Polar moment of inertia = St/* + 

16\3^ -\-6‘^ + .92 A- 1^ + 16^] H- 44[8‘^ + 6 * 2 ] = 7920 + 1980 = 99a). 

Vertical rivet shear ~ P/n — >6^ _ 

88 



Graphical Determination of Resultant Rivet Shear: 

Value of resultant shear = 6460§ per rivet. 

The estimate of 11 rivets per row for 8 rows was .satisfactory. 

The instantaneous center of rotation can be located at i as indicated. 


DESIGN SHEET 6 
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(16). The value of S, is the tension value of the rivet in pounds, frequently 
taken as equal to its value in single shear. 

2. Neglect consideration of initial rivet tension and assume that the 
neutral axis is at the center of gravity of the effective cross-section which 
consists of the circular rivet areas above the neutral axis and the rectangular 
bearing area of clip angles against the column face below the neutral axis. 


4 - 

4 “ 

4 - 

4 - 

4 - 

4 

4 - 


Fig. 25. Moment Resistant Connection. 

This procedure agrees with the method of analyzing direct riveted connec- 
tions and eccentric riveted connections as discussed in § 20 and § 28. It 
is therefore a consistent procedure and is recommended by the author. 

The method of analysis for such a connection is reasonably direct. 
The neutral axis will lie somewhere near of the length of the clip angles 
above their lower ends. It may be taken at this position and the statical 
moment of the rivet areas above this line can be compared with the 
statical moment of the bearing area below. An adjustment in the neutral 
axis should then be made to obtain an approximate balance of these statical 
moments. An exact location is not needed; an adjustment to the nearest 
half inch is common. Then the moment of inertia is determined and the 
tension stress in the upper rivets is computed from the flexure formula. 
Since actual cross-sectional areas of rivets have been used, the stress will be 
obtained in pounds per square inch. 




Seat-Angle Connection, DP7. The design of this seat angle or unstiffened bracket 
involves the design of the angle leg for flexure and the design of the rivets for tension and 
shear. A triangular bearing pressure is assumed on the outstanding leg to account for 
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the fact that this leg deflects downward and therefore resists less bearing at the toe than 
at the heel of the angle. The length and thickness of the leg are then selected to keep the 
flexural fiber stress under 20,000 lb. per sq. in. at the net section of the vertical leg. 

The neutral axis for flexure is assumed to be % in. above the bottom of the angle. 
A comparison of statical moments of rivet areas (circular areas) above the axis with 
bearing area (rectangular area) below the axis shows a statical moment of 3.1 against 
one of 2.9, a satisfactory balance for locating the neutral axis. Then, the moment of 
inertia is determined for this effective section and the rivet tension is computed by an 
application of the Me/ 1 formula. The rivet tension of 4800 lb. per sq. in. is very low and 
the vertical shear of 5700 lb. per sq. in. is not critical. However, fewer rivets would not 
ordinarily be used because of the danger of loosening the seat angle in shipment. 

Combined Stress in Rivets. If this bracket (DPI) is to be designed strictly in accord- 
ance with A I SC specifications, we should compute a maximum rivet stress by combin- 
ing shear and tension. Thus by equation (19) from § 152 we obtain these results. 


Max. St 
Max. Sn 


/ A2 //48OOV 

~ j -4- .Sh* = ^ V ^ ^ ” 6200 lb. per sq. in. for shear, 

.s 4800 

- -|- max. St — h 6200 = 8600 lb. per sq. in. for tension. 

2 2 


Here, s is the axial rivet stress and is the average unit shearing stress. The maximum 
unit stress s„ and the maximum unit shear St occur on sloping planes. 



Courtesy Eng. Newe^Record 

Fig. 26. Beam and Girder Framing. 


33. Design of Tension Rivets for Moment Resistant Connections. The 

problem of design is complicated here by the fact that the widths of clip 
angle legs are almost unlimited. A convenient procedure will be obtained 
by use of standard clip angles with the rivets spaced either at 3 in. as in 
standard beam connections or at the minimum spacing of 3 diameters. 
First, however, it seems desirable to develop a general expression for section 
modulus of the discontinuous cross-section by representing each clip angle 
and its line of rivets as equivalent to the inverted T-section of Fig. 27. The 




RIVETED SEAT ANGLE ENG. DEPT. L.G. 


DP7, Design a seat angle for a column to support an 5" I-beam with an end reaction 
of lOflOOf. The angle legs are 6" and AISC spec. 

Flexure of Vertical Angle Leg at Net Section on Upper Rivet Line: 

Assume thickness of angle leg lohe%'\ 

Assume triangular variation of bearing pressure. 

M = lOyOOO X {1.6 - 0.375) = 11,260"§. 

^ fV 0.76^ X 30,000 

Set gross length at 8'* to allow for 2 rivet holes on the net section. 


Column Flan ge 




e’Srfi 0-8" 

Shear and Tension in Rivets: (assume 4 rivets, " diam.) 

Ss == 10,000 -h (4 X 0.44) = 5700§ln". 

Guess location of N. A. at above bottom. (This approaches of depth) 
Slat. mom. of comp, area = 8.0 X 0.87 X 0.44 — 3.1. 

Stat. mom. of rivet areals — 3 X 0.44(0.37 + 3.87) = 3.9. 

This balance of statical moments is satisfactory for locating the N. A. 


Moment of inertia ^ 3 X 0.44(0.37^ + 3.87^) + - X 8.0 X 0.87^ == 9.1. 
10,000 X 1.5 X 3.87 

Rivet tension = 4500 §/ □ . 

Remarks: Two rivets would have been adequate for stress, but a connection with 
rivets is likely to be loosened in shipment. Four rivets are common in seat angles. 


DESIGN SHEET 7 
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breadth b may be taken as the bearing width of the clip angle. The breadth 
a is such that the area for a length equal to the rivet spacing will be the same 
as the cross-sectional area of a rivet. 




Fi(}. *J7. Action ok a Bkam ('onnkction. 


Formula for Modulus, For a zero statical moment ai)out the neutral 
axis of the T-section, we may write 


ac^ 6(rc)“ 


or 

(17) r 

Then the section modulus will be 




/ ac^ f>(rr)’ 


S = - = — + = -r (a -I- 1^). 

c dc «3c t3 


Substitute t for r* to obtain 
0 

(18) 


c d 


But, = c + rc = c(l -f r), or c = h/(l + r). 

Hence, by substitution for c we get 

/ _ ah^ 
c “ 3(1 + r) ■ 


( 19 ) 
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Design Procedure, In design we determine the required section modulus 
as the flexural moment per rivet line divided by the allowable unit tensile 
stress for rivets. Then we choose a size of rivet d and a rivet spacing s. 
These values control the factor a which is wd^/As and the ratio r which Ls 
Va/6. The width in bearing b is the width of one angle leg. Equation (19) 
can then be solved for the value of h which is the height of the clip angles. 

/3*S(1 + r) 

(20) h - 

V a 

value of h can be expressed as ns to give the required numl^er of rivets. 

/3S(1 + r) 

(21) n = 

Standard Beam Connections, Equation (21) will be applied to the 
“ standard ” and heavy standard ” beam-connection angles for which the 
following data apply : 


(1) Standard Connection: d - % in., = 3 in., b = 3.5 in. 


(21a) 

(215) 


_ ^ ^ X 0.75 2 

As ~ 12 


0.1.5, 


/a _ f(U5 
^ ~ \ b ~ \ 

Is X V2hS 
\ 0.15 X 9 

For Js-in. rivets, n = 


= 0 . 21 , 

i.fri \4r! 

1.44 \/5 


(2) Heavy Standard Connection: d = Jsin.,s ^ S in., b - 4 in. 


(21c) 


^ _ TT X 0.87» 
4s ~ 12 


0 . 20 , 



n = 




3 X 1.22^ 
0.20 X 9 


lAsV^, 


Effective Bearing Width of Connection Angles, It is seen from cases (1) 
and (^) above that the change of 6 from 4.0 to 3.5 in. changed the coefficient 
of ^S only from 1.43 to 1.44. A further reduction of h to 2.0 in. increases 
the coefficient only to 1.48. This fact rather effectively answers any criti- 
cism directed toward our lack of knowledge of the effective width of bear^ 
ing. The width of the angle leg or any desired distance such as three or 
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four times the rivet diameter may be used for b with assurance that the 
influence upon the design will be negligible. 

34. Simplified Relations for Design with Tension Rivets. The relation 
expressed by equation (21) can be simplified without introducing serious 
approximations. Where the width of angle leg b and the spacing of rivets s 
are equal to 4.0 times the rivet diameter, the value of r is 0.22. Its 
common range is from 0.20 to 0.25. We may therefore introduce its value 
as 0.25 in equation (21) and obtain a conservative value of n. It will also 
be more convenient to replace the factor a with its value of Thus 

we obtain 


n 



or 

( 22 ) 



For the usual case where the rivets are spaced 3 in. apart, we may substitute this value 
for s and introduce appropriate rivet sizes to obtain 

(22a) n = 2.0 \//S (5^-in. rivets), 

(226) n = 1.7 Vs (J^-in. rivets), 

(22c) n = 1.45\/iS> (J^-in. rivets), 

(22d) n = 1.3 Vs (1-in. rivets). 

For the closest permissible spacing of rivets (3 diameters) we obtain 


(22e) n = 2.6 Vs 

(22/) n = 2.0 V^ 

(22ff) n = 1.55 Vs 

{225) n = 1.3 Vs 



(p) Initial Rivet Tension Exceeded 


Fia. 28 . Assumptions as to the 


(5^-in. rivets), 
(J^-in. rivets), 
(%-in. rivets), 
(1-in. rivets). 



Action op Connection Angles. 


In all of these equations S represents the required section modulus obtained 
by dividing the flexural moment per rivet line in inch pounds by the allow- 
able tension stress on a rivet in pounds per square inch. 
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Design of a Moment Resistant Connection to a Beam Web, Z)P8a. This 
connection is essentially the standard end connection for a rolled beam. Its moment 
resistance is in no sense equal to that of the beam, but it is of importance in several 
usages as, for example, to form a moment resistant joint between a floor beam and a 
vertical post of a low-truss highway bridge. Use is made of equation (22c) which applies 
to standard beam connections (J^-in. rivets at 3-in. spacing). It should be noted that no 
attempt is made in this problem to combine tension and shearing unit stresses for the 
tension rivets. Since the working stress in tension is reduced to only one half of the single 
shear value, and the rivets are but lightly stressed in shear, this seems unnecessary. 
However, as a matter of interest, the combined stresses would be as follows. 


Max. s, = + 8.* = ^^^y + 7750* = 8600 lb. per sq. in. 

s T500 

Max. Sn = 1 + niax. st = — h 8600 == 12,350 lb. per sq. in. 

^ dU 

These stresses are considerably under the allowable shear and tension values permitted by 
Also specifications. 


Design of Tees and Connection Angles 

35. Design of Connection Angles with Tension Rivets. Contrasting 
assumptions regarding the structural action of connection angles are illus- 
trated by Fig. 28. These assumptions form the bases of common design 
methods. In (a) the rivets are 
assumed to have elongated due 
to tension stress above the yield 
point, and the outstanding legs 
of the angles curve in simple 
flexure. In (5) the angle legs are 
held flat against the column by 
the initial tension in the rivets, 
and each outstanding leg bends 
into a reversed curve. The split- 
beam connection in Fig. 29 is 
shown undergoing double flex- 
lU’e comparable to Fig. 28(5). 

The analysis of these two types 
of flexure is indicated in Fig. 30. 

Simple Cantilever Flexure. 

In (a) of Fig. 30 the outstand- 
ing angle leg acts as a simple 
cantilever; the pull on the rivet 
is the total applied tension 
load P on a length of angle 

equal to the spacing or pitch of Fig. 29. Split-Beam Connection. 
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DP8a. Design a clip-angle connection to the face of a column for a 24WF94 heam to 
develop a moment resistance of 30^000'§ ami an end reaction of 66^000§. Use 
Also spec, except reduce direct rivet tension to one half of single shear value 
for local code requirement. 

Tension Rivet Connection to Column Face: For a standard rivet spacing of 
3" and for rivets, ive may use equation {22c) to determine n. 

30 000 'X. 12 

Sect, mod., S = — = 24 (per rivet line). 

2 X 7500 ^ 

n = 145\/u = 7./ nvels. 

Use a standard A7 cannection {7 — y%' rivets (fl) 3" spacing). 

65,000 

Rivet shear — = 7750jflo”. 

14 X 0.6 

Check on Rivets through Beam Web: 


Value of a rivet in bearing on web — 0.87 X 0.52 X 4^^000 — 18,l()Olf. 
I of rivet group = 2 { 3 ^ -h ^ + 0-) = 252 . 


„ , . . \765,000\ / 360,000 X 9\ 

Resultant nvet shear =* \/i I + ( i 

\\ 7 / V 252 ) 

This is salisfacUtry for double shear. 


DP8b, Design the cx)nnection angles {assumed as thick) . 

Double Flexure of Angle Leg: 

Pull on upper rivet == 7500 X 0.6 = 4^500 §. 

Length of angle resisting this pull = 

X . g - t 2-0.5 

Letter arm of tension rivet = = — 0.75. 

2 2 

Bending moment on one angle leg = 4^^00 X 0.75 = 
3400"§. 

Thickness of angle leg, t — \/ 6M /bf. 




6 X 3400 


- 0.57''; use angles. 


112 X 20,000 
Extra rivet stress {equation 27) in tension; 


= 1 5, 900 f /rivet. 



3 /1.44\ 

^ ^ 4\ — ~ ^ 4 \~5”y ~ ^ increase. 

Remarks: A satisfactory solution would be to increase the tension rivets to 1" diameter, 
a 31% increase in area. Note that no allowance was made for the weakening of the 
angle leg by holes. It is assumed that the rivet head clamps down on the plate with 
sufficient force to replace this loss. The use of net width would be conservalively 
correct. 
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the rivets. The bending moment to be resisted by the angle leg is 

(23) M = P(^ - 0. 

The moment represented by this expression, where g is the gage and t is the 
thickness of the angle, must be resisted by a length of angle leg equal to the 
rivet spacing. 

Double Cantilever Flexure. The moment to be resisted by the angle in 
Fig. 30(6) is computed as the bending moment of a double cantilever. 
There is a point of contraflexure midway between the rivet and the face of 
the angle. This bending moment is 

(24) M = p(^~^y 

This is but one half of the moment that had to be resisted by simple 
cantilever action as expressed by equation (23). It has been assumed that 



any angle change at the heel of the angle in Fig. 30(6) will be balanced by 
an equal angle (change at the outer rivet and that the point of contraflexure 
will therefore be as indicated by Fig. 30(6). For safety, some shift in the 
point of contraflexure should be assumed; and, therefore, equation (25) is 
recommended for reasonably conservative design of clip angles and split- 
beam connections. 

(25) M = 0.6P(^- t). 

Increase of Rivet Stress. The 50 per cent reduction of moment shown 
in equation (24) or the 40 per cent reduction in equation (25) is obtained 
at the expense of an increased rivet stress. The tension pull in the rivet is 
increased from P to (P + C) where C is the compression under the out- 
standing toe of the angle required to fix the far end of the double cantilever 
leg. We will call the distahee from the tension rivet to the toe of the angle 
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leg q. Then, upon the assumption of triangular variation of toe pressure C, 
the arm of the couple formed by the two forces C (Fig. 30(6)) is 34q- Hence, 
we may equate the expression C0iq) and the moment expressed by equa- 
tion (24). 


or 

(26) 



The tension pull on the rivet becomes 


(27) 


T = p + c = r 1+^ • 


This is the tensile force for which the rivet in Fig. 30(/;) should lie designed. 


36. Choice of a Design Method. For consistency with design methods 
used for other types of riveted joints, where initial rivet tension is always 
neglected, we would design connection angles and split-beam connections 
for simple cantilever flexure as shown in Fig. 28 (a) and Fig. 30(a). The de- 
sign of large beam or girder connections by these equations results in angles 
or split beams that are too thick to punch. They add materially to the 
weight and cost of the structure. It is permissible to reduce the bending 
moment according to equation (24) or preferably equation (25), but there is 
the absolute necessity then of increasing the number or size of rivets to meet the 
requirements of equation (27). This has often been overlooked and the 
result is a serious error. 

For 4-in. clip angles, g is 2)^ in. and we will take f at ^ in. Then 



Thus the rivet tension Is increased from P to 2.06P. Either the number or 
the cross-sectional areas of the rivets must be doubled. 

For 6-in. clip angles, g is in. and we will take < at in. Then 


C = 


3^ p.5^0.5 \ 
4 \ 2.5 / 


= 0.90P. 


The rivet tension has been increased from P to 1.90P. 

Rivet Tension for Split-Beam Connection. For a split-beam connection 
made from a 30TFF180 section, where the flange width is 15 in., the web is 
0.67 in., and the gage is in., we may let P represent the tension load on a 



RIVETED CONNECTIONS 


55 


pair of offset rivets in the flange and write without special derivation 


^ 13,^ /2.75 - 0.33\1 

^ ^ ) = 0.19P.* 

2 4 \7.5 - 2.75 ' J 


The rivet tension has been increased from 0.5P to 0.69P. 

37. Design Problems in Clip-Angle and Split-Beam Connections. 

The two common types of riveted connections, for use where moment resist- 
ance is needed, are (1) the use of clip angles to the web and (2) split-beam tees 
attached to the flanges of the beam or girder. The mistake that has been 
made most frequently has been to design the rivet arrangement care- 
fully but to specify the thickness of the connection material as ^ in. or 
Ke in., without study, where double these thicknesses would have been 
more nearly correct. 


Clip Angles to the Web of a Beam, DPSb. These connection angles have been 
estimated as H in. thick. It is assumed that double cantilever flexure can be depended 
upon. The angle leg outstanding is set at 5 in. in 
order to increase the quantity q (projection beyond 
the rivet) which helps to hold down the increase 
in rivet stress that accompanies double cantilever 
flexure. It is found that the required thickness 
of the angle leg is in. (it would be in. for 
simple cantilever flexure). However, it is impor- 
tant to note that there is also an increase in 
rivet tension (Ji(<7 — t)/q) which amounts to 36 
per cent. The proper solution would be increase 
the tension rivets to 1 in. diar^.eter (a 31 per cent 
increase of area) but some designer^ would prefer 
to add extra rivets on a second gage line in the 
5-in. leg of the angle. The latter solution is of 
doubtful value since th? second line ot rivets can 
hardly be stressed appreciably before the first line 
is rather seriously distorted. See Fig, 31 As a 
minimum precaution, the second line of rivets 
should be discounted at least 50 per cent in tension Fig. 31. Questionable Use op 
value. Tension Rivets on Four Gage 

Clip Angles as Tension- Plate Connection, Lines of a Split-Beam Section. 
DP9. Here the connection angles are first designed 

as simple cantilevers and found to he I }/s in. thick. Such thickness of metal requires 
drilling. Hence, the use of extra rivets to permit the assumption of double canti- 
lever flexure may be more economical. It is found that the angles can then be reduced 
to a thickness of % in. but that they must be increased in length from 6 to 9 in. 
to hold 3 tension rivets in each angle leg instead of 2 nvets. Probably the cost is not 
actually reduced, but the design with %-m. metal seems a more practical solution to the 
problem. This is true because there are no angles rolled of IJ^-in. thickness with 4-in. 
legs. It would be necessary to reduce 8-in. angles to 4 in. 

* For a special derivation of the formula for rivet tension in a split-beam connection, see 
Vol. 1, Theory of Modern Steel StructureM, p. 276; also see Transactions, ASCE, 1933, p. 734 
for a published discussion by the author. 
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Split-Beam Tees for Beam Connection, DPIO. The use of split-beam tees is 
common as a means of providing wind-moment resistance for bracing tall buildings. 
Sometimes the end-moment resistance desired is only a fraction of the full moment resist- 
ance of the beam. Under such circumstances the split-beam connection is ideal. In this 
design problem the calculations are made for simple cantilever flexure. This is necessary 
because the increased number of 134 *in. rivets required to produce double cantilever 
flexure could not be accommodated in this connection, and larger rivets than IJ^ in. 
could not be driven without special equipment. The result is that a flange thickness of 
1.49 in. for the split-beam tee is needed for simple cantilever flexure and this requires a 
36TFF280 section. Thus the weight of the connection at each end of the beam is found to 
be 385 lb., a 40 per cent addition to the weight and cost of the beam if i he span is assumed 
to be around 20 ft. 

It is shown in this design problem that the rivet tension before the elastic limit of the 
rivet is exceeded is controlled by double cantilever flexure and is 15 per cent greater than 
the allow’able rivet tension. This overstress is not objectionable since the design is con- 
sistent for simple cantilever flexure and the rivet stress will therefore reduce when rivet 
stretch permits simple curvature of the split-beam flanges as illustrated on the design 
sheet. The rivets are not designed to resist vertical shear or combined shear and tensiori 
because a web connection will be provided to resist the end shear of the beam. 

Repeated Stresses 

38. Fatigue Tests of Riveted Joints. Results of fatigue tests of actual 
riveted joints were reported in 1938.* These tests were the first to be 


6 Radius 




Fig. 32. Fatigue Test Specimen. 


completed on other than miniature specimens. A detail of one reasonably 
typical test specimen is shown in Fig. 32. Failure was produced through 
the center section joined by 4 rivets for the particular case illustrated. 

The fatigue limit was defined arbitrarily to be the greatest stress to 
vrhich a joint can be subjected 2,000,000 times before failure. Naturally, 

♦ W. M. Wilson, Fatigue tests of riveted joints, Civil Engineering, Aug. 1938, pp. 613-616; 
also Bulletin 302, University of Illinois Engineering Experiment Station. 
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DP9. Design a pair of clip angles not over 9'* long to resist a puU of 30^000§ in a plate 
9" X 


Shear Rivets: On 5^" metaly double shear controls. 
Allowable shear = 16,000flQ'\ {AISC). 


n 


SOyOOO 

2 X 0.6 X 15y000 


= 2 rivets (%"). 


Tension Rivets: For single cantilever flexure; 

Value in tension — value in single shear. {Spec. 10.) 
Use 4 tension rivets. 


Thickness of Connection Angles: {Use 4” X 4" 
angles.) 

Length — 6" to hold rivets at 3" spacing. 

{Assume t = g = 2]/^*'. 



SO 000 

M = — — X { 2 .r> - 0.76) = 26 , 200 "t. 

S = 26,200 -i- 20,000 = 

Hence, H XO XP = LSI, or t = y/Tsi = 1^4". 

Metal thick must he drilled. Design will be 

revised for double cantilever flexure. Extra rivets 
will require longer angles. Assume angles to be 9" 
long a fid thick. 



Double Flexure: 

30 000 

M ^ 0.6 X {2.5 - 0.75) = 15y700"jf. 

{Equation 25) 

« 15y700 

^ ^ _J == o.73”^y hence, ^ X 9 X /- 

20,000 ^ 

= 0.7S, or t = y/ 0.62 = 0.72". 


Use angles 4 X 4 X H" X O' — 9” long. 



0-9'" Long 


Rivet Tension: Equation {27). 

each line of rivets. 

Tension value of a rivet = 0.6 X 16,000 = 9000^, 
n = 28,000 -i- 9000 = 3.1; use 3 rivets 


= 28,000i fat 
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DSIO 


SPLIT-BEAM CONNECTION 


ENG. DEPT. L.G. 


DP 10. Design a siMi-beam connection to develop a beruiing moment of one half of the 
resisting moment of a 24 WFU )0 beam. AISC spec. 

Rivets: 


Sect. mod. of a 24WF100 = 248.9. 

Resisting moment — 248.9 X 20fl00 = 
4980''k. 


Pull on tee = 0.5 X 


4,980,000 


= 104 , 000 #. 

For 2 lines, the max. number of rivets 
is 8. 

104,000 

Tension per rivet = = 13,000#. 

S 


Value of a 1 3^" rivet in tension ^ 1.0 y. 
16,000 = 16,000#. 

Shear rivets to beam flange have same value 
as tension rivets. (Spec. 10.) Use 8 
1 rivets to each flange. 


Thickness of Tee Flange: 



Length of tee — 16^2 
Gage of tee — 5yj’ . 

Assume web to be thick, 

M - y 

M approx. - ,, „ 


123"k. 


Sect. mod. 


123/m 
20, (XX) 


6.1 in.^ 



H X 16.6 X = 6.1, or t = 


6.1 X 6 


= 1 . 49 '\ 


Use a 36 \VF280, 1 '-4 long, for 2 tees. 


Double Flexure: This connection cannot be lightened by designing for double 
cantilever flexure because the rivets would be overstressed ami they cnnnot be 
increased in number. Before elastic failure, the rivet stress will be controlled 
by equation (27) . 

r = = m,ooo(j.o + = m,ooo§. 

Tension per rivet = 138,000 4- S = 17,300§ {16% overstresaed). 
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most specimens would not fail exactly at this number of applications and, 
therefore, an empirical formula (justified by previous tests with miniature 
polished metal specimens) was used to determine the fatigue limit (F) from 
the number of applications (N) of stress (S) that produced failure. This 
equation is 



In this equation, F and S refer to tension or compression stresses without 
reversal. 

Failure in the Rivets, Those specimens designed to fail by rivet shear 
indicate that the fatigue limit of ordinary rivets is 30,000 lb. per sq. in. 
This figure signifies that a fatigue shear failure can be expected at 2,000,000 
repetitions whenever the rivet shear varies from 0 to 30,000 lb. per sq. in. 
for a non-reversing load. Results with a reversing load (direction of shear 
on rivet reversed) are not very consistent since they show a variation of 
fatigue limit from as little as 15,000 lb. per sq. in. to as great as 30,000 lb. 
per sq. in. So many variables seemed to be involved in the case of full 
reversal, that further tests were considered necessary. 

Failure Through the Plates. Plate failure always started at a rivet hole 
and developed as indicated in Fig. 33. These tests show quite conclusively 
that the average stress on the net 
section which will produce failure at 
2,000,000 repetitions is approximately 
26,000 lb. per sq. in. Strangely enough, 
this value seems to be independent of 
the kind of steel used or of its ultimate 
strength since it held constant for 
carbon, silicon, and nickel steels (ulti- Fui. 33. Fatigue Cracks. 

maFte strengths varying from 63,000 

to 99,000 lb. per sq. in.). (See Table 3.) Furthermore, the method of 
making rivet holes — punching, sub-punching and reaming, or drilling — 
had no measurable effect upon the fatigue strength of the plates. 



TABLE 3 

Fatigue Strength and Ultimate Strength 


Materials 

Fatigue Strength 

Static Strength 

Carbon-steel rivets and plates 

25,900 lb. per sq. in. 

63,600 

Carbon-steel rivets and silicon-steel plates 

25,600 “ 

80,200 

Carbon-steel rivets and nickelnsteel plates 
Manganese-steel rivets and silicon-steel 

26,700 “ “ “ “ 

99,000 

plates 

27,800 ‘‘ 

80,200 
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Correction for Ratio of Minimum to Maximum Stress. Tests on small 
polished solid specimens have indicated that the following expression 
defines the fatigue strength (F) for any ratio (r) of minimum to maximum 
stress. The fatigue strength (F') for a value of r = — f (complete reversal) 
is assumed to be known. Table 4 shows how the actual tests on structural 
joints agreed with the expression 


It is highly significant that complete reversal of a normal working stress 
of 20,000 lb. per sq. in. from tension to compression will produce failure at 
2,000,000 cycles of stress. This number of reversals could readily occur in 
industrial buildings and is even a i3ossibility in bridge wstructures. 


TABLE 4 

Fatigue Limit for Variations of Stress Cycle 


Stbess Cycle 

Ratio r 

No. OF 
Tests 

Avehace Fatioub Strength 
( lb. per sq. in.) 


(Observed) 

(Kq. 29) 

Full reversal 

-1 

4 

19,700 

19,700 

Zero to maximum 

0 

5 

28,600 

29,500 

One half of maximum to 
maximum in same direction 


3 

39,000 

39,400 


PROBLEMS 

1. Determine the edge distance by eighths for rivets from to 1 in. in terms of the 

plate thickness so that a shearing failure as indicated in Fig. 5(c) would be less likely 
than (e) shear failure of the rivet or (/) bearing failure against the plate. A I SC working 
stresses. Am. Compare with d -f in. 

2. Repeat Problem 1 for AASHO working stresses. 

3. Repeat Problem 1 for Ij^-in. rivets and AREA working stresses. 

4 . Determine the initial tension that would be set up by the cooling of a rivet from 

below the softening temperature (600° F.) to room temperature (70° F.) if the rivet can 
stretch under stress but the plates gripped cannot be compressed. Use grips of 1 in., 
2 in., and 3 in. Ans. Stress exceeds yield point. 

5 . Revise the calculations of Problem 4 upon the assumption that 1-in. rivets are 
spaced 3 in. apart in both directions or the net plate area resisting compressive defor- 
mation is 10.5 times the rivet area resisting tension. 

Ans. Stress still exceeds yield point. 

6. Connect a 6 X ?^-in. plate directly to the face of a heavy column to resist 30,000 
lb. of plate tension. Select size and number of rivets for AISC spec. 

Ans. One solution is four %-in. rivets. 

7. A lap joint in a tank carries a stress of 2000 lb. per lineal in. The plates are 
in. thick. Find the spacing for ?i-in. rivets. Use AISC spec. 

Ana. Rivets at 3-in. spacing. 
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8 . Revise Problem 7 to allow for the changed conditions of a butt strap joint with 

1^-in. straps. Ans. Rivets at 3Ji-in. spacing. 

9. A truss member consists of a \2WF^ beam section placed between two 

gussets, (a) Find the number of ^-in. field rivets through flanges and gussets that will 
develop a tension stress of 196,000 lb. AASHO spec. (6) Suggest revision by studying 
Table 2. Ans. (a) p'our rows of 10 rivets per row. 

10. Revise the example DPla for a load of 120,000 lb. Transfer 40 per cent through 

the rivets. Use AASHO spec. Ans. Eight J^-in. rivets. 

11. Revise the example DPlb for a column cap load of 24,000 lb. from each I-beam. 

Use AASHO spec. Ans. Eight ^-in. rivets. 

12. Revise the example DP2 for a 20 per cent reduction of load, shear, and moment. 
Use AASHO spec. 

13. Design a column base for an 81TF48 section carrying a 160,000-lb. central load. 

Transfer 50 per cent of the load through the riveted detail with ^-in. rivets. AASHO 
spec. Ans. 14 rivets required; 16 rivets for practical arrangement. 

14. Design a column cap for the column of Problem 13 to seat a 20-in., 65.4-lb. 

I-beam whose end reaction is 47,000 lb. Turn the web of the column parallel to the web 
of the beam. Use Ji-in. rivets. Ans. Use 6 X 3^ X K“in. angles and 8 rivets. 

15. Design a column cap for the column of Problem 13 to seat four 20-in., 65.4-lb. 
I-beams in two lines spaced at 10 in. on centers. Each beam has an end reaction of 

44.000 lb. This is an inside column carrying a line of double I-beams. Let the column 
web be parallel to the webs of the double beams. Use A ISC spec. 

Ans. Twenty J^-in. rivets with both plates and angles. 

16. Design a column splice between a 10TFF66 section and a 12WF92 section to 
transfer 250,000 lb. Splice plates must transfer 25 per cent of the load. Use A I SC spec. 

Ans. Eight J^-in. rivets to one side of splice. 

17. Revise Problem 16 to allow for a shear of 30,000 lb. and a bending moment of 

500.000 in-lb. at the splice. 



Problem 18 . 


18. Check the column splice detail illustrated to find what percentage of the total 
column stress could be transferred by the riveted detail. This is a typical column splice 
arranged with a 2-in. bearing plate which actually transfers nearly all of the load. Use 
J^-in. rivets and AISC spec. Neglect L/r factor. 

Ans. 20 per cent across and 34 per cent through bearing of fill plates. 
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19. Design a splice between a \2WF%^ column section and a 141FF127 column 
section to transfer 70 per cent of the value in direct compression (short column), 35 per 

cent of the value in flexure, and 25 per cent of 
the shear value (web) of the smaller section. 
AISC spec. 

20. Determine the allowable end reaction of 
each beam connection shown. Consider the fact 
that these reactions may occur either separately 
or together. Use J^-in. rivets, ^4/^50 spec. Do 
not allow for eccentricity of the rivets through 
the beam webs. 

Aws. 25 k. and 72 k. 

21. A IJ/^-in. square bar is welded between 
two 5^-in. plates which are field riveted through 

the 11^-in. flange of a heavy beam, (a) Design the riveted connection to develop 
the bar according to AISC spec. Consider net section, (h) How would the design be 
afTccted if the beam flange is only in. thick and you must use two J^-in. fill 

plates? 

Ans. {a) Place throe Js-in. rivets through plate in form of an isosceles triangle 
3 in. on a side. Plate must lie 2.8 in. wide at first rivet hole. 

22. Revise the examples Z>P3a and DP'Ah by interchanging the specifications used 
in the two cases for the calculation of the net section. 

23. Design a riveted connection to attach two 5X3X5 angles by the long legs 
on opposite sides of a f? { c-in. gasset plate for the net value of the angles in tension. Revise 
the design to allow for cc^centricity. Use 5i-in. rivets and AREA si)ec. 

24. Design a riveted connection to attach two 4 X 4 X Kc-in. angles on opposite 
sides of a gasset plate for the net value of the angles in tension. Revise the design 
to allow for eccentricity. Use J^-in. rivets and AISC spec. 

Ans, 9 rivets at 3-in. spacing are acceptable. 

25. Revi.se the example DPA for 5 X 3 X HAn. angles and ?8-in. gussets. 

26. Revise the example D/^4 for 6 X 4 X angles, 

Ji6-in. gu.s.setH and AREA spec. 

27. Find the size of rivet neces.sary to resist a pull of 

11.000 Ib. in the tie rod for the detail illustrated. Allow 

15.000 lb. per scj. in. for rivet shear which controls the 

design. An,s. J^^-in. rivets. 

28. Extend the rivet line of Problem 27 upward to hold 
a total of 6 rivets at 4-in. spacing. Find the allowable rod 
stress for ^-in. rivets at 13,500 lb. per sq. in. for single shear. 

Ans. 20 k. 

29. Revise the example DPS for 5 X 3 X 5^-in. angles 
and AISC spec. 

30. Revi.se the example DP5 for 4 X 4 X J^-in. angles. 

31. Design the lug-angle connection illustrated for a 

5 X 3J^ X H-iu. angle to develop 52,000 lb. of tension 
stress with rivets at 13,500 lb. per sq. in. in shear. 

Analyze the connection for eccentricity to determine the resultant rivet shear. Lug- 
angle rivets may l)e considered 100 per cent effective in resisting moment but only 50 
i:)er cent effective in resisting direct load. This latter factor influences the line of action 
of the resisting force. The need for the lug angle is due to the fact that the main angle 
cannot project more than 11 in. onto the gusset plate. Note that many specifications 
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prohibit any allowance for lug angles in resisting direct load although all permit their use 
to resist moment of eccentricity. 

Am. Connection shown is adequate for direct load and eccentricity. 




32. Find the allowable shear V for the connection shown in order to stress the 

extreme rivet a to its value of 15,000 lb. per sq. in. (1-in. rivets) in dcnible shear. This 
stress is assumed to control the design. A ns. V — 33 k. 

33. Revise the example DPQ for a load of 150,000 lb. at 10 in. from the edge of the 
column. 

34. Revise the example /)PG for a load of 23<S,000 lb. and J^-in. rivets. 

35. Design a connection of the general typo illustrated for attaching a l5-in., 35-lb. 
channel to a heavy column flange for 00 per cent of the full value of the channel in flexure 
at 16,000 lb. per sq. in. fiber stress. Unit rivet shear = 12,000 and unit bearing = 24,000 
lb. per sq. in. Use 3^-in. rivets. The number of rivets shown is not necessarily correct. 



36. Revise example DPT for a 6 X 4-in. angle and a load of 12,000 lb. AASIIO spec. 

37. Determine the vertical load P, acting through the center of gravity of the purlin 

section, that will stress the two upper Ji-in. rivets to 15,000 lb. per sq. in. in resultant 
stress. Combine shear and tension as specified in the AISC code. (Refer to the final 
paragraph of § 32.) Ans. 24 k. 
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38. Determine the size of rivets that will make the stiffened bracket shown carrj’ 
a 30,000-lb. end reaction of a beam, distributed uniformly over 3)^2 in. Combine shear 

and tension iis specified in the AISC code. 


| .i — ^ (Refer to the final paragraph of § 32.) Allow 

I- the combined rivet stress to reach 15,0001b. 

yer sq. in. 

I I 39. Revise Problem 32 to allow for the 

moment resistance of the tension rivets. 

• ' (1-in. diameter) through the outstanding 

■©■ ‘w’ angles. This moment resistance 

. L-X^ ^X — reduces the twisting moment acting on the 

^ /K staggered rivets. Allowable stress in 

't t . tension is the same as in shear. 

1 X\ ~ ^ Design a riveted base connection 

Y “O’ to resist 1,600,000 in-lb. of moment for the 

,J 181FF105 section shown in the illustration. 

\^/// .. U * 1 The details will be similar to those shown. 

6 * 2*0 6 ^ Assume that the flexural moment will be re- 

Problem 38. sisted by a couple having an arm equal to the 

distance between anchor bolts. Select all 
material for the base detail according to AISC spec. You may choose between (a) single 
anchor bolt and (6) double anchor bolts. 


/Z 7 » 4 » f » 0 '‘ 8 ‘' 



4 





4 

4 





Bolt Bolts 

Problem 40. 


41. Repeat Problem 40 but select the base plate so 
that the pressure on the concrete below the plate does 
not exceed 600 lb. per sq. in. The effective section is the 
tension area of the anchor bolt on one side of the neutral 
axis and the bearing area of the plate on the other side 
of the neutral axis as illustrated. The statical moments 
of these areas are balanced about the neutral axis. 

42. How would your design for Problem 41 be revised 
if the vertical load is of such magnitude that the stress 
under one edge of the base plate is zero when the stress 
at the opposite edge is 600 lb. per sq. in.? 



Problem 41. 
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43. Revise the example Z>P9 for a pull of 40,000 lb. in a plate 12 X H in. 

44. Design a 45® bracket connection similar to the one shown in the illustration, 
'^rhe end wind moment in the beam is 2,000,000 in-lb. By AISC specifications, rivets for 
wind resistance may be stressed 33 per cent in excess of normal working stresses. The 



A5 web connection resists the vertical shear. A.ssumc that the rivets through the beam 
flanges resist only horizontal shear and that the tension rivets to the column resist stress 
in proportion to their vertical distances from the center line of the beam. Maintain rivet 
tension at 75 per cent of the single .shear (AISC) value to meet requirements of a local 
building code. 

45. Restudy the design of Problem 41 on the biisia that the bracket must be in equi- 
librium. The couple Ty must l^e resisted by the rivets along the horizontal leg of the 
bracket if the rivet stresses along the vertical leg 
are as computed. Determine the maximum ten- 
sile rivet stress at (a) on the basis of the theory 
used in the final paragraph of § 32. Observe 
that there is a reduced shear on the horizontal 
row of rivets equal to the force T. 

46. Revise the example 7^7^10 for a 
27WU4 beam. 

47. Revise the example DP 10 for 60 per 
cent of the moment resistance of a IGIPT^S 
beam. 

48. Analyze the seat-angle connection 
shown for an end reaction of 55,000 lb. 

Assume that all reaction passes through the 6 rivets directly above the girder and that 
as much shear is transferred by the seat angles across the cut jis is necessary to hold the 
web shear to the allowable value. Assume that the transferred shear produces a flexural 
moment because of the effective arm of 10 in. between the rivet groups, and that 67 per 
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cent of this moment is resisted by the group of h rivets above the girder, the remaining 
33 per cent being resisted by the 4 rivets in the beam. Choose a rivet size according to 
AISC specifications and increase the number of rivets if needed. 



49 . Find the instantaneous (jcnter of rotation for the detail of Problem 27. Use its 
location to check the required size of rivet. 5^-in. rivets. 

39. Review of Riveting Theory. The point ha.s been made repeatedly 
through the various sections of this chapter that the design of riveted joints 
might be based either upon clastic conditions (dependent upon initial rivet 
tension) or upon conditions existing near failure (rivets permanently 
deformed). Actually, initial rivet tension produces sufficient joint fric- 
tion to resist the applied load whether centric or eccentric so that the rivets 
in most joints probably never act in shear and bearing, according to their 
design, at all. Allowable tension in rivets is alw^ays limited to about 
one half of the initial tension that tests have proved to exist; therefore, 
applied tension does not destroy joint elasticity or even joint friction. 
Finally, crass shear and applied tension have been combined to obtain either 
a maximum shear or a maximum tension. In each case discussed it would 
seem, at least superficially, that elastic conditions were governing the 
design. 

To obtain a true insight into the action of a simple tension joint, how- 
ever, we must consider the distribution of shear among the rivets of a row 
that resists a longitudinal load. The high shears initially resisted by the 
end rivets of the row can only be reduced by an overload that strains the 
rivets and plates beyond the yield point. Furthermore, for a moment 
resistant connection (with tension rivets) it will be recalled that we located 
the neutral axis at the center of gravity of the effective section of tension rivet 
areas and bearing area, a position of the neutral axis that will not occur until 
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after the tension rivets have passed the yield point. It should also be 
recalled that the member, and the plates to which it is attached, are con- 
sidered to be fully effective (net section in tension) despite the high concen- 
trations of stress that are known to exist around rivet holes (particularly in 
tension members) which can only be ironed out by straining the material 
well beyond the yield point. Rivets resisting cross shear should not be 
weakened by a small applied tension (below the initial tension) since the 
applied tension only cancels an equal amount of initial tension, but, near 
failure, initial tension disapi)ears and applied tension does weaken a rivet in 
ultimate shear resistam^e. 

Failure as a Basis for Design. The structural engineer cannot set a 
fixed rule as to whether all structural parts should be designed upon the 
basis of elastic conditions or for conditions near failure. It seems reasonably 
clear that the proper criterion is whether the structural part adjiLsts its 
action to become relatively sironget' or relatively weaker as the yield point is 
passed. If the structural part becomes relatively weaker, failure conditions 
should be considered; if it becomes relatively stronger, failure conditions 
may b(i used with a proper factor of safety, and a conservative design for 
static loads will be obtained. This criterion of design may be illustrated 
by a comparison of tension and compression members. Tension members 
become relatively stronger beyond the yield point (stress concentrations 
disappear and the tensile strength increases) ; compression members become 
relatively weaker and buckle. We arc always willing to stress tension 
members more heavily than compression members, and, as working stresses 
have been raised, allowable tension stresses have been increased more 
rapidly than allowable compression stresses. Another example ma}" be 
found in the rapid increase that has occurred in allowable bearing stresses. 
Metal in bearing is confined and will become relatively stronger as the yield 
point is passed. 

Riveted joints seem in general to fall into the category of structural 
parts that become relatively stronger as the yield point is passed. Shear 
variations between rivets reduce or disappear whether caused by plate dis- 
tortion, member eccentricity, or merely by irregularities in fabrication. A 
bracket connection undergoes a shift in the neutral axis that increases its 
moment resistance. Rivets highly stressed in tension stretch and pass 
their loads on to rivets of lower stress. Applied tension, which weakens a 
shear rivet near failure, may be taken into consideration by use of a 
combined stress. With these points in review, we reach the conclusion that 
conditions at failure may properly and consistently be used to direct the 
design of riveted joints acting under static loading. 

The study of plasticity jis a basis for design must be limited to members 
and details that do not undergo reversal or fatigue. Reversal is a very 
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severe test upon a riveted joint in that a slight slip repeated in two direc- 
tions may eventually wear the joint out and loosen all the rivets. Reversal 
is covered in most specifications by a reduction of working stresses or by an 
increase of the effective design loading. Fatigue is important where the 
munber of repetitions approaches two million. Both in the design of 
members and in the design of joints, stress concentrations as found by the 
theory of elasticity should govern the design of parts subjected to fatigue 
loading. 



CHAPTER 3 


WELDED CONNECTIONS 

40. Arc Welding Process. Structural welding may be either gas weld- 
ing or electric arc welding. However, the electric arc process is now so 
widely used that its name has become almost synonymous with the term 
structural welding. The basic, procedure in electric arc welding is very 


+ 



Fig. Ii4. Weldincj Proc edure with Heavily Coated Electrode. 


simple. Electric current, usually direct current, provides the welding 
heat, through the medium of an electric arc. One terminal of the direct 
current generator is connected to t.he base metal and the other terminal 
is connected to the electrode or welding rod through an insulated electrode 
clamp or holder which the welder grips in his hand. See Fig. 34. De- 
pending upon the choice of type of electrode and other factors, the posi- 
tive terminal of the generator may be attached either to the base metal 
or to the electrode, producing respectively straight or reversed 'polarity, 

69 
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The type of work to be done, the required welding speed, the penetration 
of the weld metal into the base metal, and the physical characteristics of 
the weld determine the choice of such factors as size of electrode, type of 
electrode covering, voltage, and current. These matters are usually left 
to the welder or to the welding superintendent. The designer is inter- 
ested primarily in the results obtained rather than in the devices used to 
obtain them. 

The Electrode. The designer must realize, however, that many impor- 
tant properties of the weld such as strength, ductility, and resistance to 
corrosion are changed by the choice of welding rod. Two different types 
of rods are available and of course there are unlimited commercial varia- 
tions of these two types, (1) washed or lightly coated electrodes which pro- 
duce rather brittle welds and (2) heavily coated electrodes that produce 
tough ductile welds which are, in general, also stronger and more resistant 


RodCoafin g 
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to corrosion than those produced by washed electrodes. Structural weld- 
ing of the best quality is produced by heavily coated electrodes. No 
other type should be permitted for important structural work unless tests 
are used to determine that the qualities of the weld obtained are satis- 
factory. Unquestionably, some of the early failures of structural welding 
were due to the use of bare elect rodes which produced very brittle welds 
with little resistance to impac^t. 

There are three desirable actions of a proper rod coating: (1) The 
coating burns away slowly and extends below the rod, thus directing and 
shielding the upper part of the arc. (2) The fused coating gives off an 
inert gas that envelops the lower part of the arc and keeps away atmos- 
pheric oxygen and nitrogen which always act to embrittle the weld. (3) 
The slag remaining after the burning of the rod coating floats on top of 
the weld and protects it from the atmosphere while it is cooling. 

As indicated by Fig. 34 and Fig. 35 the weld rod must be fed into the 
weld, but the weld Is really composed of a mixture of the base metal and the 
electrode metal. Since the temperature of the arc is 6500° F., it is evident 
that the weld can be made to penetrate a considerable distance into the 
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base metal — this penetration being controlled by the current consumed. 
Incidentally, the electrode metal is carried across the arc in minute drop- 
lets or as a metallic vapor. 'I'his metal acquires a velocity that is used 
by the welder to stick it in position when he is doing overhead welding. 
Such welds arc slower to produce and more expensive, but they are as 
strong as ordinary welds. 

Aurangkment of Structural Wp:lds 

41. Kinds of Welds. Besides overhead welds mentioned in the para- 
graph above, there are flat, horizontal, and vertical welds. (A group of 


Horizontal 



Fig. 3G. Types and Positions op Welds. 

important definitions is given in Spec. 122.) These are all illustrated 
in the composite picture. Fig. 36. For economy we would choose the flat 
weld first, the horizontal weld second, the vertical weld third, and the 
overhead weld last. Good design will avoid overhead welding in almost 
all instances. 

Butt and Fillet Welds. Another distinction between types of welds 
refers to fillet welds and butt welds. Specifications 129 and 130 define 
these terms. Several of each are shown in Fig. 36. A butt weld may be 
acting only in direct tension or compression while a fillet weld, being 
placed on the side or edge of the base metal, is undergoing shear as well 
as tension or compression and usually flexure besides. Fillet welds are 
nearly all of one type or shape since they are usually placed in a right 
angle formed by two plates or two structural members. The plain tee 
shown in Fig. 37 is actually formed by two fillet welds. The other welds 
shown in Fig. 37 are butt welds. The single vee is produced by burning 
the edge of the plates away with a torch after which the weld bead is 
placed in one or more passes. For thicker plates the volume of weld metal 
becomes too great for the use of a single vee and it is progressively re- 
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duced by changing to the single f/, the double vee, and the double U. 
Each of these joints can now be prepared for welding largely by use of 



Single Double Single Double 

Vee Vee U U 



Plain Single Double Single 

Tee Vee Vee U 

Fig. 37. Kinds of Butt Welds. 


an automatic torch, but, of coui^se, the 



Courtesy Eng, Neivs-Recoi 

Fig, 38. Erection of Welded Fr.vmk. 


single vee is prepared most simply 
and cheaply. 

^ 42. Direct Structural Con- 

nections. Although the butt 
weld shows consistently greater 
strength than the fillet weld, 
structural connec'tions are pro- 
duced largely by fillet wc'lding. 
Even direct connections of struc- 
tural shapes as illustrated by 
Fig. 39 are most likely to b(^ 
produced by the use of fillets 
since this saves the operation 
of scarfing or vee-ing the ends 
of the membei’s. Su(!h direct 
connect ions are not pailicularly 
common in structural frames. 

• The l)uttlng of sections direc^tly 
together as in Fig. 39 necessi- 
tates the cutting of the mem- 


V>ers to exact length and presup- 
poses that the other ])art-s of the frame will be fitted together so perfectly 
that the length of each member will be found to be exact in the field. Field 


engineers know that this is seldom true even in riveted structures where 


it is common practice to pull the structure together with drift pins. Hence, 
direct connections are usually reserved for small jobs where only a few 
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members are being joined or where memijers can be shipped long and 
burned to the necessary length in the field. A direct connection can also 
be used at one end of a beam and the necessary play can be taken 


Fhi. ,‘{9. J)iKK(T Connection of Stkcctioial Sections nv W kldino. 

(a) Angle to Anglo; (b) Chiinnol to ( •liannel; (c) Coped Beam to Ik'ain; (d) ('oped 
Anglo to lieani; (c) ('oped Channel to Beam; (/) ('rossing Angle Diagonals. Direct 
connections are not commonly used for main members, but they are used for stair-well 
connections and other less important details. They are also useful in reconstruction 
work. 

up at the other end by the use of extension plates or othiu* devices. Since 
the direct connection is always the cheapest, field pra(*ticcs should be de- 
vised to make this method of construction more common. 

43. Beam Connections Permitting Adjustment of Length. The con- 
nections of Fig. 40 an', for atta(*hing beams to columns by resting the 
beams on welded seats. The actual connection of the beam to the seat 
is by two location bolts, but. the seat is structurally welded to the column 
to resist the end reaction of tlu' beam. If desired, tlu' bolt holes can be 
slotted in one nK'inber for easy alignment, of the columns, and the beams 
can be field welded to the brackets aft('r alignmi'ut. This would in(*reaso 
the stiffness of these connections greatly. 

If there is moment resistance needed at the end of the beam (designed 
as a continuous frame) then a connection must also be made to the top 
flange of the beam of the type shown in Fig. 41. A })oint to be noted is 
the use of plate stiffeners between the flanges of the column section to 
prevent flexure of the column flange to which the beam comu'ction is 
made. The tie plate at the top is butt welded to the column and fillet 
welded to the beam. Its odd shape is such that groups of these plates 
can be cut from a single large plate without wastage. The beam may or 







Fig. 41. Moment Resistant Connection. 
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may not be fillet welded to the angle seat depending upon whether the 
square butt weld shown is adequate to transfer the compression caused by 
negative moment in the beam. 



Courtesy Eng, News-Record 

Fia. 42. Welded Beam-to-Column Wind Connection with Riveted Clip 
Angles to Beam Web. 

44. Column Splices and Bases. A welded column splice like a riveted 
splice is not expected to be designed for the full compressive value of the 
member. A large part of the comprassion should be transferred by direct 
hearing, (Spec. 128.) Where all of the stress could be transferred by 
direct bearing of milled ends, the requirements of a satisfactory splice are 
a pair of connection angles for aligning the columns during erection and 
sufficient weld to produce a stiff connection. As a rule of thumb for pro- 
ducing adequate stiffness, the welds may be designed to transfer 25 per 
cent of the direct column load. This type of connection is illustrated in 
Fig. 43(a). 

In many splices the entire load cannot be transferred by bearing of 
the upper section upon the lower one. In such instances there is use for 
horizontal bearing plates as shown in Fig. 43(6). A column that under- 
goes severe flexure must be spliced to resist tension as well as compression. 
Either of the splices of Fig. 43(a) or (6) could be designed to resist some 
flexure, but Fig. 43(c) shows a splice that will resist heavy flexural moments 
about either axis of the column. By care in choosing the welds that are 
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to be produced in the field, it is possible to attach each splice plate to one 
member or the other in the shop. Loose ])lates are always to be avoided 
by preference. 



(a) Ught 
Sections 


(b) Heavy (c) Flexure 

Spfice Splice 

Fuj. 43. Wkldkd (N»lumn Spi.k ks. 


(d) Section O’O 
of Ic) 


Column Bases. The cheapest column base for light construction is a 
welded plate of the type shown in Fig. 44(a). Such rolled plates may 
become damaged in shipment and would not then present a satisfactory 
flat bearing surface for heavy loads. If loose base plates (itsually milled 
for bearing) are desired for this reason, a connection such as Fig. 44(6) 
may be used whore clip angles are shop welded to the column but where 


Shop Weld 


Field 

Weld' 


la) Shop Welded Base lb) Field Welded Base (c) Welded Base where Heavy 

Plate for Light Column with Shop Welded Angles Anchorage is Required 

Fig. 44. Welded Column Bases. 

the column is welded to the base plate after erection in the field. The 
base plate may or may not have additional bolts amdioring it to the 
foundation. 

The detail of Fig. 44(c) has been used successfully to provide real moment 
resistance at the column base. It is assumed that the flexural moment is 
about the vertical axis in the illustration. The heavy anchor bolts pass 
upward through the hold-down ” angles that are shop welded to the column 




Shop Weld 


Field Weids 

Angles 

Shop 

We/ded 

< 
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> 
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flanges. A thick washer plate rests on top of the angle and the anchor-holt 
nut bears on this plate. Dual anchor bolts on each column face produce 
moment resistance about both axes of the column. 

Stress Analysis for Welds 

45. Analysis of Stresses in Welds.* The actual analysis of internal 
stresses in unsymmetrical welds would be a very complicated procedure 
involving the mathematical theory of elasticity. However, for purposes 
of design, much simpler analyses based upon the usual direct stress formula 
/ = P/A, the flexure formula / = Me/ 1, the torsion formula s» = Tr/J, 
and the shear formula = VQ/It are considered adequate. When we 
realize that design must be based upon theoretical working stresses that 
are reduced to allow for indeterminate fabrication and erection stresses 
(shrinkage after welding has a major influence), we conclude that such 
approximate design analyses are probably satisfactory. 

If the structural connections shown in Figs. 39 to 44 inclusive are 
studied, it will soon appear that these connections form groups of welds 
that may be investigated individually. For example, the butt weld con- 
necting the tie plate at the top of the beam to the column in Fig. 41 is 
acting in direct tension if the beam section is resisting negative end mo- 
ment. The end shear of the beam passes down through the seat angle 
and must be resisted by its welds. Similarly, the end connection in (b) 
of Fig. 39, where the channel is welded all around,'^ would be assumed 
to have the same stress distribution that exists in the channel section it- 
self. By such methods we will be able to analyze complicated structural 
connections as soon as we have investigated the action of the basic units 
of welding. 

46. Use of the Direct Stress Formula. The assumption is made for 
all butt welds under direct tension or compression that the unit stress in 
the weld is equal to the total load divided by the net effective area, which 
is the length of the weld times the minimum or throat dimension. Although 
variation in the amount of heat applied, or variation in rate of cooling 
because of change of thickness of the metal may invalidate this assump- 
tion, it is useful in the analysis of a large majority of direct stress welds. 
Ductility of the weld will permit equalization of such stresses before failure. 
Heavily coated electrodes producing ductile welds are to be preferred 
for structural work where annealing is impossible after the welding is 
finished. 

Special Cases. In Fig. 45(a) the two plate welds are placed in single- 
vee and double-vee notches. In either case the unit stress is the total 
load P divided by the net area, which is ab for the single-vee weld and 

* Also see Welding Deeign^ C. H» Jennings* Transactions ASME, Oct. 1936, pp. 497-509. 
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(oi + a 2 )b for the double-vee weld. No allowance is made for the bulge 
of the weld in producing excess throat area, and, in fact, it would be better 
to avoid such a bulge entirely since the result is a change of cross-section 
which produces an inevitable concentration of stress. In work of high 
grade, such welds are often chipped or ground flat after welding. The 
expense precludes this refinement in structural work, but good welding 
will show little bulge beyond the plate. 



(dj Buff Welds (b) Tee Connection (c) Short Shear Welds 


Fig. 45. Use of Direct Stress Formula. 


There is no particular difference in the action of the weld of Fig. 45 (b) 
from the similar weld in (a). Naturally, the weld is of a different shape 
since only one plate can be beveled. This is known as a bevel groove weld. 
Again the tension stress is taken as the load divided by the net area of 
the throat without allowance for any rounding of the weld surface. 

‘The short shear welds of Fig. 45(c) are assumed to act under uniform 
shear. Hence, the unit shearing stress in this bar would be V/abj or the 
shear divided by the net throat area. This is a double-vee weld where 
penetration joins the two parts. This arrangement is in contrast to the 
right-hand weld of Fig. 45(a) where the vees are not joined together. If the 



h) Standard Fillet Weld (b) Special Fillet Weld 


Fig. 46. Throat on Controlling Dimen- 
sion OF Fillet Welds. 


shear welds of Fig. 45(c) are 
considerably longer, the shear 
formula may need to be applied 
as will be seen in § 49. 

Direct Loads on Fillet Welds, 
The same relationship is used 
for computing the critical 
stresses in butt and fillet welds, 
that is, the total load is 
divided by the net area at 


the throat or smallest section of the weld. Evidently, for the standard 


45-degree fillet of Fig. 46(a), the throat is 0.707 times the length of the 


side or leg of the weld. The throat is the minimum dimension. Parts 


(a), (6), and (c) of Fig. 47 illustrate the usual action of fillet welds. 
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Clearly, the lap welded plates in (a) undergo flexure and shear as 
well as direct stress since the two loads P are eccentric by the amount 
of the thickness a, but the welds are probably no more heavily stressed 
than those in (6) where the resisting forces P/2 are also eccentric 
by the distance a/2 on each side of the plate. Such eccentricity does not 
produce crossflexure in (c) where the welds have been turned through 
90 degrees with respect to the load. However, tests as well as theory 
indicate that the shear distribution along welds in line with the load is 



? 2 


f c P * 20J£ c - 7 ( 97 ^ ^ 707 P 

107(2ab) ab ob ob 

(o) Fillet End Welds (b) Fillet Tee Welds (c) Fillet Side Welds 

Fig. 47 . Direct Load on Fillet Welds. 

far from uniform so that the common practice is to treat all welds of Fig. 

47 as if they were stressed equally. The controlling stress in a fillet weld 
is shear instead of tension or compression. The three stresses may occur 
in about equal intensities, but since the allowable stress in shear is always 
less, it controls the design. Failure seems to occur by shear at 45 degrees 
along the throat section. See § 52 for an analysis of internal stresses in 
fillet welds. 

Unequal Thicknesses of Plates and Welds, When the plates in Fig. 47 
(a) are of different thicknesses and each weld is of the same thickness as 
its corresponding plate, we assume that the ^lmt stresses are the same in 
the welds. This is equivalent to an assumption that the unit stresses are 
the same in the two jilates or that the load between the welds is divided 
between the plates in proportion to their relative thicknesses. See Fig. 

48 where this relationship is indicated for the plate stresses irrespective 
of the thicknesses of the welds. The justification for this assumption is 
clearly that the two plates must stretch equal amounts between the two welds; 
hence, their unit deformations and unit stresses must be equal and their 
total stresses become proportional to their relative thicknesses. This 
evidently leads to the following relationship. 

CLi 

Total stress in the plate of thickness aa ~ P ; 

Oi 4- 02 
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iirnit throat stress in the fillet weld of thickness as is obtained as follows : 


( 1 ) 





^ O.TOTas/i 


1.414/ ^a.2 
(ai + a2)n3h 


For special cases this formula gives rise to the stress ndatioiiships shown 
on Fig. 48. 






UI4Pa, 

Toi*o3at> 


P— 

J.4/4Pa. 

(Q,*a2)aib 



Fig. 48, Division of Load Betwkkn Welds. 


47. Use of the Flexure Formula. All calculations hjisi'd upon the flex- 
ure formula partake of its fundamental assumptions which an*: (1) that 
strain has a straight-line variation increasing from the neutral axis oid- 
ward, and (2) that stress is proportional to strain. These assumptions 
give rise to the common relationship, / = McjL 



faj Cross Flexure (b) Cross Flexure (c) Longitudinal Flexure 

Butt Weld Fillet We Ids Fillet Welds 


Fig. 49. Flexure Resisted by STHuerruRAL Welds. 


There should be no particular (question as to the propiu* us(^ of this 
formula for the determination of the stresses in the butt weld shown 
in Fig. 49(a). By discounting the influence of the weld reinforcement 
(surface bulge) we conclude that the stresses in the weld should be identical 
with the stresses in the plate, which are known to be represented quite 
closely (below the elastic limit) by the flexure formula. 

Some little exercise of the imagination is necessary to visualize the 
proper application of the flexure formula to the fillet welded joint of Fig. 
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49(c). The actual failure and therefore the critical stresses exist on the 
throat of the weld or at about 45 degrees to the dimension a as shown on 
the sketch. However, since the throat of the weld has a length of 0.707 
times the leg a, we may compute the stress on a section 2a in width and 
h in length and then multiply this stress by 1.414 to represent the maxi- 
mum .stress on the throat. Thus, we write 


(2) 




= 1.414M -7- 


2ab^ 

6 


4.24M 

ah^ 


The throat stress is then treated in design as a shear since the 45-degree 
line of failure is indicative of a shear failure and since the throat is a line 
of high shearing stress as will be shown in § 52. 

Discontinuous Cross-Sections, The analysis for the tee connection of 
Fig. 49(6) might be based upon the flexure formula by use of the section 
modulus for a discontinuous cross-section, but this would indicate a maxi- 
mum stress at the toe of the weld (extreme fiber) while actually the maxi- 
mum shearing stress as well as the maximimi tensile stress seem to occur 
at the root of the weld. Accordingly, the approximate method indicated 
by Fig. 49(6) is more used. This procedure is to represent the weld stresses 
as a couple with an arm equal to the clear distance between the welds 
])lus the length of one leg, or t -f- a. The applied moment M on the length 
6, divi(l(xl by the arm t + a, is the force on one weld for the length 6. 
This force divided by th(^ nominal area ab of the weld may be multiplied 
by 1.414 to represent the design shear on the throat. Hence, we write 


(2) 


.S. = 1.414 


t -h a 


4- ah 


1.414M 
(/ -j- a)nh 


48. Use of the Torsion Formula. The flexure formula may be looked 
upon as a special case of the torsion formula in certain of its applications, 
that is, when the cross-section is long and narrow so that the polar moment 
of inertia reduces essentially to the moment of inertia. For instance, in 
Fig. 50(c), the torsional shearing stress is computed by the flexure formula, 
while, for the circular weld of Fig. 50(a), the tonsioii formula is used. It 
should be realized that only in these two cases, that is, (1) the circular 
cross-section, and (2) the long narrow cross-section, can torsional stresses 
be computed in a simple manner with reasonably accurate results. The 
torsion of square, rectangular, angle, channel, and I-beam cross-sections 
has undergone individual study, the results of which would have to be in- 
vestigated for such special cases. The important thing to realize is that 
the ordinary torsion formula is exact only for circular cross-sections and 
that it becomes equivalent to the flexure formula for long narrow cross- 
sections. 
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LHscontiniwus Cross-Sections. Short fillet welds widely separated may 
be analyzed with reasonable accuracy as illustrated by Fig. 50(b). If 
there are more than two pieces of weld, or if those two approach in length 
the distance between them, the only tool of analysis reasonably available 
is the torsion formula. The use of the torsion formula in such a case may 
be a valuable guide^ but it should not be thought that the procedure is in 
any sense exact. The weld at the greatest distance from the center of 
rotation (c. g. of weld area) may not be the most highly stressed. In particu- 




14I4T^ 


424r 

ab^ 


(a) Torsion of Circular (tiTorque Resisted by 
Fillet Weld Fillets Widely Spaced 


(c) Torque Resisted by 
Adjacent Fillets 


Fig. 50 . Torsion Resisted by Fillet Welds. 


lar, internal comers may be highly stressed by torsion. The only safe 
procedure in such a case is to double or triple the computed stress, de- 
pending upon the degree of resemblance of the discontinuous cross-section 
to a circle or a circular ring, for which the analysis would be correct. An- 
other criterion may be found in the stiffness of the structure to which the 
welds are attached. For example, if this structure is a heavy plate, which 
will be little distorted by the action of the welds, it will be able^ to main- 
tain the shear distribution 'proportional to the radius assumed by the torsion 
formula. 

4Q. Use of the Beam-Shear Formula. In Fig. 45(c) it was assumed 
that the shear in the short welds of the butt welded bar would be uniformly 
distributed. This assumption is usual in design although it is not in agree- 
ment with the beam theory. According to the beam theory, fiber stresses 
have a straight-line variation from the neutral axis outward and this 
assumption requires that the distribution of horizontal (or vertical) 
shear be parabolic over a rectangular cross-section. The maximum shear 
(at the neutral axis) therefore, is l}/2 times the average shear. It should 
be noted that this distribution is for shear that accompanies beam flexure. 

For irregular cross-sections, as, for example, where the shape of the 
weld follows the outline of a structural section, such as a channel or an 
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I-beam, the procedure in shear computation (as in Fig. 51(a) ) is to make 
use of the beam-shear formula 


(4) 



In this formula, Sa is the shear per lineal inch of weld, V is the total shear 
at the cross-section, I is the principal moment of inertia (computed as 
in.^ for a weld of unit thickness), and Q is the statical moment of the area 



Shear per Unit Length 

l.4l4P(2a^i) 
]i2ob^f2oJ 


Fiber Stresses (or Shears) 


Ss(moy)- 


' 1.414, 


12/ 2a b 


.L^P-^^meany, 



(b) Beam (c) Stress (d) Plastic 
Theory Concentration Flow 

Fig. 51 . Variation of Shear in Beam Welds. 


h) Shear Computation Based 
upon the Beam Theory 


The parts (6), (c), and (d) need explanation. The usual assumption of a straight-line 
variation of flexural stress is illustrated in (6). However, due to abrupt changes of 
cross-section at the ends, we might anticipate concentrations of stress as shown by (c). 
After plastic flow has taken place at the ends and extended inward, the picture of stress 
variation will approach the condition illustrated by (d). Since weld tension is accom- 
panied by equal throat shear, the curves (6), (c), and (d) of this figure may also be inter- 
preted as distribution curves for horizontal shear on the throats of the welds. 


of weld section (again of unit thickness) outside of the line on which S, 
is being computed, when taken about the neutral axis. Knowing the shear 
in the weld per lineal inch we can rapidly transfer this value into unit 
vshear on the throat section if it is desired. 

50. Combined or Maximum Stresses in Butt Welds. It will be evi- 
dent that all of the possibilities for combined stresses exist in butt welds 
that exist in materials of any kind, because the metal of a butt weld takas 
the place of an equivalent amount of base metal. Hence, we may have 
any of the stress combinations commonly studied in an advanced course 
in the strength of materials and summarized in § 152. Since the working 
stresses in butt welds are different for tension, compression, and shear, 
the maximum values of each must be determined to find the critical design 
stress for the weld. 

From another point of view, however, the design of a structural butt 
weld has often been simplified by dependence upon the design of the structure 
itself. It is common knowledge that by special workmanship (annealing, 
X-raying for defects, etc.) welds can be obtained that will reproduce the 
strength of the structural steel joined by the welds. The use of such welds 
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would make a study of the weld stresses unnecessary if the structure it- 
self had been designed properly. Combined stresses in the welds are 
significant, however, where the allowable stress in the weld either in ten- 
sion, compression, or shear is less than the corresponding allowable stress 
in the base metal. 

51. Combined Stresses in Fillet Welds. Two studies of combined 
stresses will be made: 

1. Where two load systems produce collinear stresses that add directly. 

2. Where two load systems produce stresses 90 degrees apart that combine into a 
resultant. 

The classification (1) is always important and the addition of such stresses 
is always proper. A few cases are illustrated in Fig. 52. In (a) we find 



ab ab^ Ob ob^ 
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' Flexure and Direct Stress (b) Flexure and Cross Shear 



\Fig.50vlh [Fig. 4910] 

to Torsion and Cross Shear (d) Direct Shear and Beam Shear 


Fig. 52. Combined or Maximum Shears in Welds. 


the common superposition of dmei stress and flexure. The computed 
throat shears must add at one extreme fiber, the upper or tension fiber 
for the cantilever bar pictured. In (ft) is illustrated a similar arrangement 
where flexure and cross shear combine. The flexure partakes of the nature 
of torsion^ but since the cross-section consists of two long narrow welds 
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placed adjacent to each other, their end shears are computed properly 
by the flexure formula. The maximum shear occurs at the lower end 
of the weld. The torsion shaft shown in (c) of Fig. 52 is also subjected 
to a cross shear. There will be a combination of torsional shear and cross 
shear. The torsional shear is constant around the entire circumference. 
If the same assumption is made regarding the distribution of the hori- 
zontal cross shear, there will be one point, the upper end of the vertical 
diameter, where these two shears will add directly. 



Fig. 53 . Reaction Transfer. 


Shear Distribution. The addition of direct end shear and the shear 
that accompanies beam flexure is indicated in Fig. 52(d). This is not a 
very import<ant case since the existence of shear without flexure, which 
can be uniformly distributed, is not common. For instance, in the con- 
struction shown in Fig. 53, the shear along the weld is assumed to have 
straight-line variation such that the maximum shear is double the average. 
The reason for this assumption is found in the fact that the vertical reac- 
tion leg is under compression which reduces in intensity from bottom to 
top of the weld (the massive beam plate deforms inappreciably) and, there- 
fore, the weld deformation (or shear) decreases from bottom to top. Some 
possible assumptions as to distribution are indicated in Fig. 53(6). The 
factors n = 2, 3/2, or 3 should be selected according to the length of the 
weld. It would seem reasonable to take n = 1 for a weld only a few inches 
long, or, for a length up to 10a (where o is the nominal dimension or leg 
of the weld) n = 3/2 for welds up to 20a in length, n = 2 for welds up to 
30a in length, and n = 3 to a limiting length of about 50a. This is a crude 
approximation, but it is undoubtedly in the right direction and therefore 
better than the usual assumption of uniform distribution. Such approxi- 
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mations can be improved as soon as adequate tests have been made avail- 
able. 

Resultant of Cross Shears in Welds. The second classification of com- 
bined stresses in fillet welds relates to the computation of a resultant 
throat shear as caused by two load systems. This action is illustrated 



Ccj Resultant Stress 


by Fig. 54. Each of the forces 
P\ and P 2 produces a shear on 
the throat section, but one 
shear Pi is across the weld, 
while the other shear P 2 is 
along the weld. The diagonal 
resultant shear R is also acting 
on the throat section and since 
it is larger than either Pi or Pz, 
it must be taken as the critical 
shear in design. This action is 
not unusual in structural weld- 
ing and should not fail to be 
considered properly in the 
design. In all respects this 
analysis is consistent with the 
usual procedure of computation 
of the resultant shear on a 


on Throat 

Fig. 54. Resultant Throat Stress on 
Weld. 


rivet when a rivet group resists 
shears in two or more directions. 
The use of a resultant has been 


common in rivet calculations for many years but it has been neglected in 
weld calculations. 

Resultant Stress on Throat. In (c) of Fig. 54 there is shown a common 
situation where shear and tension are applied to one face of a fillet weld. 
Evidently, each of the applied forces gives rise to a tension stress on the 
throat of the weld although, for the particular case shown, the two shear- 
ing stresses on the throat tend to cancel each other. If the direction of 
either applied force is reversed, the critical throat stress will become a 
shear. As a practical design method, we may always feel safe in using 
the resultant applied force as a shearing force on the throat section. 


Throat and Root Stresses in Fillet Welds 

52- Internal Action of Fillet Welds. Even the inexperienced analyst 
will appreciate the fact that the design procedure just described for fillet 
welds is far from scientific. The action of a fillet weld as in Fig. 47(6) 
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is extremely complex. For the full length of the fillet there is tension along 
the contact surface with the horizontal plate and shear along the contact 
surface with the vertical plate. But this is merely the Amplest picture 
of the structural action. Since the weld is eccentric to the pull, it is also 
under internal flexure which gives rise to both tension and compression 
forces along each leg or contact surface. This action is produced by the 
tendency of the fillet to rotate as pictured by the small sketch at the top 
of Fig. 55(a). This rotating tendency is measured by the moment of ec- 
centricity, Pa/2. 



Fig. 55. Internal Stresses in a Fillet Weld. 


If it is assumed that the moment of eccentricit y Pa/2 is resisted equally 
by flexural stresses along each leg, such stresses can be computed from 
the flexure formula for a cross-section one unit in breadth and with a depth 
equal to the weld leg a. Thus we find 


(5) 


^ ' 'S ~ 4 ’^6’“2a‘ 


If this straight-line variation of stress from tension to compression is 
combined with the uniform tension P/a, the result is a variation from a 
5 P IP 

tension of - — to a compression of - — , as shown along the horizontal leg of 
2 a 2 a 

the weld in Fig. 55(6). Again in (6) the analysis is made for the stresses 
along the 45-degree line of the throat. We will study the action upon 
the throat of the forces applied to the vertical face. The vertical shear 
P gives rise to tension and shear forces of 0.707P along the 45-degree line 
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of the throat. It follows that the throat stresses are 


( 6 ) 

and 

(7) 


/(avg.) = 


0.707P 

0.707a 


P 


a 


f 


s,(avg.) 


0.707P _ P^ 
0.707a a 


This is true because there is no flexural moment to be resisted along the line of the throat 
since the applied moment is exactly canceled by the moment of the force P, Thus 


( 8 ) 


Pa /0.707a\ 

37tbroat = — ~ 0.707P = 0. 


S3. Maximum Root Shear in a Fillet Weld. Wc conclude then that 
the most serious average stress along the throat section is the unit shear 
P/a. Actually, however, we have no assurance that this shear is uniformly 
distributed, and, in fact, the high tension at the root indicates that an 
investigation should be made of the shear on the 45-degre(^ plane of failure 
for particle A ” shown at the root in Fig. 55(h). The view of this en- 

5 P 

larged particle shows it to be acting under a vertical tension of - — and 


^ , . 3 

a honzontal compression - — 

Z a 


There are also shears of indeterminate 


values along horizontal and vertical planes, hut, since these equal shears do 
not give rise to shear along the 45-degree plane of failure, they may be neg- 
lected. The resultant shear along the 45-dcgree line of the root particle 
A is shown to be 2P/a obtained thus: 


(9) 


s.(max.) = = 2 - • 

1.414 a 


If these crude analyses can be relied upon, they seem to indicate that 
the average shear along the 45-degree failure line of the throat is P/a while 
the maximum shear along the same line occurs at the root and is equal to twice 
this value or 2P/a. The shear commonly used in design is the load divided 
by the throat area, or P/0.707a = 1.414P/a. 

Study of Assumptions, There are several weaknesses in the assump- 
tions made in these analyses. There undoubtedly is an induced shear 
along the horizontal leg of the weld. This shear forms one half of a 
couple (the other half being a net direct stress on the vertical face) that 
tends to resist the moment of eccentricity. This action reduces the flexural 
stresses and therefore the root shear 2P/a. Another weakness is the fact 
that we cannot fully justify the assumption of the maintenance of plane 
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sections for a triangular body where the flexural stiffness varies radically 
from the root to the tip of the weld. Any change from straight-line varia- 
tion of flexural stress should reduce the severe root stresses. The fact 
that no attempt has been made to determine the line on which the shear 
in Fig. 55 would reach a theoretical maximum value is because observed 
shear failure is always very near to the 45-degree line. 

From these observations we may conclude that the usual design pro- 
cedure may fail to account for the maximum root stress but that it more 
than allows for the average shear on the throat. If the weld is in any sense 
ductile, the first plastic flow will relieve the high root stress and distrib- 
ute the throat shear more nearly in a uniform manner. The usual 
design procedure therefore seems to be adequate for ductile structural 
welds. 


PROBLEMS 


so. Derive an expression to represent the maximum tensile fiber stress in this double- 
vee butt weld caused by an applied moment. Assume that the stresses in the welds at 
the line of contact with the vertical plate are controlled by 
the beam-flexure formula. Consider the weld faces to be flush 
with the vertical faces of the plate. 

An./= 



ab(St^ -f 4a2 — Qat) 

51. Compare the tensile stress computed by the formula 
derived in Problem 50 with the average weld stress that 
would be obtained upon the basis of the theory of Fig. 49(5). 

The welds have the following dimensions: « = in., i = 1 
in., 5 = 6 in., and M = 12,000 in-lb. Note that the flexural 
stress in the 1-in. plate is 12,000 lb. per sq. in. The.se com- 
putations are for tensile stress rather than shearing stress. 

Ans. J = 13,700, /nvg. = 0050 lb. per .sq. in. 

52. If the lap w'elded joint illustrated is a horizontal seam in a circular tank, com- 
pute the maximum weld shears on the throat .sections that would occur when the thinner 

plate was stres.sed to 18,000 lb. per s(|. 
in. in a vertical direction. 

Atis. 6950 and 13,900 lb. per sq. in. 

53. A plate 8 X M in. as illus- 
trated is to be developed by fillet 
welding for a tensile working stress of 
20,000 lb. per s<|. in. The weld along 
the outside of the plate is a K-in. fillet 
and the weld placed around the slot 
is a 34-in. fillet. Compute the aver- 
age throat shear in each weld. Ans. 11,300 lb. per sq. in. 

54. Develop a formula to express the throat shear caused by 
flexure of the bar shown welded all around. (1) Assume that the 

dimensions 5 and t are large as compared to a. (2) Revise the formula for the case where 
o may be considered to increase the dimension 5 appreciably. Otherwise treat the analv- 




^i'nnet 


r 




fFUlet 





Problem 52. 
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ses the same since the extreme fiber distance must be taken to the root of the weld where 
failure starts. 


Ans. (1) s, = 


4.24M 


( 2 ) 8 . = 


4.24M 


3a&^ “h S(it{b -j- 2o) -f- 

55. Develop a formula for root shear caused by flexural moment applied to the fillet 
welded circular shaft illustrated. Take the diameter of the weld to be the same as the 

diameter of the shaft d. ^ 5.66Af 

Ans. Sa = 7 “ • 

Trod* 




Problem 54. 


Problem 55. 


56. Analyze for the throat stresses in the welds of the reinfor(!ed butt welded joint. 
Base your calculations upon the fact that the three plates must stretch equally l)etween 
the welds and must therefore have equal unit deformations and unit stresses. The load 
produces a unit stress of 20,000 lb. per sq. in. in the 1-in. 
plate. 

Ans. /(butt weld) = 13, .300; s, (fillet) == 18,800 lb. per sq. in. 

57. Analyze for the stres.ses in the welds of Problem 56 in 
general terms and determine the fixed ratio between these two 
stresses. Suggest some shape for the reinforcing plates that would 
produce but 8/ 10 as much throat shear in the fillet welds as ten.sion 
in the butt weld. 

Ans. Ratio = 1.414; point or slot the reinforcing plates to 
lengthen the fillet welds. 

58. In Fig. 49(c) the data are as follows: 5 = 6 in., a = J/2 in., 
and M = 30,000 in-lb. The plates are 1 in. thick, (a) Compute the 
controlling shear on the throat by application of the beam-flexure 
formula and check by use of the formula given on the figure. (5) 

What is the resultant shear if the plate carries a direct tension (vertical) of 3(XX) lb. 
per sq. in.? Ans. (a) 7070 and (5) 11,300 lb. per sq. in. 

59. Same data as Problem 58 except that the moment acts as a torque as illustrated 
by Fig. 50(c). Do the shears produced by the torque and the direct stress combine? 

Ans. (a) 7070 and (5) 11,300 lb. per sq. in. 

60. In Fig. 50(6) the data are as follows: 6 = 4 in., a = in., L — 10 in., T = 

110,000 in-lb. which is caused by a force of 11,000 lb. parallel to the dimension L but 
located 10 in. out from the center of the block. Find the shear on the throat caused by 
this eccentric force. Ans. 11,6(K) lb. per sq. in. 

61. In Fig. 53 the following data apply: a ^ % in., 6 = 20 in. Assuming that there 
are four identical fillet welds, compute the allowable end reaction based upon a maxi- 
mum throat shear of 11,300 lb. per sq. in. Use the proper value of n from § 51. 

Ans. 80,0001b. 




WELDED CONNECTIONS 


91 


62. Compute the maximum allowable shear on the connection of an 18WF70 beam 
fillet welded to the face of a heavy column by an 8-in. weld across each flange ansd a 15-in. 
weld on each side of the web : these are J^in. fillets. Use the beam-shear formula and 
compare with uniform distribution. 

Detailing Structural Welds 

54. Standard Welding Symbols. During the period when welding was 
developing as a tool for structural usage, it was natural that welds 
were designated in almost any conceivable manner. Wherever possible, 
welds were shown in side view and were indicated by a series of short 


Fusion Welding Symbols 

Type of Weid \ 

Wetd 

AH 

Around 

Flush 

Bead 

Fillet 

Groove 

m 

Field 

Weld 


V 


u 

J 

B 


n 

\/ 

V 


u 

\J 

D 

O 

HI 


Roof Width o r 
Fillet Angle 


Shape Symbol 



^Size. 

Specification Flush Mark 
Finish Mark 



Fig. 56 . Weld Symbols — American Welding Society. 


curved lines (picturing the weld bead) similar to the usual appearance of 
cross-hatching. Welds in cross-section were shown in solid black. This 
is the system that has been used here to illustrate in a realistic way the 
location of welds on perspective sketches. As welding developed both in 
usefulness and in complexity, it became necessary to adopt symbols to 
distinguish between hutt welding and fillet welding, shop welding and field 
welding, welding on far side, near side or both sides. Symbols were also 
needed to designate the type of notch to be prepared for the welder and 
the extent to which the welder was expected to reinforce the weld by piling 
on extra metal beyond the amount needed to fill the notch. 

The first effective attempt at standardization of symbols was the re- 
port of the American Welding Society in 1929. This report adopted a 
system of marking welds that was immediately accepted and widely used. 
It was revised in 1935, but greater simplification seemed desirable. This 
need was met by the second set of AW S Standards accepted in 1938. These 
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are reproduced on Fig. 56. The system eliminates entirely any actual 
need for picturing the welds on the drawing. Instead, all information is 
contained on an arrow which points to the position of the weld. 

American W elding Society Symbols, In Fig. 57 the arrow for illustration 
(a) indicates that a fillet weld of ^in. leg and 6-in. length is to be placed 
on the near side of the joint to which the arrow points. The relative 
position along the joint, if important, would be designated on the eleva- 
tion of the joint as indicated in (/). The designation of “ near side ” is 
found in the fact that the right-angle triangle (45-degrce fillet) is placed on 







ig) 


\ 



w 


\ 


G 


\ 


(i) 


Fk;. 57. Symbols foh STuiioTirriAL 


the side of the arrow nearest to the reader. In (b) the iLse of two such tri- 
angles is intended to signify that fillet welds {% in. and 12 in. long) are 
placed both “ near side and far side.'' Other common symbols are indicated 
in Fig. 57, such as the dot at the break in the arrow for designating field 
welding and the use of the letter F or U to illustrate the kind of scarfing 
used for preparing the plates for welding. Finish marks such as C (chip), 
G (grind), M (machine), or / (finish) are placed on the mark indicating 
rounded bead or on the flush mark ( — ), see Fig. 57 (A) and (i). The 
specification controlling the type of weld rod and other welders' specifica- 
tions may be placed in the tail of the arrow as shown on (e) and (g) of 
Fig. 57. 

Special Symbols, If the designer wishes to place a distinctive marking 
on the plan or elevation showing the line of weld, he may use the marks 
employed in the 1929 AWS specifications. (See Fig. 58.) The series of 
small x-marks placed along the line on which welding is done indicates 
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“ near side/^ while the other symbols are for “ far side and “ both sides/^ 
These marks can be used to show where the weld starts and stops although 
exact dimensions should also be given. These supplementary marks 
should never be used alone, but they may be used along with the arrow 
designation. 

xxxxxxxxx ■ xxxx) ^ x)<x -»e 
Near Side 
'///////////// 

Far Side 

Both Sides 

(o) Fillet Welds (b)Butt Welds 
Fig. 58. Special Weld Symbols. 

The object in weld designation is that the beginning and end of each 
piece of weld and the necessary details of its cross-section and method of 
placement may be made clear. One hindrance to good welding has been 
poor detailing. One should never merely mark weld on a drawing or 
weld all around ” unless these statements are thoroughly conclusive. 
The detailer, draftsman, or designer is far better qualified to specify the 
exact position^ lengthy and cross-sectional dimensions of each weld than is 
the welder, whose conceptions of strength are scarcely better than those 
of the layman. Since detailing is controlled by the methods of fabrication 
and erection, Specifications 132-137 should be studied. 


Design of Structural Welds 

55. Working Stresses. Standard working stresses for structural welds 
as specified by the American Welding Society (1938) are as follows: 

Shear = 11,300 lb. per sq. in. 

Tension = 13,000 lb. per sq. in. 

Compression = 18,000 lb. per sq. in. 

These working stresses are for welds made with lightly coated or washed 
electrodes. Such welds are relatively brittle and low working stresses are 
justified. For high-strength d'uctiU welds, allowable stresses are as follows: 


1938 AWS Code 


1942 AISC Code 


Shear *= 13,600 lb. per sq. in. 
Tension ** 15,600 lb. per sq. in. 
Compression 18,000 lb. per sq. in. 


13,600 lb. per sq. in. 

16.000 lb. per sq. in. 

20.000 lb. per sq. in. 
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The recommendations of the Lincoln Electric Company (1939) for welds 
made with their shielded arc electrodes (which produce a ductile weld) are 
for the following working stresses: 

Shear = 14,100 lb. per sq. in. 

Tension = 16,200 lb. per sq. in. 

Compression = 18,700 lb. per sq. in. 

Such working stresses might be reasonable for welds made with any heav- 
ily coated electrode that will produce tough ductile welds. 

Fillet Welds. The working stress of 11,300 lb. per sq. in. on the throat 
section of a fillet weld may be transferred into a very convenient unit for 
purposes of design. For a 3^-in. fillet (leg = 0.125 in.) this working stress 
gives rise to an allowable shear on each lineal inch of weld of 

Ss = 0.125 X 0.707 X 11,300 - 1000 lb. 

Hence, for washed or bare electrodes we conclude that the allowable shear 
on a fillet weld is 1000 lb. 'per lineal inch per eighth inch of fillet leg, or 

2000 lb. for a M-in. fillet, 

2500 lb. for a fillet, 

3000 lb. for a %-\n. fillet, 

4000 lb. for a 3^in. fillet, etc. 

It is evident from these results that the allowable shearing stress of 11,300 
lb. pel* sq. in. was chosen to produce simple design calculations. Such 
simplification is commendable and justifies the slight variation in the de- 
sired working stress that it may necessitate. 

Correspondingly, for very ductile welds made by heavily coated elec- 
trodes, an increase of 25 per cent, as recommended by the Lincoln Electric 
Company, permits 1250 lb. per lineal inch per eighth inch of fillet leg, or 

2500 lb. for a MAn. fillet, 

3120 lb. for a ^g-in. fillet, 

3750 lb. for a fillet, 

5000 lb. for a fillet. 

These values happen to correspond with four-place decimal fractions ex- 
pressing the sizes of the fillet legs. They are therefore easily remembered. 

Fatigue. Tests reported in Engineering News-Record during 1939 by 
W. M. Wilson and A. B. Wilder show unexpectedly low failure stresses 
Cor butt welded joints under fatigue loading. The specimens, consisting 
of single-vee butt welds in J^-in. structural carbon steel and low alloy 
(manganese-vanadium) steel plates, were subjected to three relations of 
minimxun to maximum stress; (1) from tension to an equal compression; 
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that is, complete reversal; (2) from zero to tension; (3) from tension to 
tension one half as great. The maximum stresses in the stress cycle were 
chosen to cause failure at 100,000 cycles and at 2,000,000 cycles. The 
specimens were tested (1) in the condition as welded; (2) with the welds 
planed flush with the base plate; (3) after stress relief at 1200° F. for 
one hour and cooling in the furnace. The effect of frequent periods 
of rest upon the fatigue strength of the butt welds in the carbon steel 
plates was also investigated. A summary of the results follows. 

(1) In the condition as welded, the values of fatigue strengths for the 
complete stress reversal cycle were 21,600 lb. per sq. in. for failure at 

100.000 cycles and 14,800 lb. per sq. in. for failure at 2,000,000 cycles; 
for the cycle from zero to tension, strengths were 32,600 lb. (100,000 cy- 
cles), and 23,100 lb. (2,000,000 cycles). 

(2) For specimens with welds machined flush with the base plate, 
fatigue strengths for the stress reversal cycle were 29,400 lb. (100,000 
cycles), and 19,800 lb. (2,000,000 cycles); for the zero to tension cycle, 
fatigue strengths were 47,000 lb. (100,000 cycles) and 30,100 lb. (2,000,000 
cycles). That is, removing the stress raiser caused by the change in sec- 
tion at the edge of the weld reinforcing increased the fatigue strength 43 
per cent. Moreover, the fatigue strengths of these welded specimens were 
equal to the fatigue strengths of the plates without welds. 

(3) Sti'ess relieving by heating had no effect upon fatigue strength, nor 
did frequent rest periods between a])plications of loads. 

(4) For all specimens in the stress cycle from tension to tension one 
half as great, the yield point of the material was exceeded, so that sucii a 
cycle is not imix)rtant to the structural designer. 

(5) Fatigue strengths on complete reversal for welded specimens of 
low alloy steel plate with a static strength of 83,000 lb. per sq. in. were 

24.000 lb. per sq. in. (100,000 cycles) and 16,100 lb. (2,000,000 cycles).^' 

56. Design for Direct Loads. This is a particularly simple problem 

as long as symmetry can be maintained. The total load is merely 
divided by the value of the weld in pounds per lineal inch to determine 
the required number of inches of weld. This length of weld is then placed 
on the member to maintain symmetry in the welded joint. 

Examples DPlla and DPI 16. The first problem on the design sheet 11 illustrates 
the design of a lap welded joint for tank plates. Such joints are used for unimportant 
structures or where stresses are low. A heavily stressed joint in a plate would be butt 
welded and reinforced, if necessary, with butt straps as illustrated by DPI 16. This 
e.xample shows how a joint of 100 per cent efficiency can be obtained by welding. The 
main features of such a design are to arrange for the base plate and the reinforcing plates 
to stretch equally between the welds (equal unit strains and stresses). We should make 
the reinforcing plate long enough so that the transfer of stress out of the base plate and 
into the reinforcing plates is far enough a\^ ay from the butt welded joint so that the stress 
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WELDED SEAMS 


ENG. DEPT. 


L.G. 


DPI la. Design a lap welded vertical seam for a tank of 20' diam.f 65' head of water f 
plates thick, AWS spec. Weld value = 13,600# J a" in shear. 


55 X 62.5 20 X 12 

PI. tension = X 

lU 2 

= 2860#!" of height. 

2860 1.414 

Weld leg = X - - - = 0.15". 

2 13,600 

Use fiUet welds which provide }/{q" for corrosion. 

V 



DPllb. Design a butt welded seam for the full tensile value of a 12" X plate. 
ATTS and AISC spec. Weld value at 11,300 (shear); 13,000 (tensim). 

Tensile value of pi. = ViV. 20,000 - 10,000#!" 

Tensile value of ]/^" butt weld = X 13,000 — 6,500 


Reinforcing Plates: 

For equal unit def. 
reinf. pi. area ^ 3500 
orig. pi. area 6500 

= 0.54. 

Area of reinf. pis. 

= 0.54 X 12 X 0.5 
= 3.24q" per ft. 

Make reinf. pis. 6.5" X 
]/i" spaced on 12" centers. 

Area furnished 
= 6.5 X2X 0.25 
= 3.25u". 



Weld on Reinforcing Plate: 

Use li" fillets. Weld value at 11,300#! d' (shear) = 2000#!". 


Weld length = 


3600 X 12 
2 X 2000 


10.5". Use 11". 


Length of reinf. pi. Set at 8" min. to help equalize stress in bult weld. 


Remarks: Although this joint presents a perfectly balanced design, it is evident that the 
discontinuity of the butt straps produces a most complex stress pattern. If welds of 
superior quality can be obtained, and the butt straps can be eliminated, the action of the 
structure mill be simplified, particularly for loads above the elastic limit. 
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DS12 WELDED TENSION SPLICE ENG. DEPT. L.G. 


DP12. Design a splice between two tension ynernbers one of which is a HWFJfB split 
beam and the other consists of two angles 5 X 3]/^ X AISC andAWS spec. 

Value of Angle Legs: 

Angles were designed for 80% of their gross area. 

Net value = ^ X 3.05 X 0.80 X 20,000 = 97,600f. 

Burn 5" angle leg as indicated to keep c. g. of angles in line with c. g. of split 
beam. 

A 

Value of remaining It!' legs = — X 97,600 = 4^*, 000#. 



Weld Lengths: Allowable shear = lly300#/n^\ 

45,000 

Length of H'' fiUet - = 16.3'\ 

Use 4 fillets 4*' long. 

61,500 

The remaining 51,500§ requires = 17.2” of fillet. 

3000 

Place 18” of fillet around each end of the 6” X V-1” splice pi. 

splice Plates: 

51,600 

Thickness of splice pi. = — = 0.43". Use V/'. 

Fill pi. thick must be connected with 22” of ^q” weld. 

Size of fill pi. is 7” X 8”. 

Remarks: If no fill plate is used here, the eccentricity between the two members will be 
^q”. The corresponding moment of nearly 30,000” § would be serioiis. 
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will be uniform in the butt weld. This will be accomplished reasonably well if the spacing 
and length of the butt straps are arranged so that 45-degree lines drawn from the corners 
of the straps overlap as shown by Fig. 59. The greater the overlapping the more uniform 
the stress on the butt weld. Naturally, the butt weld must be chipped or ground flat 
before the butt straps can be welded on. This marking is indicated on the design sketch. 




Fig. 59. Spacing of Butt Straps. 


Splice in a Tension Member, DPV2. The design sheet DS12 illustrates a connec- 
tion of a two-angle tension member to a split-beam or T-section tension member. The 
important detail to arrange is for the gravity axes of the two members to be placed in line. 



Fig. 60. Splice of Tension Members. 


This is accomplished by burning away 
the outstanding k?gs of the angles and by 
adding a fill plate to the bottom of the 
split-beam section. The welds attached 
to the remaining 4-in. legs of the angles 
are then designed to develop the part of 
the total stress that these 4-in. legs will 
carry. The remainder is transferred 
through the lower splice plate, thence 
through the fill plate to the split beam. 
The sf)lice is very compact and inexpen- 
sive. 


An even cheaper alternative would l^e to slot the angle as indicated in Fig. 60 and to 
weld the juncture so completely that the full section of the angle w^ould be available at 
the end of the slot. The only difficulty involved is that it will not ordinarily be possible 
by this means to eliminate all eccentricity (e of Fig. 60) between the gravity lines of the 
two members. 


57. End Connections for Channels and Angles. The problem of form- 
ing a welded end connection to develop a heavy channel or angle is usually 
complicated by the fact that the space available is quite limited. Fre- 
quently the length along the section available for welding is no greater 
than the width of the section. 


Channel Connection, DPl^a. In the example DPlZa it is found necessary to slot 
the channel in order to obtain a sufficient length of standard ?^-in. weld. Such slot welds 
are in reality merely additional lengths of fillet welds. Slots or round holes are some- 
times made smaller and are completely filled with weld. They then become the equiva- 
lent of weld rivets, but their use is not recommended. 


Balancing Welds on an Angle, The problem of connecting an angle to 
another member by welding is properly solved when the total length of 
weld required to resist the pull is so placed that the center of resistance 
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DP 13a, Design end welds to reproduce the tensile value of a channel. Use 

welds. Weld value ■= 1250§/” per o/ fillei leg. 

Value of channel ■= 10.27 X 20^000 

- 206,400f. 

Max. length of fillet = 5+ 5 + 10 + 

W = 36''. 

Weld value = 20 Sj 400 -r 36 = 

S700#l". 

7' his is too great for a weld which ^^max. 

has a maximum value of 37C)0§I". 



Try Use of Slot Welds: (Spec. 131). 

206,400 

Total length needed = = 65". , 

^ 3760 

Slots must provide 66 — 36 = 19". 


Use two 6" slots 1 3^" wide providing 
20" length which allows 1 " for craters 
at a and b. 



DP 13b. Design end welds to produce a value of 20,700§ for a 4 ^ 4 X angle. 
A WS spec, for low strength welds. 

Value of H" yjeld = 2000§l". y 

Wdd length = 20,700 ^ 2000 y -c-t — ^ 7—1 

= 10.S". 1 ^ ) 


L tr^ 

/./t 

1 

1 

— 

v 



Balancing Welds: ^ 

Length a = — X 10.3 — 2.8". 

4 

Length 5 = ^ X 10.3 = 7.6". 

4 

Max. b = 6"; hence, weld end of 
angle. 

L = 10.S", c = 4", xi = 2.9". 4 i 

See Fig. 61, and equation (12). it 'JV4^\ 

I _ ® X ^ 

c 2 4 

= 6 . 6 ". 

= = User, 

c 2 4 

Total length = 6.6 + 4 + i = 10.6". Check. 
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of the weld is in line with the applied load. In Fig. 61 is shown an end 
connection formed by three welds of lengths a, b, and c. If only the welds 
a and b are used to produce a total length of L, then the center of resist- 
ance will be in line with the load when the following relationship is satisfied. 


or 

( 10 ) 


a X2 

SS > 

a 6 Xi Xi 



and 


h = 


Lxi 

c 


But, if three welds a, 6, and c are used to make up the required length of 
weld L, the result will be more complex. We will have to make use of 



Gravity Axts 
of Anglo 


Fig. 61. Balancing Welds on an Angle. 


an equation of moments about the lower edge of the angle or about the 
weld line h in Fig. 61. Thus we obtain 

c* 

oc H- ~ = Lx 2 , 

Lxi c 


, Lxi c 

'’ = T-2- 

For four lengths of weld, where a second length c is placed on the far side 
of the angle at the edge of the plate, we have 


(13) 

LX2 

a c , 

c 

(14) 

Lxi 

0 c . 


C 


These final equations, however, may result in a negative value for a, obvi- 
ously an impossible solution. 


or 

( 11 ) 

and 

( 12 ) 
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Example DPI 36. Here we have a case in which the application of equation (10) 
gave rise to an excessive length of weld b. A solution was then obtained by the use of 
three welds a, 6, and c, with equations (11) and (12). 

If an attempt is made to use four welds by a study of equations (13) and (14), a 
negative value of a is obtained resulting in an impossible solution. 

58. Long Longitudinal Welds. In designing for direct loads it is often 
convenient to use long welds in line with the load in place of cross or trans- 
verse welds. Theory indicates that such welds have very high concentra- 
tions of stress at the ends, but tests have not borne out the seriousness of 
these stress concentrations for static loads. Nevertheless, certain rules of 
thumb have developed such as to discount the length of a longitudinal 
weld by 25 per cent, or to credit it with the first 6 in. plus one half of the 
length over 6 in. 



Fkj. 02. Distuibution of Longitudinal Shear. 


The theoretical analysis of the simplest possible case has been pre- 
sented by H. W. Troelsch, Transactions ASCE, 1934, p. 409. The varia- 
tion of shear is as indicated in Fig. 62 except that the ratio of the maximum 
shear at the end to the minimum shear at the center of the length of weld 
may amount to as much as 10 to 1, even for a 6-in. weld. It will be fairly 
evident that there would be little advantage in increasing a longitudinal 
weld beyond 6 in. if this condition controlled. However, test data pre- 
sented by Mr. W. H. Jameson and reproduced below show rather con- 
clusively that such high stresses do not produce failure under a single 
static load. 


TABLE 5 

Static Tests of Fillet Welds 


LkN(JTH ok 
L oNraiTUDINAI. 
Fillets (•J-s") 

Totai. 

Pull 

(lb.) 

Average 

Shear on 
Throat 
( lb. per sq. in.) 

Theoretical 
Maximum Weld 
Shear 

(lb. per sq. in.) 

7" 

69,200 

37,300 

54,000 

23" 

241,000 

39,500 

97,500 

31" 

319,000 

38,800 

37,500 

114,400 

47" 

468,000 

132,000 


These data can only be explained by the fact that the plastic deformation 
which occurs beyond the elastic limit is adequate to distribute the shear 
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more or less uniformly before failure occurs. Even the theory shows that 
this will be true because the end shear of the weld is expressed as 

(16) «,(max.) = /c' 

Here, / is the unit plate stress, c' is a constant dependent upon the thick- 
ness of plates and the number of welds, and D is the detrusion ratio or the 
ratio of shearing deformation to shearing stress. Evidently, this factor 
D will suddenly reduce almost without limit as the elastic limit of the weld 
is passed in shear, and the end shearing stress s, will reduce correspondingly. 

Shear Reduction Formulas, For repeated stress in machines and for 
those bridges where fatigue is important, the high end shears mentioned 
will need to be considered quite seriously. In the design of buildings and 
other structures for fixed load, however, the matter is less serious. The 
empirical formula that follows has been proposed for the allowable load 
on long longitudinal fillets per 3^ in. of fillet leg. 

(16) S, = 1100 - 5 ■' ( for - > 20 and < 150 ) • 

a \ a / 

In this formula, L is the length of the fillet in inches and a is the size of 
the fillet leg in inches. This formula is very crude since it makes no allow- 
ance for the relative areas of the parts to be joined; however, it does 
allow for the size of the weld, which is important. It is of some interest 
that if two bars are welded together, one being of small area and the other 
of very large area, such that the deformation occurs mainly in the smaller 
bar, the unit stress at one end of the longitudinally welded joint will be 
zero, and, at the other end, it will be 1.414 times its amount for bars of 
the same size. This leads to the suggestion that the reduction term in 
equation (16) should be increased from 5 L/a to 15 L/a for such cases 
since the length in relation to stress variation has been in effect doubled 
and 1.414 X 2 X 5 = 15 nearly. 

(17) S = 1100-15- (lor - < no) • 

a \ a / 

For structures where impact and fatigue are important, a faster re- 
duction of shearing stress on longitudinal welds is required for safe design. 
It would seem advisable in such cases to follow the theory presented by 
Troelsch. As an approximation, such welds might be limited to 16a in 
length (6 in. for a standard %-in. fillet) and then designed for an end shear 
concentration of double the average shear, which would be equivalent to 
a reduction of 60 per cent in working stresses. 
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DP14. Design a welded bracket as a seat for an I-beam where the end reaction of SSflOOjf 
is located at 1^” out on the bracket. Weld value ~ ll,SOO§/n”. 


M = 36,000 X 1.75 = 63,000” h 
V = 36,000#. 

Length of welds for vertical .shear ~ 36,000 3000 — 12”. 



\hr f 


If i'- 

^^Unit Width 

Trial Section: 

Try a split beam 14WF38 with three 6” lengths of weld. 
e = 

IS 

/ = 6 X r- = 24 

12X1^ = 12 

^ X K2 X 6'^ = 36 


I {Weld) = 72 

63,000 X 4 

Flexural stress in weld = — = 3500#! , 

i2 

36 000 

Vertical shear == — ~ — = 2000#/”. 

18 

ResuUant throat stress = VndOO^ + SOOO^ = 4030§l". Use welds 6” 
long. 

Remarks: A resultant throat stress is computed here because it is in accordance with 
the theory explained in ^51. 
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DPIS, Design a welded angle seat with stiffeners for a l-heatn. 

End reaction — SO, 000 Ih. Hold throat stress to 1 1 ,SOO^/a". 

An adequate seat for this 24” beam requires a 0 X 6 X 1^2^ angle .9" long. 
Three triangular stiffeners mil be used as indicated by the sketch. Welds to the 
column are 9" long. 


Case i. Based upon the as- 
sumption that the welds resist 
flexure by memis of a T-C 
couple of arm equal to the 
angle kg. 

Ihiit vert, shear = 

30,000 

= 1670§r. 


Unit horiz. shear = 
30,0a) X 4 
' exo 


220§/''. 


Stiffeners \ 


Case! 



Case 2 


Max. unit stress (tension) = ; \ 

VJe7^+2^ = 3780§/". 

A ? 8" well 9" hno at top arul CTZ] u,per mu 

bottom of the z will provide \ 7" ' j 

adequate strength. \ yX 

Case 2. Assume application of \ ^ sf 

flexure formula and bearing ^ 

between angle arid column yjrt.9" \ c 
flange below the neutral axis. ^ o.6f ^ ^ 

Cross-section consists of: ^ 

Casa 2 

Tension area — 9 X 0.373 = 3.4n”, 

Comp, area — 9i/o. 

Hence, 3.4(6.60 - yo) - 4^6yl = 0, or ijo = 1.9". 

Therefore, the arm from T to C is 0.76 — 0.19 — 0.63 = 6.93", which is 
reasonably dose to the depth of the angle as assumed in Case 1. 

30 0(X) X -4 

Unit horiz. shear = — = 2260§l". 

6.93 X 9 

Max. unit stress — y/mo^ + mj(p = ssoofi". 

Remarks: In the critical upper weld this resultant stress is actually throat tension. It 
is interesting to note that the maximum unit stresses computed in Case 1 and Case 2 
were almost identical. Hence, the simpler calculation (Case 1) is commonly used in 
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Moment Resistance 

59. Weld Design for Flexure. Transverse flexure should certainly 
never be permitted on a single line of weld and even two lines of weld sepa- 
rated by a plate or an angle leg of ^-in. or 3^-in. thickness have relatively 
little flexural resistance. Two lines of weld separated by several inches 
may be designed to resist transverse flexure. Relatively long lines of weld 
furnish good flexural resistance when subjected to longitudinal flexure. 

Example DPIA. We will investigate on design sheet 14 the action of longitudinal 
flexure on a set of welds which are shaixid like the Clrcek letter tt. Calculations are based 
upon the flexure formula and only the weld section is taken into consideration. Actually, 
the lower stem of the split-beam section will bear against the column and will resist some 
(‘ompression. If the split-beam section had been faced for bearing, we could properly 
take its area into consideration below the neutral axis, but, since it is commonly burned 
to shape, the bearing area in contact is likely to be so small that it may well be neglected 
as was done in this example. 

Example A dilTerent case is illustrated by the example DP\^. Here the 

welds are transverse and in Case 1 they are assumed to resist both the tension and com- 
pression forces caused by flexure. For Case 2 the assumption of a straight-line variation 
of stress is inad(^ and the angles are considered to bear properly against the flange of the 
column. The result in terms of required length of weld is essentially the same as for 
Case 1. Hence, it is suggested that Case 1 be used as a simple design procedure. The 
possibility exists of redu(?ing the length of weld along the bottom of the angle to about 
that required for vertical shear alone, that is, 15,000 -f- 3000 = 5 in. Such a solu- 
tion would be acceptable if care had been used to clamp the lower part of the angle tightly 
to the face of the column before welding. A slightly longer weld would then be needed 
at the top of the angle to care for the larger percentage of the vertical shear resisted by the 
upper weld. 

Example DPlOa. This example is the design of a welded seat attached to the 
flanges of a column. Such seats are required for spandrel or ivall beams which may even 
have to be supported entirely outside of the width of the column. In DPlQa the two 
vertical welds resisting the eccentric load are spaced far enough apart that the weld 
shears may be treated as vertical forces with slight approximation. For welds more 
closely spaced, the only tool of analysis readily available is the torsion formula which will 
be applicable only if the channel used is so thick and heavy that it cannot be distorted 
appreciably, the distortion being almost entirely in the welds. 

60. Composite Connections Undergoing Flexure. A group of design 
problems is offered to illustrate how flexural resistance (*an be introduced 
into the end connections of beams, girders, and columns to produce con- 
tinuous beams or continuous-frame action. 

Wind Connection. The example DPXQh is the typical welded connection used to 
produce wind resistance or continuity between the columns and girders of a tall building 
or skyscraper. Since the moment resistance to be developed is often less than the full 
moment resistance of the girder, the connection is not made to the entire section but is 
concentrated on the flanges where moment resistance can be developed with the least 
welding and therefore at the smallest expense. For convenience in design it is assumed 
that the vertical shearing force of 33,000 lb. is resisted entirely through the w’^elds on the 



DS16 WELDED BEAM SEATS ENG. DEPT. L.G. 

DP 16a. Design a welded channel seat attached to the jlanges of a HWFS8 beam as Hr 


Instrated. The reaction of 20 k. is carried 
by a single channel. = llfdOOf/u”. 

Rb = 20,000 X 21.12 18.12 = 

23,300 lb. 

23,300 = 3890fr’ of fiUet. 

Use a }4''fdlet 6” long at b. 

Ra == 20, (XX) X3 ^ 18.12 = 3310 lb. 
Use a fillet 2” long at a. 



DP16b. Design a welded wind connection to develop 50% of the moment resistance of an 
18WF6A beam. End shear = 3S,000§. AISC and AWS spec. 

Shear Connection: {Jjowest weld values) fp/)T 

Welds on angle to resist vertical shear ^ \ 

are 'j/s\ Value - 3(W)jU" . ^ | ^ 

33,000 i. 3^ 

^ 30(X) 1- 

Use a seat angle with 6*" vertical leg ’ y ^“p/ 

and weld to col. with side welds O'* j— ‘ ^ r ■ 

long. \ 

Moment Connection: V- 33,000^ \ 

Sect. mod. of beam — 117.0. ' * 

Mr = 20,000 X 1.33 X 117.0 ^ , 

3, m, 000" I fy'ye‘4‘r2. 

„ ^ 3,120,000 X K 

2 X 17.87 U JJ 

For a 12" butt weUl to col., Ihe value needed per in. u 87,000 12 = 7260 § /". 

At an increase of 33\i% for vrind, an ij^e" weld has a value of 5600 X 
1.33 = 7330il". 

An or 54” tie pi. is salisfacUrry, 

87 (XX) 

Length of fiUet at the beam end of pi. = = 16. S". Use 17”. 

1.33 X 4000 

The fig. thickness of 0.68'* will permit a compression butt weld of vtUus 

16.000 X 1.33 X 0.68 = 13,600§/". The length needed is 

87.000 13,600 = 6.4”. Use 7”. The fig. width is SJi". 
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seat angle. This will not be true entirely although the upper plate is too flexible to 
resist much vertical shear. Actually, therefore, the shear is divided between the lower 
butt weld to the girder flange and the welds to the seat angle. The same dual resistance 
is developed to the compression force accompanying flexure if the girder is welded to its 
seat. Hence, it has been convenient and not unreasonable to design each weld for a sepor- 
rate force rather than to attempt to analyze an interaction that depends largely upon the 
procedure in placing the welds. 

Beam Continuity, Example DP17. Continuity is to be produced between two 
beams which frame into a girder. These beams might be stringers of a bridge floor or 
joists in a building. The device of using a channel to produce a tie spaced 2J4 in. above 
the top of the beam is an excellent design in that it saves the cost of coping the beam to 
raise it to the level of the girder. The (channel welds must resist not only the pull across 
the top of the connection but also the eccentric moment caused by the 234 -in. lift of the 
tie plate. Because of a modern device, the burning torch, this (channel can be shaped at 
little cost. Other possible connections could be made by slotting the web of the girder 
for a tie plate or by raising the tie plate, either upon two short lengths of (•haniiel or upon 
two thick blocks of steel — all details of mucli greater cost. 



61. Column Fixation. The detail illustrated in Fig. 63 is one of the 
most successful welded connections. It makes possible rather heavy mo- 
ment resistance at the end of a column. The principle of column fixation 
is to produce an initial tension in anchor bolts which will then resist all 
tendency toward further stretching (until the applied tension is greater 
than the initial tension). The result will be an entirely fixed column ex- 
cept for a possible rotation of the footing or defonnation of the anchorage 
angles. The connection of Fig. 63 has the advantage that it is composed 
of but a single angle on each side of the column welded directly to the 
column flange. Deformation of the connection can therefore be reduced 
to a negligible factor. 

Example DP18. In the design problem Z)P18 the hold-down angles are 6 X 6 X 
34-in. angles. They allow adequate clearance for turning the nuts on the 2-in. anchor 
bolts. These angles also are able to act as columns to support the load introduced by 
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DP17. Design a connection for a continuous beam which is a 14WF30 section. The 
beams frame into a 24WF94 girder. Use AISC and lowest AWS stresses. 

Channel Tie: 

Section Modulus of ^ ^ 

t 4 WF 3 o = 41.8. 1 — — --. r ;: ,_r_ 

Mu = .iO,OCK) X 

4I.S = S8S,00()"#. 

/see" 

Approx, arm from 
T to r = Ml../'. L 

Approx, value of lose 

HSG.aX) 

T = -—f— = 
to. 5 

oUXH) 

Web area of tie channel — = 3.7n". 

J()y()(X) 

Select atr -IS. Sif [; Aw = 




Welded Connection: 

True arm fro7n TtoC = IS.Sti — 


1SM4". 


836f)0() 

T = C = = S3, 4m 

IS . 04 

Compression weld has mine of 0.38 X ISfXX) X G = 34,200^ 

Diff. =l9,2U0jf 

This force is resisted by ^ fillets to seat. 

19,200 

Length of f illet = — — = G.4 . Use 7". 

The channel tie is connected to the beam by 10" fillets that undergo longitudi- 
nal shear arui longitudinal flexure. 

53,400 

Unit longitudinal shear = • = 2G70f/ . 

53,400 (2.25 - 0.28) X 5 

Unit shear from flexure = = 3150§/'f 

4-X2X 10^ 

12 


Resultant shear on throat 


= 


50^ 4- 2G70^ - 7420§l". 


Remarks: A }/i" fdlet weld has a value of 4000#!". An 11" weld will be used to reduce 
the shear below 4000f/". Also the flange of the 14WF30 is only 6%" wide and the 
channel flange must be beveled to permit welds on each side. The ratio L/a for 
this weld is 22 which has little effect on the working stress, equcUion (IG). 
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the anchor bolts. The side welds on the angles are designed to resist the resultant of th(? 
vertical shear produced by direct load and the horizontal shear computed from th(‘ 
flexure caused by the eccentricity of the load. It is also considered important 

in this instance that the allowable shear on these welds be reduced to allow for end con- 
centration in long welds undergoing longitudinal shear. 



PROBLEMS 

(Lowest AWS working stresses except as noted.) 

63. Design a lap welded circular girt seam for a water tank where the ? y-in. plates 
must carry a stress of 10, 000 lb. per sq. in, across the joint. 

64. Design a lap welded longitudinal seam for a circular tank 10 ft. in diameter to 
withstand an internal water pressure of 120 lb. per sq. in. Select the plate thickness fm* a 
stress of 20,000 lb. per sxp in, and add in. for corrosion. 

65. Repeat Problem 64 for a butt welded joint with reinforcing straps to obtain 
100 per cent efficiency for the plate. Use a pressure of 240 lb. per scp in. 

^ 66 . Design a splice joining two tension members one of which is one half of a 12TL^f^36 
beam and the other is composed of two angles 3 X 3 X ? s in. with the legs turned out. 
The connection is to develoj) the full value of the angles. 

67. Repeat Problem 66 for a split-beam section obtained from a 21WF112 beam and 
two 6 X 6 X ? 4 “in. angles. Design the splice for 80 per cent of the value of the angles. 

68. Design an end connection to develop the full tensile value of an 8-in., 16.25-lb. 
channel in a length of 5 in. The channel is connected to a J^n. plate and welds are 
limited to % in. Use AISC allowable stresses from § 55. 

69. Repeat Problem 68 for an 18-in., 58-lb. channel with }^-in. wolds limited to a 
10-in. length along the member. 

70. Design an end connection to develop the full tensile value of a 6 X 4 X 3^-in. 
angle connected by its 6-in. leg to a J^-in. plate. The length of the connection is not 
limited. Use two J^-in. fillets with no reduction in working stress. 


DS18 WELDED COLUMN BASE ENG. DEPT. L.G. 



Resultant shear on throat of weld — 

Vl79(f‘ + 1790^ = 2630i/". 

Make the welds IS" long. A 6 X 6 X art^U will provide clearance for 
the bolt. Add diaphragm plalea as iUiistrated. 
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71 . Repeat Problem 70 but reduce the working stress on welds over 20a in length 
according to equation (16). 

72 . Repeat Problem 70 but limit any weld to a length of 10 in. 

73. Design a connection for the angle of Problem 70 with no weld more than 6 in. 
long. 

74 . Design a welded bracket seat using one half of a 161P7^58 beam to resist an end 
reaction of 46,000 lb. located in. from the face of a column. The welds are designed 
to provide all resistance. Use AT SC allowable stresses from § 55. 

75 . In Problem 74 assume that the face of the tee is finished for bearing against the 
column. Allow for bearing of metal against metal below the neutral axis as well as for 
the resistance of the welds and determine the sizes of welds required. 

76 . Design a split-beam seat for the 26,000-lb. end reaction of a 21WF^\ beam. 
The reaction acts 234 in. from the face of the column. 

77. Repeat the calculations of the example i)P15 for an end reaction of 36,000 lb. 
acting in. from the face of the column. Allow the highest AIF/S working stresses. 

78 . Design an angle seat with stiffeners as in the example DP15 for an end reaction 

of 58,000 lb. acting 4 in. from the face of the column. Do not increase the welds beyond 
34 in. but add welds on the edges of the angle if necessary. The column flange is 10 in. 
wide. Allow the highest working stresses. 

79. Redesign the connection of />P16a for a reaction of 32 k. acting 4? ^ in- from 
the face of the column. Allow the highest A IP/8 working stresses. 

80 . Design a welded seat angle to fit between the flanges of a 14IPP314 column as in 
the upper illustration of Fig. 40a. This seat carries a 12-in. beam having an end reaction 
of 15,000 lb. eccentric 2 in. from the center line of the column (nearer to one flange than 
the other). The angle should be stiffened .since it is connected only by its vertical leg to 
the inside of the column flanges. 'The reaction line is 134 outside of the center of the 
vertical leg. Use working stresses as recommended by the Lincoln Electric Company. 

81 . Design a welded wind connection as in the example DP165 for 50 per cent of 
the moment resistance of a 21TFF73 beam. The flange width of the column is 16 in. 

82 . Repeat Problem 81 for the full moment value of the beam and for an end shear 
of 30,000 lb. Allow the highest working stresses. 

83 . Design a wielded end connection to the w'eb of a 12TP/'''92 column for a 12-in., 
31.8-lb. I-beam. Develop a moment resistance of 500,000 in-lb. and an end shear of 
22,000 lb. Use standard working stresses as given in a City Building Code. 

84 . Design a connection similar to the one illustrated by the example DP\7 to 
replace the moment resistance of a 16TPF45 beam and thus provide full continuity across 
the girder. The top of the girder is 2 in. above the beam. 

85 . Repeat Problem 84 but slot the girder to permit a splice plate to pass through. 
Allow the highest ARTS working stresses. 

86. Redesign the base connection of the example Z>P18 for 40 per cent of the moment 
resistance of the 12IPP106 column. Use stiffener plates perpendicular to the face of the 
column in place of the angle in order to obtain double the number of lines of wold. 

87 . Design a welded base connection to develop 30 per cent of the moment resistance 
of a 14TFP150 column. Use 2 anchor bolts on each face of the column. For such 
heavy work, stiffener plates provide a better detail than angles, but such plates .should be 
joined together by a welded plate outside of the anchor bolts. Use the highest AWS 
allowable stresses. 

62. The Past and Future of Structural Welding. Structural welding 
passed through the preliminary or trial stage from 1920 to 1930 and was 
then accepted as a practical method of connecting structural members. 
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The decade from 1930 to 1940 seems to have been a period of adjustment 
for the assimilation of the new tool. Naturally, there have been some 
fabricators who welcomed the opportunity to enter the welding field while 
others preferred to use the time proved method of riveting. Almost uni- 
versally, however, steel fabricators have accepted welding as a useful 
device for attaching column base plates, clip angles, beam seats, etc. 

Impact Resistance. A question that has been rais('d repeatedly con- 
cerns the impact resistance of weld metal. Charpy tests on weld metal 
placed by the bare electrode, made under the author’s direction in 1930-31, 
showed consistently low values of impact resistance.* In contrast, weld 
metal placed by heavily coated electrodes proved to be very ductile and 
showed a high Charpy valuCj in fact even greater than that of stnictural 
steel. This is convincing proof that then^ need b(^ little question as to 
the impa(;t T*esistan(*e of weld metal placed by use of proper el(5(;trodes 
heavily coated to shield the weld from the atmosphere. 

Shrinkage and Plastic Deformation, (’ooling stresvses are serious in 
welded struct u!*es since unequal shrinkage is inevitables It is known, 
however, that eeiually high stresses occur from uiuKiual (*ooling of struc- 
tural sections after th(;y have passed through the rolls in the mill. Fur- 
thermore, these sections must be straightened in the fabrication shop and 
this procedure leaves residual stresses. An occasional failure of a brittle 
piece of steel from a light blow indicates that such stn^sses may approacih 
the elastic limit of the material. The propert^y that protects structural 
steel -from injury by these internal stresses is its ductility. Welds of 
ductile metal will be ecpially safe. 

To the (h'signer, ductility has another signifi(!ance. Unecpial stress 
distribution from welding or from other fa!)rication or eretdion methods 
will be ironed out by plastic deformation. Idiose libers stressed to the 
yield point deform and do not resist additional load that may come on 
the structure. Less heavily stressed parts or j^articles must resist such 
load increments until they in turn reach the clastic limit. Near the ulti- 
mate load the result is a structure with stresses that approach those which 
would have existed if there had been no initial shrinkage stresses. 

Fatigue Failure. It is interesting to speculate upon the imporiiance of 
these shrinkage stresses when failure occurs by impact or fatigue. Fatigue 
failures occur without evident stretch or plastic deformation. It does not 
seem reasonable, therefore, to assume that the plavstic deformation above 
the yield point is available for redistributing relatively low stresses that 
may eventually result in fatigue failure. On the other hand, localized 
stresses will not ordinaiily exceed the yield point. Impact failure does 
involve considerable plastic deformation and there is probably a redis- 

* H. C. Givens and B. W. Farquhar, Thesis Studies for the M.S. Degree, Texas A. and M. 
College. , 
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tribution of stress throujsjh siieh plastic deformation, but it may not be 
as eff(K^tive as it is known to bo under static loading. 

Tests repoited at tlie University of Illinois in 1939 by W. M. Wilson 
seem to show conclusively that butt welded joints will fail at about 23,000 
lb. per sq. in. plate stress under 2,000,000 repetitions of a given kind of 
stress irrespective of the static stremgth of the plate. These tests were con- 
diK^ted upon joints of full size. It is probable that some reduction factor 
should be considered in the design of bridge welds since two million repe- 
titions are within the number to be expected in the life of a major bridge 
structure. 

Welding Versus Riveting. There has been much discussion of the pos- 
sibility that welding will eventually replace riveting entirely. Such a 
result is not to be expected. Rivets have not eliminated the use of pins 
and concrete did not replace steel as a universal structural material. 
Timber is still in wide use. The criterion is primarily economic usefulness 
and welding will therefore replacie riveting only where it is a cheaper 
method of constnuitJon. The factor of appearance enters and is important, 
but. the major influence will be relative (‘osts. 
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PINS AND BOLTS FOR CONNECTIONS 

63. Bolts, Rivets and Pins. Bolts may be used in place of rivets under 
most specifications but at reduced working stresses. Rough unturned 
bolts in punched holes are usually allowed the same values as old fashioned 
hand driven rivets. Turned bolts in drilled or reamed holes are allowed 
the same values as power driven rivets under the AISC specifications, but 
the AREA specifications allow them only the values of hand driven rivets. 
It is observed that structural fabricators often take advantage of the 
economy of bolted connections in constructing their own buildings. Since 
bolte properly tightened produce plate friction that resists shearing loads, 
there would be every reason to allow greater shear and bearing values for 
high strength alloy steel bolts than for those of low carbon steel. 

Tension in Bolts, A distinction between bolts and pins is that the 
former may resist tension. A pin should not b(^ required to resist lon- 
gitudinal tension since such stress produces friction that prevents free turn- 
ing of the pin — one of its principal functions. Bolt tension is limited by 
the fiet area at the root of the thread. The threaded part of a turned 
bolt is smaller than the shank as governed by the following common 
specification. 

Turned bolts used to transmit shear shall be in. less in diameter than the hole 
and the threaded portion shall be in. smaller than the shank. The length of the 
shank shall be Me in. greater than the grip. There shall be a washer not less than in. 
thick under the nut. 

The concentration of tensile stress that occurs at the root of the thread 
of a bolt can be allowed for either by a reduction of working stress, which 
is required by some specifications, or by a reduction of effective area. A 
specification sometimes recommended is to use as effective area the area 
of a circle of diameter Ke in. smaller than the diameter at the root of the 
thread. 

64. Structural Uses for Pins. A pin functions essentially as a single 
rivet or bolt. Its size may range from the common cotter pin of ^-in. 
or 3^in. diameter, used for connecting strap-iron bars, to the railway 
bridge pin 12 in. or more in diameter. Fixed shafts or trunnions for bas- 
cule bridges are also pins and they may be of much larger size. Pins of 
more than the 9-in. diameter have a 2-in. hole drilled longitudinally on 
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the center line to aid in the relief of locked-up stresses. This hole may be 
used to carry a 2-in. bolt for clamping circular caps on the ends of the 
pin to take the place of large lock nuts. 

Building Structures, Light diagonals can often be connected to column 
or beam flanges by pins, thus permitting the use of tie rods at less expense 
than diagonal angle bracing. An end clevis, as shown in Fig. 65, may be 
used for such connections. Pin connected tension rods, with adjustable 
turnbiu^kles to introduce initial 

tension, form excellent diagonals 

for water towers, elevated bins, L-jl iU ) 

etc. Hinged arches are used for (}p^ Rod 

coliseums and for other large open 

buildings. There may be as many < 

as three pins introduced into each ^ 

arch to control its structural ^ 

.. . . . 1 , 6.0. Clevis. 

action, feince a pm is considered 

to be a point of zero moment^ the introduction of each pin simplifies 
the analysis of an indeterminate structure. Pin connected trusses, similar 


Pk;. 6 . 5 . Clevis. 


J_Grip 





Courtesy C, M. St, P, & P. RM, Co, 

Fig. 66. Pin Connected Column Supporting Girder. 

Observe in tlic photograph the pin casting, the pin nut, girder stiffeners, floor 
Hi.ringers, an(i open drain hole. 
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to those used for bridges, are occasionally used in buildings to carry ex- 
tremely heavy column loads across ballrooms or auditoriums. 

Bridge Structures. In light bridge tru.sses it is reasonably common to 
use pin connected tie rods for diagonal bracing, although angle bracing is 
often specified for stiffne.ss. End pins and end rollers arc provided in all 
except the smallest bridge tnisscs to allow for expansion and to permit 
the end rotation that accompanies deflection. Viaduct columns, as .shown 
by Fig. 66, may be pin connected at Iwth top and bottom to provide for 
the expa7irion of great lengths of roadwaij. Suspension bridge towers have 
even been hinged iit the base (requiring very large pins) to provide for 
change in length of the straight back-stay cables under stress. Perhaps, 
however, the most extensive use for pins in bridge stnicturcs has been for 
large pin connected railway tru.ss bridges where a pin occurs at each panel 
point of each choid. The advantage.s of u.sing pius are the rediu^tion of 
secondarj' stresses that should accompany freedom of pin rotation and 
the common use of heat treated ('ye bars of high stningth as tension mem- 
bers. Disadvantages are the lack of rigidity which produces a loo.se noisy 
bridge under traffic vibration (particularly for light structures) and the 
necessity of expensive machine work on pins and pin holes. The cost of 
machine work along with the cost of pin plates, that must be attached to 
the compression members to provide adeciuate bearing area against the 
pins, just about balances the saving of weight and cost achieved by the 
use of eye-bar tension mc^mbers. The result is that riveted and piii con- 
nected bridges compete on about equal terms in regard to cost. 


Pin Design 

65. Factors in Pin Design. The design of a pin follows e.ssentially 
the same procedure as the design of a rivet. The procc.ss will be simplified 
if we think of a pin as a single large rivet. Shear, bearing, and flexure must 
be investigated. 

Shear may determine the diameter of the pin and .since the pin is a 
very important part of the structure, we should investigate the shear prop- 
erly by u.se of the beam-shear formula. The pin is, in fact, a deep beam. 
For a circular section this formula reduces to 


( 1 ) 


1 Z _ IZZ . 

Ib ~ 3 A ~ :W2 * 


The unit .shear allowance for pins is usually found to be the same as the 
maximum value permitted for power driven rivets. 

Bearing need not be treated any differently for pins than for rivets, 
although the allowable unit bearing value may be changed. It is usually 
possible to increase the bearing area by riveting or welding extra pin plate 
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to the end of the member without increasing the diameter of the pin. 
Bearing on eye bars determines the minimum pin diameter as the width of 
the widest bar (6) times the ratio of the allowable stress in tension to the 
allowable stress in bearing, that is, d = 6(/V/b). AREA specifications 
further limit the minimum pin diameter to ^\o of the width of the widest 
bar attached to it. (Spec. 185.) Allowable bearing values between rocker 
pins and cast steel rockers should be reduced to resist wear. This reduc- 
tion is 50 per cent in the AREA specifications. (Spec. 164.) 

Flexure is more serious in pins than in rivets or bolts since the bearing 
plates on a pin are separated to permit clearance for free rotation. If two 
built-up riveted members bear on a pin, the adjacent faces of these two 
members may have to be separated as much as 1^^ in. This will be the 
case if the 1-in. rivet heads are not flattened or countersunk and are sepa- 
rated the required distance of 3'^ in. Evidently, the bending moment in 
the pin will be increased greatly by such separation of members and the pin 
diameter may therefore be controlled by flexure. The allowable flexural 
stress in a pin is usually 50 per cent greater than the allowable tension in 
a truss member. The facts that (1) secondary stresses do not occur in pins, 
(2) large pins (over 7 in.) are forged and annealed, and (3) there are fewer 
possibilities of introducing fabrication and erection stresses in pins than 
in truss members are justifications for a higher working stress. For the 
purpose of computing bending moments, it is usual to assume that each 
plate or united group of plates which bears on the pin will produce a con- 
centrated bearing load. This is a conservative procedure which simplifies 
calculations and does not add appreciably to the design moment. 



(Q) Undrilled Pin 


(b) Pilot (c) Driving (d) Holding 
Nut Nut Nut 


Fig. 67 . Bridge Pin and Nuts. 


The moment of inertia of a circular area is 7rr^/4 or 0.049d^. The 
section modulus for a (cylindrical pin becomes //c = 0.049d^ -5- d/2 = 
().098d®. Hence, for a circular pin, we may write 



66. Chain-Link Pin. Suspension bridges may be supported either by 
parallel wire cables, by wire rope strands, or by chain-link cables. The 
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latter are used for spans of medium length. Such chain links are con- 
nected by pins that are subject to bearing, shear, and flexural stresses. 

Example DP 19. The example DP 19 illustrates the design of a pin to develop the 
strength of a pair of 8-in. by 2-in. eye bars. Two procedures are always possible in such 
design problems. (1) We can calculate the actual stresses for an assumed size of pin and 
(H)mpare them with the allowable stresses, thus determining whether a revision of size is 
necessary. This is the procedure used in the example DP19 for checking the minimum 
pin diameter for shearing and bearing stresses. (2) We can use the allowable unit 
stresses in bearing, shear, and flexure to determine the pin size to resist each stress and 
then we must choose the largest pin required by any type of stress. This method is used 
to select the pin diameter for flexure in the example DPI 9. Some designers prefer the 
first procedure and some prefer the second. The author usually attempts to select any 
structural member or part according to his best judgment as to the probable controlling 
stress. Then this tentative design is checked to determine its resistance to the other 
stresses involved. 

Capacity to Resist Ijoad. A third procedure in design is to determine the capacity of a 
part tentatively selected and to compare it with the applied load. This seems the least 
convenient procedure of all. It would be exemplified by the following calculation relative 
to the problem DP 19. These calculations are for a 6-in. pin. 

Bearing resistance = 27,000 X 6 X 2 = 324,000 lb. 

Shearing resistance = 13,500 X 0.75 X r X 6*/4 = 287,000 lb. 

Flexural resistance =0.1 X 6^ X 27,000/2.125 = 274,000 lb. 


Since the load is 288,000 Id. per bar, it is evident that the 6-in. pin is adequate for 
bearing and shear resistance but not for flexure. 

Bridge Pins 

67. Pin Packing. When diagonals, posts, and chords are brought to- 
gether on a pin, there are several possibilities of arrangement or of pack- 
ing ” the members. For instance, we might arrange for the diagonal 


Chord 


composed of two eye 
bars to be on the out- 
side of the top chord 
and for the beam-sec- 
tion post to be placed 
on the inside of the 
chord member. (See 
Fig. 68.) But we must 
realize that the post 
forms the reaction to 
the stress in the di- 
agonal, for vertical 
flexure of the pin. 
Hence, it is evident that this improper arrangement of separating the post 
and diagonal by the chord web produces a large vertical flexural moment 
in the pin. An equally heavy horizontal flexure may be produced by 
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DP19. Design a pin to connect two pairs of parallel eye bars of size 8" X The eye 
bars of a single member are spaced at least 4" apart and those of adjacent members 
at least apart. AASHO spec. 

Minimum Pin Diameter: 

Minimum diameter is of the uxidlh of the widest bar or 6". 

Bar tension. 8 X 2.0 X 18 fm = 288,000§. 

Bearing unit stress. 288^000 6* X 2.0 = 2/i.y000§/a" (< 27,000). 

Average shear stress. 288,000 ^ (tt X 6'V4) = 10,200§ln" (< 13,500). 
Arrangement of bars. Bars must he alternated to maintain symmetry. 



Bending moment. M = 288,000 X 2.125 = 613,000''§. 


Diameter for flexure. 


3 / 613,000 

\0.1 X 27,000 


[Equation 2.] 


Remarks: The minimum pin diameter of would be adequate for shear and bearing 
but it must be increased to 6}4" for flexure. 
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DP20, Arrange a horizontal chord member^ a rcrlical post, and an eye-bar diagonal of a 
building Irms to meet on a /mt so that the pin diameter is a minimum. The 
dimensions of the post may be varied. Allow between adjacent plates and 
bars. A I SC s pec. 

Case 1: Chord outside; diagotud inside; post between. 

Chord A'^deor . _ 

Chord C f5*50” 


D/og Pos/P/s.l^*/” 
“ tanges) 


8"“/^ Bars 


Hemling moment. 

H-comp. = 200, mt X 2.Sd = 

870,tJ00"if. 

V-comp. = to0,000 X t.oO = 

22n,000”h 

Mr„uuanl = C57n,(X)(P + ^'^r,,(X)0^ = 

f!12,000"§. 


20QH. 200k 



150k. 150k. 200k. 


Uiayneler = 


/ fil2,(XX) 
\jo.i X 30,0(X) 


V-Comp. 


H-Comp 


Bearing stress. {Post controls) I) = 


S2,fXX) X 0.87 


Shearing .dress. {Max. V = 2o0k.) 1) = 


/ 10 X 2o0,(XX) 

/ ^ = 5.3''. 

\sxirx 15, ax) 


Case 2: Chord outside; post inside; diagonal between. 
Bending moment. Chord 

H^mp. = 200,0a) X 1.73 = 

3/f0,000"f. I • 2 

V-comp. = 150,000 X 1.50 — M 

225,000" ff. ^ 

MruuUant = ^ SWXXP f 2'2r>,00()^ 

= 413,000"#. ^ 


<( ■ r . 

I*-// 17J^ 



Diag. I Post \/.Comp. H'Comp. 


3 / J#13,000 

Diameter == ^ / = 5.2". 

ylo.l X 30,000 

Remarks: Since the arrangement of Case 2 gives a smaller diameter for flexure than 
for bearing, we will use this arrangement and make the pin to care for hearing 
stress. The A I SC spec, do not require the pin to he 75 or 80 per cent of the width of the 
widest eye bar. 
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placing the post inside of the chord and by arranging the diagonal eye 
bars inside of the post so that the chord and the diagonal are then sepa- 
rated by the post. Thus, a large lever arm is produced between the 
horizontal component of the diagonal stress and its reaction which is the 
stress in the horizontal chord. 

Example of Packing, D/^20. The arrangement just mentioned is illustrated by 
the sketch for Case 1 of the example DP20. The lever arm is 2.85 in. which gives rise to 
a resultant moment of 612,000 in-lb. The moment desired, of course, is the resultant of 
the moments computed separately from the vertical and horizontal components of the 
forces on the pin. 

Minimum Size of Pin. The most desirable arrangement from the point of view of 
pin selection is shown as Case 2 of the example DP20. The diagonal is placed between 
the chord and the post so that its two reactions (chord and post) are both (uljacent to it. 
The greatest lever arm then reduces to 1.73 in. with a reduction of pin moment to 
413,000 in-lb. A pin of 5}<4-in. diameter would then be adequate for flexure, but a 5 J/^in. 
pin was found in Case 1 to be necessary for bearing or shear. In some instances bearing 
stresses will become so serious that an oversize pin may be desirable to reduce the number 
of pin plates required on the compression members. Under such circumstances an 
arrangement such as Case 1 of DP20 may not be objectionable because a reduction of pin 
moment obtained by placing the diagonal between the chord member or members and 
the post would not permit a reduction in pin diameter. Other specifications regarding 
the minimum pin diameter may also influence pin packing. 

68. Bridge Pin Packing and Design. The members of railway bridge 
trusses of long span are often pin connected. Since there may be a dozen 
or more panel points on one side of the center line of the truss, we are 
faced with many possibilities in arranging the members on the pins. Of 
course, the packing at one joint influences the packing at an adjacent 
joint because built-up members have a constant width from end to end and 
eye bars are permitted to slojje no more than He in. per foot of length. 

Upper chord members butt end to end at the pin as shown in Fig. 69(a). 
Diagonals arc packed between the upper chord members and the vertical 
posts or hangers. At the lower chord it is desirable to alternate pairs of eye 
bars from opposite directions to reduce the lever arm for bendhig moment 
on the pin (see joint d in Fig. 69(c)). Counters may be fitted in as found 
convenient. A single counter such as cD is satisfactory at the center lino 
of the pin if it is maintained in position by the use of ring fills. Spacers are 
needed between eye bars wherever the spacing is more than 34 in. Parallel 
bars of the same member are placed at least 1 in. apart for painting. 

Controlling Pins, At upper chord panel points of the common Pratt 
truss, the diagonal provides the load on the pin, the vertical post furnishes 
vertical reactions and the horizontal chord provides horizontal reactions. 
At the hip joint, both the hanger and the diagonal produce the loads (the 
end post and chord providing reactions); thus, the largest pin is usually 
needed at the hip joint. Since the pin forces must be in equilibrium, we 
shoTiId use stresses in the connecting members produced by a single position 
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(c) Pin Packing at Lxiwer Chord 
Fig. 69 . Pin Packing for a Bridge Truss of Pratt Type. 
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of the live loading. Hence, we choose the maximum hanger stress and com- 
pute the greatest diagonal stress consistent with the proper loading foi 
maximum hanger stress. End post and chord stresses can then be obtained 
for static equilibrium. These forces are increased for impact, based upon 
the length of bridge covered by the live load, the pin stresses being com- 
puted for dead loadj live load, and impact 

It is customary to make the pin at the reaction as large as the one at 
the hip joint (to avoid numerous pin sizes) even though a smaller reaction 
pin might be used in most cases. The lower chord pin of maximum size 
occurs at the panel point c since the diagonal of greatest stress joins the 
lower chord at the joint c. The heaviest pin in the upper chord between the 
hip joints occurs at C but its size is usually controlled by the specification 
that the minimiun pin diameter is 80 per cent of the width of the widest eye 
bar attached thereto. Therefore, the pin sizes can normally be reduced to 
two or three: (1) hip and reaction, controlled by the hip joint (2) other 
lower chord pins, controlled by the joint c (3) other upper chord pins, con- 
trolled by specification for minimum diameter at the joint C, The designa- 
tion C or c indicates the third panel point as shown in Fig. 69 irrespective 
of the number of panels in the truss. 

Pin Plates 

69. Design of Reinforcing Plates. The minimum size of an eye-bar 
pin usually is specified so that the eye bar will not be overstressed in bear- 
ing. The thin web or flange plates of a built-up member recpiire rein- 
forcement for bearing unless a pin of extromcl}^ large 
diameter is used. Reinforcing plates or pin plates 
may be either riveted or welded to the member. As 
illustrated by Fig. 70, the pin plates must build up 
the net section a-6 on the center line of the pin to 40 
per cent more than the section through the member 
itself. The section required beyond the pin along c-d 
is specified for the case of tension members as equal 
to the cross-sectional area of the member. 

The main problem in the design of pin plates is 
the^r proper attachment to the member so that the 
stress received by each pin plate through bearing on 
the pin will be transferred back into the main parts of the 
member. This is accomplished by proper design of 
rivets or welds. The connection must be designed to 
produce a uniform distribution of stress over the entire cross-section of thr 
member beyond the end of the longest pin plate. A typical riveted pin 
plate connection arranged to accomplish this result is shown in Fig. 72. 



Fig. 70 . Net Section 
AT Pin Hole. 
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Courtesy C. M. St. P. A P. R.R. Co. 


Fig. 71. Riveted and Pin Connected Joint with Pin Platesi 

The photograph shows pin plates which thicken the gusset plate so that the eye- 
bar diagonal will not produce an excessive bearing stress through its pin connection. 

70. Pin Plates on a Compression Chord Member. Example D/^21. This example 
shows the calculations for riveting a group of pin plates to the outside of the web plates 
of a standard top chord section for a railway bridge truss. As shown in Fig. 72, the usual 
plates are a fill plate of the same thickness as the thickest angle (supplemented by a thin 
fill on the face of the thinner angle), a ^nn plate of the maximum possible width to overlap 



Fig. 72. Multiple Pin Plates on a Compkession Chord Member. 


the angles, and a hinge plate riveted over the pin plate and top angle only. The hinge 
plate makes a proper in.sertion of the pin possible even though the pin plate and the fill 
plate are merely finished to bear against the pin. 

The total width of bearing needed against the pin is calculated as 2.78 in. in the 
example DP21, then the load to be transferred through each plate is determined accord- 
ing to the relative thickness that it furnishes in bearing on the pin. The hinge plate 
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DP21. Design riveted pin plates for the comjtression chord member of a railway bridge. 
The pin is diam. The load is 1^000^000#. Use 1" rivets. AREA spec. 

Pin Plates: 

Area = 16.3 -f 33.0 + 9.2 -f 1U7 = 70.2d". 
cov. webs top A bot. A 

1 , 000,000 „ ^ 

Unit stress — = 14,350f/o . 

70*2 

1,000,000 

Thickness for bearing = ____ 

= 3.78". 

Pin pi. thickness = 2.78 — 0.78 — 2.03". See Fig. 72 for arrangement. 
Reinforcing pis. used unit be a fill pl-t « 1^" pia pL, and a ^g" hinge pi. 

Rivets through Plates: 



Bearing unit stress — 1,000,000 2{7.6 X 2.87) — 23,200§/ . 

Rivet t^ahw, single shear controlling ~ 13,500 X 0.785 = 10,600^. 

7.5 X 0.625 X 23,200 

Rivets through hinge pi. == = 10.3 (11 used). 

10,600 


aU pis. = 


7.5 XU50 X 23,20 0 
10,600 

7.5 X 2.12 X 23,2(X) 
10,600 

U,250 X (16.3 + 9.2) 
2 X 10,600 
14,260 X 11.7 
2 X 10,600 


= 24.6 (38 used). 


35.0 (42 used). 


17.1 (17 used). 


= 7.9 (11 used). 



Remarks: In total 11 rivets pass through the hinge plate. There are 11 rivets through 
the bottom angle and the pin plate which make a total of 38 rivets through the pin 
plate instead of the required 25. However, toe have only 13 rivets through the top angles 
in the length of the pin plate. Hence, 4 extra rivets are placed through the fill plate 
beyond the pin plate. Thus we use 4 extra rivets through the top angle for stress transfer 
from the web, a total of 17 as required. 
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being on the outside must have enough rivets to develop its bearing stress by rivets in 
single shear; 11 rivets are required and 11 furnished. Next, a sufficient number of 
rivets in single shear must be placed through the hinge plate and pin plate, taken as e 
group, to develop their combined loads. We calculate that 25 rivets are necessary, but, 
as will be seen, a much larger number is furnished. Finally, there must be enough rivetE 
through all 3 reinforcing plates, considered as a group, to transfer their combined stress 
to the w’eb and flange of the member through the use of rivets in single shear. We find 
that 35 rivets are required and 42 are furnished. 

Stress Equalization. The minimum number of rivets mentioned above for each plate 
will transmit the bearing stress through the reinforcing plates and into the main member. 
The excess rivets furnished are necessary to allow each part of the section to receive its 
proper share of the total stress. For instance, there must be enough rivets through the 
lower angle within the length of the pin plate to transfer stress equal to the full value of 
the angle by rivets in single shear. For this purpose 8 rivets are needed. The corre- 
sponding group of rivets through the top angle must have a resistance in single shear 
equal to the value of the top angle and one half of the value of the cover plate. Since this 
requirement may necessitate excess length of pin plates, as is the case for the example 
DP21, it is often better to place one plate inside of the web plate to make the rivets act in 
double shear. In lieu of this, we may extend the fill plate beyond the pin plate, as in the 
example D/^21, in this way forcing the web to transfer stress from the fill plate to the 
upper angle. Thus 4 rivets in the angle beyond the pin plate become a part of the 17 
rivets needed through the angle for complete stress transfer. The result of these require- 
ments is that a considerable number of excess rivets is used. In fact, 42 rivets are 
shown where 35 w'ould have been adequate if they could have been distributed for full 
effectiveness. The pin plate shown might be shortened to include only 8 rivets through 
the bottom angles, but this arrangement would necessitate too great a transfer of stress 
from the fill plate to the upper angle through the ireh. 

71. Pin Plates on a Welded Tension Member. Example DP22. A hanger or other 
built-up tension member is usually of I shape. In welded construction the flanges of the 
I can be formed rather effectively from channels. I'hese channels will then be bored for 
an end pin connection after pin plates are added both inside and outside of the channel 
W’ebs to provide the proper bearing area. The total thickness of metal needed in the 
example I)P22 is 1.75 in., of which 0.42 in. is furnished by the web. The inside pin plate 
is shown slotted to straddle the web plate of the hanger. Net area through the pin hole, 
40 per cent in excess of the cross-sectional area of the member, is provided to meet the 
Also requirements for tension members. The area of section beyond the pin and on the 
center line of the member to be provided is ecjual to the cross-sectional area of the mem- 
ber. This requires an 8-in. extension of the pin plates beyond the pin. 

The inside pin plate must transfer load to the web plate and, therefore, its w’elds to 
the channel must overlap the w’elds between the channel and the wad) plate of the hanger 
for a length sufficient to effect such transfer of stress. This length is calculated to be 12.5 
in. Each pin plate must also be welded to the channel w'ith a sufficient length of weld to 
develop its bearing pre.s.sure against the pin. The outside pin plate is welded to the 
channel with about 40 in. of Js-in. continuous fillet weld. The slotted inner pin plate is 
wielded continuously with a Jg-in. fillet weld along the sides of the slot (26 in.) while 
intermittent fillet welds 2 in. long at 5-in. centers along the sides and upper edge of the 
plate provide more than enough additional length of weld, the total requirement being 
only 39 in. 

Riveted Pin Plates for a Tension Member. The important variation from the pro- 
cedure of the example DP22 necessitated by the use of rivets would be to deduct from the 
net section all rivet holes on any transverse line within the length covered by the pin. 
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DP 22, Design welded pin plates foff a hanger of f h^nWing truss of the cross-section 
shown. The pin is of 5'^ diameter which is adequate for shear and also for 
flexure^ with special pin packing. The load is SBOjOOGjf. Use welds. 
AISC and AWS spec. 

Pin-Plate Design: 15-35^1^ 

Cross-sectional area 2 X 10.2S + 7.50 = 28.0a". 

Value of metnher — 20,000 X 28.0 — 560, 000 jf. 

560,000 

Thickness for bearing = — = 1.75 . 

2 X 5 X 82,000 

Pin-pl. thickness = 1.75 — 0.42 — 1.33". 



An outside pin plate %" thick and an inside pin plate thick (slotted) will 
he tried. Make pin plates about 14" wide. 


Net sect, at pin 
= 2X 10.23 Y 2 X 14 X 
1.37 - 2X5 X U79 
= 40.9a". 

Reqd. sect, at pin 
= 1.4 X 28.0 = 39. 2a". 

Extension beyond pin 
= 28.0 2 XL79 == 7.8". 

Weld Design: 

Length of four J g" u'ch loelds 
to develop web = 20,000 X 12 
X 0.625 -J- 12,000 - 12.5". 

Extend inside pin plate 13" 
along web. Outside pin plate 
may he cut off when developed 
for bearing on pin. 



560,000 0.625 

Outside pin plate — value in bear. — — -- — X ^ 98, 000 f. 


Length of = 98,000 -r- 3000 = 33". About 40 ' is shoum. 

560,000 ,0.75 

Inside pin plate — value in bear. = — - — X — In ,000#. 


Length of ^g" weUi = 117,000 30no = 39" ( se an intermittent 
weld 2 in. long at 5-in. centers along siaes ana end out use continuous 
welds along sloping cut. 

Remarks: The compactness of the welded connection i? of Ua desirable features. 
Even greater compactness could be obtained if necessary by use of slot or plug welds. 
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Again, a similar deduction would be advisable when consideration is given to the required 
length beyond the pin. Some of the rivets must either be flattened or countersunk on one 
side since the pin will have other members connected to it. Countersunk rivets are often 
discounted 50 per cent in design. 


PROBLEMS 


88. Design a chain-link pin to connect 2 pairs of parallel eye bars of size 5 in. X 

in. Other details are similar to /)P 19. Usei4i4*S'//Ospec. Ans. Use a 4J^-in. pin. 

89. Revise I)P20 for a load of 450,000 lb. in the eye bars which have a slope of 45 
decrees with the horizontal or vertical. Study both cases a.s in DP20. 

90. Design a pin to bear on the steel iiase for the (;a.se 

illustrated. Use A I SC spec. The total force on the 
pin is 420, (XK) lb. Ans. <l — .5.0 in. 

91. Repeat Problem 90 for AREA spec, after select- 
ing the w’idth of the supporting standards from working 
stresses for cast steel. Note that the allowable bearing 
between a pin and an end rocker by AREA spec, is only 
50 per cent of the allowable bearing between the pin 
and the member. 

92. Select a bolt to act as a pin for a standard No. 
5 clevis. The tie rod is of 1 in. diameter and is upset. 
Other details can be obtained from the AISC hand- 
book. The pin should preferably be able to develop 
the tie rod according to the AISC spec. The clevis has 
a grip of in. for connection to a ^-in. plate. 

Am. Use IJ^-in. bolt. 

93. Revise the example DP21 for a section composed of a cover plate 28 X ^ in., 
web places 24 X in., upper angles 4 X 4 X 3^ in. and lower angles 6 X 4 X ^ in. 
Use an 8-in. pin. 

94. Revise the example DP22 for a section composed of two 12-in., 30-lb. channels 
and a 12 X 3^-in. web plate. Use a pin of 43^-in. diameter. 

95. Select pin plates and arrange welds to connect a 12PUF65 section to a 43^i-in. 
pin which wull be adequate for shear and flexure with special pin packing. The flanges 
are drilled for the pin and the connection must develop the tension value of the section at 
20,000 lb. per sip in. Use AISC spec. 

96 & 97. Obtain plans of a pin connected truss and check the pin packing, pin size, 
and use of reinforcing plates at one upper and one lower chord joint. 



72. Special Functions of a Pin Connection. Evidently, the usual pur- 
pose in placing a pin in a structure is to obtain a point of free rotation or of 
zero moment. This will not be accomplished fully unless friction is reduced 
to a minimum. In a few instances a crude pin arrangement will suffice since 
the pun^ose may be merely to reduce to a small value the moment at a 
I)articular section. This is the usual case where pins are assumed in the 
analysis but not actually introduced into concrete structures. Evidently, 
this result can be accomplished by the sudden restriction of a cross-section to 
perhaps one half or one third of its full breadth for a relatively short length. 
With welding as a structural tool, this idea of sharply reducing the overall 
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size of a member to reduce its moment resistance without permitting a re- 
duction of cross-sectional area becomes a practical device for simulating pins 
in a steel structure. The result might be a means of controlling the mo- 
ments in a continuous steel frame. 



CHAPTER 5 


TIMBER CONSTRUCTION 


Knot 


Wane 


73. Wood Structures. Timber is used for temporary structures be- 
cause of its low cost. When maintained either continuously dry or con- 
tinuously wet, timber structures have a life that may exceed twenty or 
even thirty years. Submerged piles of Roman origin have been found in 
good condition. Timber will have a short life if it is alternately wet and 
dry. It is also attacked by certain insects and worms such as the termite 
and the teredo, or marine lx)rer. 

Defects in Timber. Natural defects in wood as shown in P"ig. 73 in- 
fluence its strength. Knots on the top or bottom of a structural piece 

reduce the flexural strength in 
proportion to the relative width 
covered by the knot. Shakes are 
separations between fibers of the 
wood along the? grain. Checks and 
splits are similar defects that cross 
the annual rings. Such defects 
reduce the shearing strength par- 
allel to the grain. A wane, which 
Ls merely bark along one comer 
of the timber, is not very serious 
in its effect on strength since only 
a small wane is permitted in stme- 
tural timber. Slope of the grain 
is objectionable in that it reduces 
the strength of both beams and 
columns. The strength is reduced for slopes greater than 1 in 20; the 
necessary reduction is about 50 per cent for a slope of 1 in 6 either in 
beams or columns. 

74. Structural Timber Classifications. Structural timbers are classified 
under three groups: (1) joists and planks of nominal thicknesses 2 in., 3 in., 
and 4 in. and nominal widths up to 16 in. by even inches, (2) beams and 
stringers of nominal widths and depths of 5 in., 6 in. and up to 20 in. by 
even inches, and (3) posts^ or timbers carrying longitudinal loads, in nom- 
inal sizes of 5 in., 6 in., and of larger dimensions in even inches. Dressed 

m 


Split 


Radial 

Checks 



Sloping 

Grain 


Fig. 73 . Faults in Timber. 
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joists and planks are reduced ^ in. in thickness and also in width up to 
6 in. Commercial beams, stringers, posts and also joists or planks of 
widths greater than 6 in. are reduced t)y planing. 

Strength Determined by Stress Grading. Timber classification is based 
upon strength either in flexure for joists and beams or in compression for 
posts. Such classifications are given in Tables 8 to 10 for commercial 
timbers. The strength of clear timber not of commercial grade is given 
in Table 6. 


TABLE 6 

Safe Unit Stresses for Clear Timber 
(See Tables 8 to 10 for commercial timbers) 



Flexure 

Extreme 

Fiber 

C’OMPRESSION j 

Horizontal Shear j 

Moddld.- 

OK 

Elahticity 

SpEClErt 

1 

Perpen- 
dicular 
to Grain 

Parallel 

to 

Grain 

Beams 

Details 

Cedar, northern and 
southern white 

1000 

175 

730 

90 

130 

800,000 

Cedar, western red 

1200 

200 

930 

100 

150 

1,000,000 

Cypress, southern 

1730 

300 

1470 

130 

190 

1,200,000 

Douglas fir, west (!oast 

2000 

325 

1470 

120 

180 

1,600,000 

Douglas fir, inland 

1470 

275 

1070 

110 

160 

1,200,000 

Hemlock, eastern 

1470 

300 

930 

90 

130 

1,100,000 

Larch, western 

1600 

325 

1470 

130 

190 

1,300,000 

Oak, red and white 

1870 

500 

1330 

170 

250 

1,. 500,000 

Pine, southern yellow 

2000 

325 

1470 

140 

210 

1,600,000 

Pine, southern yellow, 
dense 

2330 

375 

1700 

170 

250 

1,600,000 

Redwood 

1600 

250 

1330 

90 

130 

1,200,000 


In order to maintain the strength requirements of commercial timber, 
rigorous specifications have been accepted by the lumber industry. Such 
specifications control the allowable sizes and locations of knots, shakes, 
checks, splits and wane^s. Also, the maximum slope of the grain is speci- 
fied. The qualifying adjectives dense and close grained are defined 
with respect to the number of annual rings per inch for each species of wood. 
The designer can now feel that the specification of 1800/ dense short- 
leaf southern pine ” or 1200c close-grained Douglas fir (coast) ” will 
produce timber adequate to resist the unit stress designated by the classi- 
fication. 

75. Allowable Unit Stresses. Comparisons may be made from Table 6 
of the relative unit stresses permitted in timber for different load con- 
ditions. The allowable compression parallel to the grain is roughly 75 
per cent of the value in flexure while allowable compression perpendicular 
to the grain is only about 20 per cent of the flexure value. Horizontal 



132 


DESIGN OF MODERN STEEL STRUCTURES 


TABLE 7 

Strength Factors for Commercial Timber* 


Designation 

Beams and Stringers 

Joist and Plank 

Posts and 
Timbers 

Fiber Stress j 

Beam Shear 

Fiber Stress 

Beam Shear 

Compression 

Clear 

100% 

100 

100 

100 

100 

Select 

75% 

I 75 

67 

75 

75 

Common 

hOVo 

1 60 

57 

60 

, 00 


" These factors can be applied to the data of Table 6, but the stress factors from Tables 8, 9, and 10 are 
preferred. 


TABLE 8 

Allowable Unit Stresses for Commercial Joists and Planks 
(Load applied to either face) 


Grades and Species 

Fiber Strehs 
IN Bending 

OR Tension 

Maximum 

Horizontal 

Shear 

Compression 
Perpendicular 
TO Grain 

Modulus 

OF 

Elasticity 

1800#/ Dense Douglas fir (coast 
and inland) 

1800 

120 

380 

1,600,000 

1800#/ Dense larch 

1800 

120 

380 

1,300,000 

1800#/ Dense longleaf or dense 
shortleaf southern pine 

1800 

120 

380 

1,600,000 

1600#/ Close-grained Douglas 
fir (coast) 

1600 

100 

345 

1,600,000 

1600#/ Close-grained Douglas 
fir (inland) 

1600 

80 

335 

1,500,000 

1600#/ Close-grained larch 

1600 

100 

345 

1,300,000 

1600#/ Dense longleaf or dense 
shortleaf southern pine 

1600 

120 

380 

1,600,000 

1600#/ Close-grained redwood 

1600 

80 

267 

1,200,000 

1400#/ Tidewater red cypress 

1400 

120 

300 

1,200,000 

1400#/ Oak 

1400 

120 

500 

1,500,000 

1400#/ Dense longleaf southern 
pine 

1400 

100 

380 

1,600,000 

1400#/ Close-grained redwood 

1400 

80 

267 

1,200,000 

1200#/ Port Orford cedar 

1200 

100 

250 

1,200,000 

1200#/ Douglas fir (coast) 

1200 

100 

325 

1,600,000 

1200#/ Douglas fir (inland) 

1200 

80 

315 

1,600,000 

1200#/ Larch 

1200 

100 

325 

1,300,000 

1200#/ Dense shortleaf south- 
ern pine 

1200 

100 

380 

1,600,000 

1200#/ Close-grained redwood 

1200 

70 

267 

1,200,000 

1100#/ Port Orford cedar 

1100 

80 

250 

1,200,000 

llOOjj/ Tidewater red cypress 

1100 

100 

300 

1,200,000 

1100#/ Oak 

1100 

100 

500 

1,500,000 

1000#/ Western red cedar 

1000 

100 

200 

1,000,000 
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TABLE 9 

Allowable Unit Stresses for Commercial Beams and Stringers 
(Load applied to narrow face) 


Grades and Species 

Fiber Stress 
IN Bending 

OR TENHIt)N 

Maximum 

Horizontal 

Sheau 

Compression 
Perpendicular 
TO Grain ' 

Modulus 

OF 

Elasticity 

1800#/ Dense Douglas fir (coast 
and inland) 

1800 

120 

380 

1,600,000 

1800#/ Dense larch 

1800 

120 

380 

1,300,000 

1800#/ Dense longleaf or dense 
shortleaf southern pine 

1800 

120 

380 

1,600,000 

1600#/ Close-grained Douglas 
fir (coast) 

urn 

100 

345 

1,600,000 

1600#/ Close-grained Douglas 
fir (inland) 

KKK) 

80 

335 

1,500,000 

1600#/ Close-grained larch 

KiOO 

lOf) 

345 

1,300,000 

1600#/ Dense longleaf or dense 
shortleaf southern pine 

1600 

120 

380 

1,600,000 

1600#/ Close-grained redwood 

1600 

80 

267 

1,200,000 

1400#/ Tidewater red cypress 

1400 

120 

300 

1,200,000 

1400#/ Oak 

1400 

120 

500 

1,500,000 

1400#/ Dense longleaf southern 
pine 

14(K) 

100 

380 

1,600,000 

1400#/ Close-grained redwood 

1400 

80 

267 

1,200,000 

1200#/ Douglas fir (inland) 

1200 

80 

315 

1,500,000 

1200#/ Larch 

1200 

100 

325 

1,300,000 

1200#/ Dense shortleaf southern 
pine 

1200 

100 

380 

1,600,000 

1200#/ Close-graiiKHl redwood 

1200 

70 

267 

1,200,000 

liOOojff Western red cedar 

1000 

100 

200 

1,000,000 


beam shear is limited to l(\ss than 10 per (Huit of the allowable stress in 
flexure although some specifications would allow a 50 per cent increase 
for unit horizontal shear in timber details. 

These percentages vary greatly for different 
species of timber and should not be used in 
computations. 

Bearing Oblique to the Crain * An expres- 
sion has be(H)me commonly acci'pted for tlu) 
calculation of the allowable unit compression 
or bearing at any angle to t he grain. It is 



( 1 ) 


pq 


p -f- q COS-0 


Fig. 74. Bearing at an 
Angle to the Grain. 


* The formula given is from th(* Wood HamUwok of the Forest Products Laboratory. 
Much of the data to he given on resistance of nails, screws, holts and connectors is taken from 
the publications of the Forest Products Laboratory, to which the reader is referred for impor- 
tant information on special cases not covered here. 
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In this relation u is the unit allowable compression or bearing at the slope 
B with the grain (see Fig. 74), p the allowable unit compression parallel to 
the grain, and q the allowable unit compression perpendicular to the grain. 


TABLE 10 

Allowable Unit Stresses for Commercial Posts 
(Timbers carrying longitudinal loads) 


Grades and Species 

Compression Parallel 

TO Grain, 

Short Columns 

Modulus 

OF 

Elasticity " 

1200#c Tidewater red cypress 

1200 

1,200,000 

1200#c Close-grained Douglas fir (coast) 

1200 

1,600,000 

1200#c Close-grained Douglas fir (inland) 

1200 

1,500,000 

1200#c Close-grained larch 

1200 

1,300,000 

1200#c Dense longleaf or dense shortleaf 



southern pine 

1200 

1,600,000 

1200#c Close-grained redwood 

1200 

1,200,000 

1100#c Douglas fir (coast) 

1100 

1,600,000 

1100#c Douglas fir (inland) 

1100 

1,. 500, 000 

1100#c Larch 

1100 

1,300,000 

1100#c Oak 

1100 

1,500,000 

1100#c Close-grained redwood 

1100 

1,200,000 

1000#c Port Orford cedar 

1000 

1,200,000 

1000#c Tidewater red cypress 

1000 

1,200,000 

1000#c Oak 

1000 

1,500,000 

1000#c Dense longleaf southern pine 

1000 

1,600,000 

1000#c Close-grained redwood 

1000 

1,200,000 

SOOifc Western red cedar 

800 

1,000,000 


® Modulus of elasticity for loads perpendicular to the grain varies from 1% to 10% of values given. 


Moisture^ Decay^ and Timber Treatment. The allowalile stress in com- 
pression parallel to the grain or in flexure might Ini increased slightly for 
timber continuously dry. Timlier continuously wet is weakened about 
30 per cent in compression perpendicular to the grain. Frefiuent variation 
of moisture results in decay and should be considered by a r(3du(;t,ion of 
working stress up to 25 per cent. If the decay hazard is sufficiently seri- 
ous to require a greater stress reduction, it is desirable to use treated timber. 
Creosote and other timber preservatives reciuiring the use of heat, vacuum, 
and pressure weaken the timber up to as much as 25 per cent, but the gain 
in decay resistance is usually considered to justify the use of unreduced | 
working stresses. J 

Impact and Fatigue. Timlier is able to withstand greatly increased 
loads momentarily. Hence, impact is seldom considered in the design of 
a wood structure. The fatigue limit for rectangular beams is about one 
third of the modulus of rupture. Since the allowable working stress is 
only alx)ut one sixth of the modulus of rupture, the danger of fatigue 
failure is negligible. Wood stressed slightly below the fatigue limit may 
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be expected to withstand at least IdfiOOfiOO repetitions of stress. For a 
stress slightly above the fatigue limit, this factor will drop to 2fl00fi00 
repetitions of stress. 

Holding Power of Nails and Screws 

76. Holding Power of Wire Nails and Spikes. There is considerable 
variation of test results on the holding power of nails because of the num- 
ber of variables involved. These may be listed as (1) quality and species 
of wood (2) edge distance (3) nearness of a knot or fault (4) method of 
driving (5) moisture content when driven and when pulled. Since these 
factors are not all under control, particularly the human element in driv- 
ing, it has seemed best to reduce ultimate holding power by a factor of 
6 for working loads. Thus we obtain the following approximate relation- 
ship, 

(2) P = 

In this formula, P is the safe load in tension per lineal inch of penetration, 
G is the specific gravity of the wood (oven dry) and d is the diameter of 
the nail or spike in inches. 

The only important case in which this formula needs correction is for 
application to southern yellow pine. Then, a factor of 80 per cent should 
be introduced up to the twelvepenny size and a factor of 70 per cent is 
used above the twenty penny size. Thus, we get the values offered in Table 
11 which is obtained from the Wood Handbook of the Forest Products 
Laboratory. 


TABLE 11 

Safe Holding Power of Wire Nails and Spikes “ 
(Values are in pounds per lineal inch of penetration) 


Timber 

Specific 
Gravity 
( oven dry) 


Size of ' 

Nail (penny designation) 


Species 


12 

16 

20 

30 

40 

50 

60 

Douglas fir 

0 .51 

28 

32 

35 

41 

44 

48 

52 

56 

Oak, red or white 

0.G9 

60 

67 

74 

87 

94 

102 

111 

120 

Longleaf pine 

0.64 

39 

45 

47 

50 

55 

59 

64 

69 

Shortleaf pine 

Ponderosa pine and red- 

0.59 

32 

36 

38 

41 

44 

48 

52 

57 

wood 

0.42 

17 

19 

21 

25 

27 

30 

32 

35 


" Reduce 40 per cent if driven parallel to the grain. 


Sizes of Wire Nails and Lag Screws, The common designation of wire 
nails and small spikes is by weight per ihomand. Thus a thousand sixpenny 
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nails weigh six pomicls, etc. The iliametcr of the nail or screw is needed 
in the dctennination of holding power and is given m Table 12. 

TABLE 12 

SlZKS OF OllDlNAUY WlRE NaILS AND La(J ScREWS 


Size of N ml 

Diameter, d 

d‘'-- 

Length 

Diameter 
T.AG Sl’UEW 

T.kngth 

]']ightpenny 

0.13 

0.047 

2y2 



Twelvepenny 

0.15 

0.0.58 


Vs 

l>i-6 

Sixteenpenny 

0.16 

0.065 

m 

He 

1 

Twentypenny 

0.19 

0.083 

4 

K 

lJ^-10 

Thirty penny 

0.21 

0.096 

4H 


2-12 

Fortypenny 

0.22 

0.105 

5 

% 

2-12 

Fiftypenny 

0.24 

0.120 


Va, 

23^-12 

Sixtypenny 

0.26 

0.135 

6 

Vi 

3-12 


Spikes are largcn* in diameter than nails for equal lengths. They are 
available in lengths from 3 in. to 12 in. Boat spikes are square and have 
a chisel point. They are obtainable in sizes varying by sixteenths of an 
inch from to H in. and in lengths up to 14 in. 

Variations of Holding Power. Nails arc available in special shapes. 
A long sharp point increases the holding power but also increases the 
splitting tendency. The reverse is true of blunt points. The Forest 
Products Laboratory has developed a chemically etched nail with holding 
power increased at least 90 per cent under all conditions. This nail may 
become commercially available. Green wood shrinks, causing nails to 
lose a considerable part of tluai holding power. In order to avoid much 
of this loss of strength, the designer may specify either barbed or spirally 
grooved nails for use in gree^ii wood. Pn^bored holes of smaller size than 
the diameter of the nail, and slant driving, increase the holding power. 
However, it is not usual to increase the values given by equation (2). 
Nails driven parallel to the grain should be reduced 40 per cent in holding 
power. 

77. Holding Power of Drift Bolts. A drift bolt is a pin driven into 
a hole about in. smaller in diameter than the bolt. Although test 
results vary considerably, the following formula scjems to be reasonably 
satisfactory for the holding power of drift bolts in dry wood, since it is 
based upon a factor of safety of from 5 to 6 for different species. 

ra) P = looor;*^. 

In this equation, P represents the permissible tension in pounds per lineal 
inch of penetration, G is the specific gravity of the wood (oven dry) and 
d is the bolt di*»meter in inches. 
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78. Holding Power of Screws. The equation recommended by the 
Forest Products Laboratory is 

(4) p = nmcH. 

Again, P is the tension resistance in pounds per lineal inch of penetra 
tion (penetration is of length), G is the specific gravity of the wood 
(oven dry) and d is the diameter of the shank in inches. Screws in ordi- 
nary timber are inserted into holes about 70 per cent of the root diameter 
of the screw. The holding power should be reduced 40 per cent for screws 
inserted parallel to the grain. 


TABLE 13 

FoilMIILAS FOR LATERAL Rf:sISTANCE OF NaILS AND ScRF.Ws" 


Timbkr Spec IKS 

Nails 

Screws 

Eastern heinloek 

F = !)00(P'2 

F = 2100r/2 

Southern cypress 

F = 

F = 2700^2 

Redwood 


1 F = 2700^/2 

Douglas fir (coast) 

F = 137.W'= 

F = 3300^/2 

Southern yellow pine 

F = 137.W'= 

' F = 3300^2 

Oak, red and white 

F = 1700(P'= 

, p ^ 4000^2 


® F is the total safe lateral load per nail or per screw; d is the shank diameter in inches. 


79. Lateral Shear Resistance of Nails and Screws. The values to be 

specified for shear resistance of bolts and screws are intended to give a 
factor of safety of about 6.0 against ultimate failure or 1.6 against clastic 
failure. There is usually an initial inelastic slip of about 0.01 in. Pene- 
tration is ass umed to b e % length and at least 7 diameters for 

screws. Values of shear resistance as computed from Table 13 should 
])e redu(‘ed 25 per cent where unseasoned wood is us(h1. They should be 
reduced 40 per cent if the screw is inserted parallel to the grain of the wood. 
The lateral shear resistance of the 
nail or screw may be increased 25 
per cent for a mctal-to-timber connec- 
tion. 

Bolted Joints in Timber 

80. Bearing Pressure under Bolts. 

The actual bearing pressure under a 
bolt is never uniform and becomes 
extremely variable as indicated by 
Fig. 75 for long slender bolts. The action of a bolted timber joint under 
load is not elastic in the usual sense. There is, instead, a slip which 
is proportional to the load. The limit beyond which the slip increases more 



Fia. 75. V.\Ri.\Ti()N OF Bearin(; 
Pressure under a Bolt. 



DS23 NAILED AND SCREWED JOINTS ENG. DEPT. L.G. 


DP23. Find the number and size of nails, drift holts, and wood screws to resist a pull of 
6000§ between a 2” and a 6^* thickness of shortleaf j/ine. The nails passing 
through the 2” plank penetrate the 6*' timber. The force is in the direction of the 
nails. 

Nails: In order for the penetration to be % of the length of the nail, the nail 
mjist be 6” long. This is a GOd nail. The holding power from Table 11 is 
67§/'* or 250§ per nail for a penetration of 4%"* 

6000 

Use = 20 nails. 

260 



Drift Bolts: 

Try bolts 7" long, penetration of 6Y%\ 

P = lOOOGH = 1000 {0.69^) 0.26 = ,97#/". Equation (3) 

Pull per bolt ^ 87 X 6.37 = 467#. 

6000 

Use = 11 drift bolts X 7"). 

467 

Lag Screws: 

P = 1700GH = 1700 {0.69^) 0.31 = 183# T, Equation U) 

Pull per screw - 183 X 4-^1 = 800#. 

6000 

Use = 6.2 or 6 lag screws {He' X 

800 

Remarks: The illustration shows the design for lag screws. This problem indicates 
how the use of lag screws may be made to simplify timber joints. It would be difficult 
to find space either for 20 nails or 11 drift bolts. 
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rapidly than the load is treated as a proportional limit. Working streaees 
for average bearing pressure under bolts as given in Table 14 are based 
upon this limit.^' 

81. Corrections for Determining Bolt Resistance. The values in Table 
14 represent safe bearing i)ressures in pounds per square inch for loads 
parallel or perpendicular to the grain. They apply only to the woods 
specifically mentioned at the bottom of the table. These values are multi- 
plied by the proje(;ted area of the bolt (diameter times length through 
controlling thickness of timber). '^Pheni are increased values given for 
high strength bolts (elastic limit 125,000 lb. per sq. in.) since the strength 

TABLE 14 

Safe Unit Bearing Pressure under Bolt ® 


L/d 

Lknqth® 

Diam. 

Parallki. 

TO Grain 

Perpendicular to Grain 

Correction Factor'’ 
Perpendicular to 
Grain 

('oiimioii 

fiolt 

High 

Strength 

Bolt 

Common 

Bolt 

High 1 

Strength 
Bolt 1 

Bolt Size 

Factor 

1 

1040 

1040 

275 

275 


1.68 

2 

1040 

1040 

275 

275 

H 

1.52 

3 

1020 

1040 

275 

275 

54 

1.41 

4 

91>0 

1020 

275 

275 

Vs 

1.33 

5 

830 

990 

275 

275 

1 1 

1.27 

6 

690 

930 

275 

275 

m 

1.19 

8 

520 

750 

240 

275 

VA 

1.14 

10 

410 

620 

185 

250 

2 

1.07 

12 

350 

520 

140 

200 

3 

1.00 


® These values are intended to apply only to the followiiiK species of wood: southern cypress, Douglas 
fir (coast), western larch, southern yellow pine, and redwood. For other species consult the Wood Handbook 
of the Forest Products Laboratory. The values given are to be halved if the load is applied to one end only of 
the bolt, i.e., single shear plane. 

^ Length is taken as the length through the thickest timber. 

® The correction factor is applied.only for loads perpendicular to the grain. 


of a joint is influenced both by the resistance of the timber and by the 
tensile resistance of the bolt. The main variable, however, is the ratio 
of the bolt diameter to the length through the thickest piece of timber, 
L/d. A correction factor is listed in Table 14 that varies with the bolt 
diameter. This factor is to be applied only for loads perpendicular to 
the frrnin It accounts for an observ'ed increase in the relative strengths 
of small bolts. All sizes over 3 in. are to be treated as the 3-in. diameter, 
that is, the correction factor in this case is unity. 

Unseasoned or Datnp Wood. Timber that changes occasionally in 
moisture content should be discounted 25 per cent with reference to bolt 
resistance. Continuously wet timber should be discounted 33 per cent. 

Metal Side Plates. The safe bearing pressures given in Table 14 can 
be increased 25 per cent for load parallel to the grain when metal side 
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DP24. Find the numbet' and size of nails ^ lag screws^ ami bolts to resist a lateral force oj 
dOOOlf between a and a 6*" thickfwss of shortleaf southern jrinc ^l^OOf). 


For a penetration of % of the length of the nail into the 6" 
timber^ the nail should be t)" long. This re(juires a (iOd 7iail. 

The lateral resistance of a nail tn southern yellow [rine 
(Table td) is given as 

P = 1375d^f- = 1375(0.2aYf^ = tS3ji. 

'"^000 UTl 

Use = 28 nails (60d). ^ 

183 ^ 

This number of nails secfns impractical. 

Lag Screws: 

F rom Table 13 we may compute the resistance to lateral shear 
<^f X 3'" lag screw as 

P = 33(X)d- = 33()f) X 0.3 P = 320if. 

.r I , 

Use-^- = K) lag screws X 8"). p 

Even 16 screws would he too many for convenient constriiction. 


The allowable bearing umier bolls parallel and perpendicular to the grain for 
shortleaf southern pine are as given in Table I4. Try J 2 " bolts. 

L/d = '^ = 

Vi 

By inter ixAation in Talde 14 we obtain bearing values of 380 and 162jfjn''. 
These values are halved for loml applied to one. end only of the bolt. Values 
in Table I4 are for symmetrical loading, 

P = 0.6 X 0.6 X 5.6 X 380 = 6201 
P' = 0.6 X 0.6 X 6.6 X 162 X 1.68 = 376§. 

The correction factor (1 .68) is taken from the final column of Table I4. 

rr '"’'000 

use — ■ = 10 bolts for load parallel to the grain^ or^ 


= 14 bolls for load perpendicular to the gram. 


Remarks: Nails would be used only for a temporary structure. Bolts are more satis- 
factory than lag screws if the structure is an important onCt although lag screws are in 


common tise. 
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plates are used. It is not recommended that the values for bearing per- 
pendicular to the grain be increased. 

Loads Applied Obliquely to the Grain. The common formula for deter^ 
mining allowable bearing pressure at an angle to the grain is 

^ = . 

( 5 ) p sin -0 -j- q cos 20 

Here, u is the allowable unit bearing stress for load at the angle $ to the 
grain, p is the allowable unit bearing stress parallel to the grain, and q is 
the allowabhj unit bearing stress perpendicular to the grain. The allow- 
able values of p and q for bolts can be obtained from Table 14 and the value 
of u follows from (equation (5). The example DP2b illustrates the use of 
this formula in a practical design, v/ 

82. Bolt Spacing and Edge Requirements. Bolts should be spaced at 
least 4 diameters apart center to center. Net section requirements in 
tension members may require even a greater lateral spacing. The end 
margins for a compression member may be 4 diameters from the center 
of the bolt, but a margin of 7 diameters is recommended for structural 
tension meml^ers to avoid splitting at the end. The edge distance where 
the load is parallel to the edge need be no more than 1}^ diameters, but 
an allowance of 4 diameters is required if the bolts bear against the wood 
forming the edge margin. These factors were considered in arranging the 
detail for the example DP2ry. 
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(o) Tabled Fish-Plate Joint (6)5 hear- Pin Joint 

Fia. 76 . Splices in Timber Members. 


Timber Connectors 

83. Purpose and Usefulness. The idea of using either metal or 
wood shear developers between the interior surfaces of timber joints is 
nearly as old as the use of bolts. Two such devices arc shown in Fig. 76. 
The tabled fish-plate joint (a) is a semi-obsolete form that can be replaced 
to advantage by the use of shear pins (steel pipes) as illustrated in (6). 
Wood blocks have also been introduced in place of the shear pins. Such 
hardwood blocks are tapered for a driving fit. 

The modern device to take the place of fish plates and shear pins is 
the ring or toothed connector. Since 1933 their use has developed exten- 
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DP2S, A tension diagonal is joined to a vertical compression member at an angle of 60° 
as shown. Design a proper bolted connection with the use of 14" gusset plates to 
develop the net tension value of the diagonal member at 900flu*' stress. 

Materials: 

Steel plate y A I SC spec. Compression member: 1200c close-grained Douglas 
fir (coast). Tension member: 16(X)f dense Douglas fir (coast). Actual thick- 
ness = 3.62". 



Net Section: 

Allow for two 1" holes, (Required because spacing </^d) 

Anei = 12.7 u". 

Tension value = 900 X 12.7 = 1U400§. 

y 

Bolt Value: 

L/d ratio = 3.62 /.O = 3.62. Nominal L/d ratio = 4D. 

Bearing parallel to grain — 960 (Table 14)- 
Bearing perpendicular to grain — 276 X 1.27 = 360. 

960 X 360 

Bearing at 60° to grain = — — ■ . — — - = 

^ 960 X 0.866^ + 360 X 0.6^ 

Bearing resistance per bolt with steel plates — 416 X 3.62 X l.C -- 1600§. 
Number of bolts required = 11^400 -h 1600 = 7.6. Use 8 bolts through post. 
Number of bolts in tension member where bearing is parallel to grain == 
11,400 (1.26 X 960 X 3.62) = 2.6 (use 3 bolts). 

Details: The details of bolt spacing and margins are arranged to agree with the spedfi,- 
cations from § 82 for bolts of 1" diameter. The factor 1 ,26 is for metal gussets. 
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sively in the United States although they have long been used in Europe 
and have been available in a few forms for more than half a century. In 
all of its forms, the modern connector is simply a shear developer which 
takes the place of nails or bolts for shear resistance. Bolts must still be 
used to hold the joint together, but the bolts are often placed in oversized 
holes and consequently they can resist little shear. 



Fig. 77. Split Ring Connectors. 

84. Split Rings. A split ring of either type shown in Fig. 77(a) is 
introduced between two pieces of timber as shown in (6). The grooves 
for the ring are cut by a special tool. They are slightly larger than the ring 
so that the ring must be spread before it is inserted. Thus the ring is 
tight in its groove and initial slip is reduced to a small factor. These 
rings are readily available in diameters of 2J4, 4, 6, and 8 inches. 

Load capacities of split ring connectors may bo corrected for special 
conditions from the values given in Table 15. An illustration of the use 
of these values is given in the design example Z)P26a. 

Wood Classification. Values in Table 15 are for timber of the No. 4 
classification. They should be corrected for other classifications as indi- 
cated below. 

No. 1, 65%; No. 2, 75%; No. 3, 85%; No. 4, 100%; No. 5, 115%. 

The standard classifications of tlie coimnon species of timber grouped for connector 
design are as follows: 

No. 1. Black asli, basswood, paper birch, eastern hemlock, ponderosa pine, red 
and white spruce. 
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No. 2. Rocky Mountain Douglas fir, gum, western hemlock, soft maple, Norway 
pine, sycamore. 

No. 3. Southern cypress, redwood. 

No. 4. White and Oregon ash, beech, sweet and yellow bin^h, west coast Douglas 
fir, hickory, western larch, hard maple, commercial oak, southern yellow pine. 

No. 5. Dense Douglas fir (coast), dense southern pine. 


TABLE 15 

Safe Loads for Split Ring Conni:ctous in Pairs ^ 


Diameter op 
Connector 

Depth op 
Connector 

1 

Bolt 

Size 

^ SvFE Load 

Pakallef. 

to CiKAIN 

Sake T.o.\d 
Pekpk.miiculau 
T t) Gk.\in 

in. 

0.75 in. 

/4 in. 

.5700 lb. 

4000 lb. 

4 

in. 

1.00 in. 

M in. 

12,000 lb. 

aioo lb. 

6 

in. 

1.25 in. 

H in. 

i,s,oon lb. 

10,800 11). 

8 in. 

1.50 in. 

M in. 

23, (MM) lb. 

ll,.5(M)lb. 


“Safe loads on all types of connectors are set to maintain a factf>r of safety of 4.0 with respect to 
ultimate or failure loads. The factor f»f safety is about 1.6 with respect t») the elastic limit. Data for safe 
loads for all connectors have been drawn from tests made at the Tinted States Forest l^roducts T.aboratory 
and at George Washington University. 

^ Correct for (1) u'ood classification (2) moisture content (3) direction of load (4) edge distance; values of 
safe load are for a pair of connectors. 


Moisture Content Test results are obtained on seasoned wood speci- 
mens of 15 per cent moisture content. Green wood has aliout 28 per cent 
moisture and is often discounted 40 per cent for connector d(\sign. l^e- 
tween the limits of 15 and 28 per cent moisture content, the discount 
factor may be approximated by direct proportion based upon a linear 
variation. This correction is not as e.ssential in the design of split ring 
connectors as it is for (connectors of fixed diameter. In fact, it is not 
common to introduce a moisture correction for the split ring type of con- 
nector unless the moisture change is very severe. 

Direction of Load. The resistance of a split ring (‘orinoctor for load 
perpendicular to the grain is less than the resistance for load parallel to 
the grain as is shown by Table 15. If no data arc available for load re- 
sistance perpendicular to the grain for speccial connectors, it is usual to 
discount values of load resistance parallel to the grain by at least 25 per 
cent. The load resistancce oblique to the grain of the wood may be obtained 
by proportion between the two known values based upon a straight line 
variation for angles between 0 and 90 degrees. 

Edge Distance. The minimum width of lumber for the 23^in. and 
4-in. connectors is respectively the nominal 4-in. and the nominal 6-in. 
size. The 6-in. and 8-in. rings may be used in nominal 8-in. and lO-in. 
timber respectively. The corresponding edge distances from the outside 
surface to the cut groove are about 3^ in. If the load acts at 30 degrees 
or more to the direction of the grain, the specified load from Table 15 
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should be reduco<l 15 per cent for these minimum margins. No reduction 
is necessary for a margin of 1]4 in., while between in. and in. the 
reduction of load may be approximated by proportion. 

Ring Spacing. Split rings and other ring connectors arc properly 
spaced at least l^diameters apart in a single line for load parallel to the 
hne-Qf - conne ctor s. ‘TTThe ToadTsTiorma to The line 'of cohr^^^^^ 
may be spaced closer together. The minimum spacing is the diameter 
of the ring plus ) a greater spacing is preferred in order that the 
wood between rings may not be damaged. 


TABLE 16 

Lumber Sizes for Connector Design “ 


Diameter of (j 

ROOVE 

I Width of Timber I 

1 



1 THii'KNEftB OF Timber^' 





Edoe . 
Margin j 

(1 HOOVE 1 

Depth | 

Ring 

Depth 



Nominal j Inside | 

Outside 

j Nominal ! 

I 

1 Actual 

Single 

Groove 

Double 
j Groove 

23l2in.!2.56[ 

2.92 

(4) in. 


0.35 

0.37 

0.75 

I'Te a'2) 

2®.^ (3) 

4 4. os! 

4.50 

’ (0) 

1 ^^2 

0.50 

0.50 

1.00 

(2) 

25^ (3J 

6 !().12i 

O.GO 

I (S) 

1 7^2 

0.42 

1 0.62 

1.25 

Ws (2)0 

(4) 

8 |S.14; 

S.82 

(10) 

91 2 

0 31 

0.75 

1.50 

2Jg (.T 

4)2 (5) 


" Nominal or commercial Hizes of timber arc placed in parentheses. 

** For thinner material, reduce value of connector in proportion to reduction of thickness. 


End Margin. The ])roper minimum end margin measured along the 
grain is l }/2 in. The safe load should be rctiuced one third if the end mar- 
gin is only 1 in. It is doubtful that any value should be permitted where 
the end margin is less than 1 in. 

Minimum Lumber Sizes, The information nt'oded for 
providing precut grooves for the installation of split 
ring connetdors is collected in Table 10. The minimum 
sizes given should be increased Avhen^ver possible in 
order to increase connetdor resist ance and to reduce 
the possibility of splitting the wood. 

85. Alligator Rings. The alligator ring functions in 
much the same manner as (he split ring, but it is 
designed for installation without the need for a cut 
groove. As shown in Fig. 78, the sharp teeth of the alli- 
gator connector will cut into the timber if sufficient 
pressure is applied. The necessary pressure is pro- 
duced by tightening dov/n on an alloy steel bolt of 
high tensile strength that passes through the center of each ring. The 
hole for the bolt is drilled Jfo in. oversize so that the bolt of alloy steel 
can easily be removed and replaced by an ordinary steel bolt after the 



Fio. 78. 
Alligator 
Connector. 
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DP26a, A tension diagonal joins a vertical compression 'member at an angle of 60° as 
shown. Design a proper split ring connection with plywood gussets to develop 
the net section of the diagonal at 600i/n" stress. Seasoned timber and gusset 
material are of No. 5 classification. 

Net Section: 

The cross-sectional area removed by 
the ring groove amounts to only 
which is 'neglected. Deduct for the j 

boU hole. Net 'width — 53^2 — ^ 

4H". 

r, 

Allowable Load: ’ 

{sy2 -H) xsyx 600 ^ io,3ooi. r 

Ring Values: ‘ 

Value of V* split rings used in pairs. 

Load parallel to grain for diagonal 
'member; averages 45° to grain for 
ply'wood gusset; gusset controls. 

1.15 X 0.5(12,000 + 8400) = 11,700#. (Values from Table. 15) 

(The factor 1.15 is for wood of No. 5 classification; the edge margin exceeds 
IM” /or the gusset.) Use a pair of 4" split ring connectors. 

Value of ^34" split rings. 5700# and 4000 # respectively (parallel and per- 
pendicular to grain). Load at 60° to grain controls their design. 

At 60° to grain, usual value = 4000 + K X 1700 — 4570#. 

Increase 15% to 5250# for No. 5 timber. (Margins exceed 1 3^".) 

Use 10,300 (5250 == 2 pairs of conneitors as shown. 

DP26b. Repeat problem DP 26a for alligator connectors infh holts through loose 

holes in No. 5 timber. Develop the allowable load of 10,300#. 

Value of connected member = 10,300#. 

Parallel to grain. Try 2 pairs of 3^4'' connectors. 

Value = 1.10 X 2 X 5200 = 11 , 400 #. (/" margins OK; load |1 to grain.) 
The factor 1.10 is the correction factor for No. 5 timber. 

Oblique to grain 45-60°. Discount 25%. Try 2 pairs of 4” connectors. 
Value ^ 1.10 X2 X 0.75 X 6300 = 10,400#. (Margins exceed iVi".) 

Remarks: The use of one pair of 4'* ring connectors as shown in the illustration 'would 
produce a pin connected joint that should permit a slight rotation under load to relieve 
flexural stresses. Clearly, the split ring connector seems the better solution for this case. 
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connector has been embedded in the wood. Safe loads for alligator con- 
nectors may be obtained by correcting the values of Table 17. An illus- 
tration is offered as the design problem DP266. 


TABLE 17 

Safe Loads for Alligator Connectors in Pairs “ 


Diameter 

OF 

Connector 

Bolt 

Safe I.oad Parallel to Grain 

Size 

Bolt tight in hole 

Oversize hole 

2 in. 

^2 in. 

2400 lb. 

2200 lb. 


% 

4200 

3600 

SVs 

% 

5800 

5200 

4 

Vi 

6900 

6300 


“ Correct for (1) xcood classification (2) moisture content (3) direction of load (4) edge distance; values of 
safe load are for pairs of connectors. 


Wood Classification. Adjust values in Table 17 by using the following 
factors for correction where the timber classification is other than No. 4. 
(See §84 for the classification of various species of timber.) No. 1, 80%; 
No. 2, 85%; No. 3, 90%; No. 4, 100%; No. 5, 110%. 

Moisture Content. Use the same specification as for split ring con- 
nectors, §84. This specification should be applied rigorously to alligator 
connectors and to other rings of fixed diameter. 

Direction of Load. The safe load values of Table 17 should be dis- 
counted 25 per cent for loads applied perpendicularly to the grain or at 
any angle of more than 45 degrees to the direction of the grain. At less than 
45 degrees, the safe load value may be obtained by proportion upon the 
assumption of a straight line variation from 0 to 45 degrees. 

Edge Distance. Minimum requirements are 
the same as for split ring connectors, although 
greater edge distances are desirable because 
of the splitting action when the connector is 
installed. Connectors in line with the load 
should be spaced l }/2 diametei's apart. Con- 
nectors in a line perpendicular to the load 
should be spaced at least 1 in. clear. 

86. Bulldog Plates. The bulldog plate is 
different from the ring shear developer in that 
its teeth may be distributed over its entire 
surface. It must be embedded by bolt pressure 
in the same manner as the alligator connector. 

The bolt passes through the center of either the 
circular or square connector illustrated by 
Fig. 79. The metal used is slightly less 



Fig. 79. Bulldog 
Connectors. 
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than He in. thick. Safe load values are given in Table 18. These values 
apply with bolts in oversize holes. An illustrative example DP27a is 
given to show the use of these values. 

TABLE 18 

Safe Loads for Bulldog Plate Connectors in Pairs ® 


Round Conneutors ! Square Connectors 


Diameter of 
Connector 

Bolt 

Size 1 

Safe 
^ Load 

Size of 
Connector 

B(dt 

Size 1 

Safe 

Load 

3 in. 

?8 in. 

2200 lb. ! 

4 in. 

H in. 

4300 lb. 



2800 

i< 


4900 

a 


3400 

a 


5500 

3Min. 


3000 

a 

Vs 

6100 

a 


3500 

5 in. 


7300 

a 


4200 

a 

H 

7800 

a 


1 4900 

a 

1 

8200 




! << 

1 

: 

; 10,500 


® Correct for (1) rmod rlnsnfication (2) nioislitre content (3) direction of load (4) edge distance; values of 
safe load are for pairs of connectors. 


Wood Classification, Adjust values in Table 18 by using the following 
factors for correction where the wood is classified as other than No. 4. 
(See § 84 for the classification of various species of timber.) No. 1, 80%; 
No. 2, 85%; No. 3, 90%; No. 4, 100%; No. 5, 110%. 

Moisture Content, Apply the correction given in § 84 rigorously for 
bulldog plates and other connectors of fixed diameter. 

Direction of Load. Whenever loads are applied pery^endieularly to the 
direction of the grain, the load values for (circular bulldog connectors are 
to be reduced 10 per cent and those for square bulldog connectors are to 
be reduced 25 per cent. Whenever loads are applied obliquely to the 
direction of the grain, an adjustment should be made for a straight line 
variation of safe load with angle variation from 0 to 90 degrees. 

Edge Distance. The same margins and spacing should be specified as 
for alligator connectors, § 85. 

87. Flanged Plate Connectors. In many cases timbers are connected 
between steel plates or straps which serve either as gusset plates at the 
joints, as splice plates, or which may be brought together on a pin to form 
a pin connected joint. Evidently, we need a ring connector of only on(j 
half the usual depth for this purpose, but there must be a hub provided 
for bearing against the bolt. The pressed steel or cast iron connectors 
shown in Fig. 80 fit into precut grooves to lie flush with the timber. 
They are used singly in a timber-to-metal joint or back to back for a 
timber-to-timber joint. In either case there is a tight fitting bolt which 
passes through the central hole and bears on the metal plate or hub. 
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They offer eaKse of assembly and disassembly. They may be installed before 
shipment since they are flush with the face of the timber and can be screwed 
tightly in place if so desired. 

The safe load characteristics of flanged plate connectors may be ob- 
tained by correcting the values given in Table 19. An illustration of the 
design of a tension member splice 
is given as DP21c. 

Wood Classification, Adjust the 
values in Table 19 by using the 
following factors for correction 
where the timber Is classified as 
different from No. 4. (See § 84 
for the classification of various 
species of timber.) No. 1, 65%; 

No. 2, 75%; No. 3, 85%; No. 4, 

100%; No. 5, 115%. 

Moisture Content. This re- 
quirement was discussed in § 84 
for split ring connectors. The specification for load reduction with increase 
of moisture content must be applied rigorously for these connectors of 
fixed diameter. 



Pressed Steel 


Fio. 80. Flanged Plate Connectors. 


TABLE 19 

Safe Loads for Flanged Plate Connectors in Pairs ® 


Diameter of 
Connector 

Material 

Bolt 

Size 

Safe Load 
Parallel to Grain 

2?^ in. 

pressed steel 

M in. 

5500 lb. 

4 

pressed steel 

y* 

7500 

4 

malleable casting 
with hub 

y» 

8300 


“ Correct for (1) U'ood classification (2) moisture content (3) direction of load (4) edge distance; values of 
safe load are for pairs of single or double connectors. 


Direction of Load. The values given in Table 19 should be reduced 
25 per cent for loads applied perpendicularly to the grain. The allowable 
loads applied obliquely should be reduced by a straight line relationship 
between the values for 0 and 90 degrees. 

Edge Distance. The specifications that were given for split ring con- 
nectors in § 84 may be applied with flanged plate connectors. 

88. Claw-Plate Connectors. Thost' comiccto serve the same purpose 
as flanged plate connectors but they are installed differently. Their 
installation requires a precut circular dap into which the face plate is 
recessed, but the teeth must be forced into the uncut timber by bolt 
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DP27a. 


Design a column splice to transfer 33 per cent of the allowable load through 
side timbers by the use of bulldog connectors. Make allowance for margins 


under 1 Yi' even though load is paral- 
lel to grain because wood used splits 
easily. 2 

Timber is of 1000c classification. 

Value of a 6" X 0" post at 1000^1 o" 

= 5Y2 X dY X 1000 = SO, mi. 

Splice value = 0.33 X 30,200 = 

10 , 000 §. 

Value of a pair of Ji” square bulldog 
connectors (No. 4 timber, holt, 
Ji" side margins) = 6100 X 0.88 = 
5300i. 

The factor 0.88 follows from §84 
(edge margin). 

Use two pairs of connectors on each 
side of the splice. 






DP27h. Redesign the splice of DP27afor use with claw-plate connectors. 

Diaimeter. With SY*' connectors, edge margins are allow 4 % reduction 

for edge margin. 

Connector value in No. 4 timber = 5200 X 0.96 — 5000^. 

Use 2 connectors on each side of the splice spaced 1 Yz diameters apart and with 
1 Y'* margins. 

DP27c, Design a tension splice for a 3” X 8" redwood timber to develop its net vaiue in 
tension at SOOjf/n". Use flanged plate connectors urith Y" apUcc plates. 

Valueof timber (%" bolts) = 2.62(7.5 - 0.87) 800 = 13,900 lb. 

Value of 4" connector (No. 3 timber) = 8300 X 0.85 = 7 050 § (pair). 

Use two pairs of 4" malleable connectors on each side of the splice. 
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pressure. These claw plates are castings and they are furnished in male 
and female types as shown in Fig. 81. The male or hubbed connector is 
used with the plain or female connector in timber-to-timber connections. 
Shear is then transferred through 
the hub and not through the bolt. 

The arrangement in a timber-to- 
metal joint is for the hub to fit 
into a hole in the metal strap so 
that shear is again transferred 
through the hub rather than 
through the bolt. This arrange- 
ment is intended to permit the 
teeth to remain fixed in the wood 
after shrinkage since the hubbed 
connector can separate slightly 
from the plain connector or metal 
strap without developing struc- Fio. si. Claw-Plate C()NNECTr)Rs. 
tural weakness. 

The safe load values for claw-plate connectors may be obtained by 
correcting the values iis given in Table 20. See the example DF27h for 
an illustration of the use of this table. 

TABLE 20 

Safe Loads for Claw-Plate Connectors in Pairs® 

Safe Load Parallel to Grain 

Timber-to-tiinber Timber-to-iuetal 

4200 Ib. f)000 lb. 

5200 6400 

7000 8600 


® Correct for (1) wood classification (2) moisture content (3) direction of load (4) edge distance; values of 
safe load are for a pair of sinKle or double connectors. 

Wood Classification, The values in Table 20 should be corrected by 
use of the following factors where the timber is classified as different from 
No. 4. (See § 84 for the classification of various species of timber.) No. 1, 
65%; No. 2, 75%; No. 3, 85%; No. 4, 100%; No. 5, 115%. 

Moisture Content, Since claw-plate connectors can follow the shrinkage 
of the wood without developing looseness, it is not common to allow for 
shrinkage unless the change in moisture content is quite severe. The 
resistance of any connector used in entirely green timber should be dis- 
counted, however. An allowance has been suggested in § 84. 


Diameter 

Bolt 

Connector 

Size 

2yi in. 

Yl in. 

3K 


4 

5.i 
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Directioii of Load. The safe load resistances for loads perpendicular 
to the direc iion of the grain should be obtained by reducing the values 
in Table 20 by 25 per cent. Safe loads applied obliquely to the grain are 
obtained by direct proportion on the assumption of a straight line varia- 
tion between these limits. 

Edge Distance. The same minimum requirements as given for split 
ring connectors in § 84 must be provided, but greater margins are recom- 
mended for toothed connectors, where splitting is always a possibility. 


Timber Members and Connections 


89. Usage. Timber is widely used for all temporary construction such 
as concrete form supports, arch centering, trestles, and scaffolding. In 
the Pacific coast rt^gion, timber bridge trusses are rather widely used. The 
heavy timber warehouse designated as slow burning or “ milP' con- 
struction is the most common example of a large timber building. Such 
structures as elevated bins, mine head frames, wharves and docks are as 
commonly constructed of timber as of other materials. 

The main stmctural elements in timber construction are the beam 
and the post or column. Timber is an excellent material for compression 
members since tight knots do not serioiLsly weaken the piece and because 
its normal dimensions provide it mth proper stiffness to resist buckling. 
Timber beams are also satisfactory when they are selected so that only 
small tight knots are permitted near the extreme fibers. Wood is not 
ordinarily used for tension members because steel rods are usually more 
economical. However, the use of modern connectors has made timber 
tension members practical. Working stresses for timber in highway 
bridge design are given by Spec. 78. 

90. Beams and Joists. The important stresses to be considered in the 
design of timber beams are (1) fiber stress in flexure (2) beam shear at the 
neutral axis (3) bearing perpendicular to the grain at the reactions and under 
concentrated loads. 

Flexural Resistance. The safe moment resistance of a rectangular 
wood beam may be computed from the ordinary relation 


( 6 ) 


// Sh(P 

M — — ^ , or h(P 

c 6 


m 
7 * 


Of course, / is the allowable stress in flexure of the specified grade of struc- 
tural timber, and I /c is the section modulus, For design, the value 

of M is known; the grade of timber is selected tentatively to fix / so that 
an economical commercial size of timber may be selected. For reasonable 
economy, the depth of the beam should be at least 50 per cent larger than 
the breadth, and a greater relative depth is preferred. 
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Form ReUitionships. Economy will be obtained by the use of deep 
narrow timbers. A depth-thickness ratio of from 3 to 6 is common for 
joists, and a ratio of from 2 to 4 is ased for stringers. 

Shearing Resistance. The safe shear resistance of a rectangular wood 
beam may be computed from the beam-shear formula 


(7) 


_ FQ _ 3 7 
*•" lb "2M’ 


or 


( 8 ) 


V = 


2 

3 


Ssbd. 


V is the maximum shear or maximum end reaction and s. is the allowable 
unit shear parallel to the grain. Such shear often governs the sizes of wood 
beams. 

Notched Beams. Beams are often notched near the end as shown in 
Fig. 82. The shearing resistance is reduced 
thereby not only because the effective 
depth in equation (8) must be reduced to 
d\ the remaining depth of the beam, but 
also to allow for a reduction of the allow- 
able horizontal shear s, to s\ where 

(9) “ sA'/d. 

This relationship has been established by 
tests at the Forest Products Laboratory. 

Bearing Resistance. The normal values of compression perpendicular 
to the grain apply for end bearing areas and for interior bearing areas 
more than 6 in. in length. Shorter interior areas may be loaded more 
heavily. The increase in allowable compression perpendicular to the grain 




Fig. 83. Bolt Spacing of Laminated Beams Used in Tests at the 
U. S. Fouest Products Laboratory. 


may be 10 per cent for a length of 4 in., 30 per cent for a length of 2 in., 
and 60 per cent for a length of I in. No increase is permitted for short 
end bearing areas. 

91. Built-up Beams. Timber beams may be built up of planks placed 
side bv side and bolted, nailed or glued together. Figure 83 shows how a 
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beam constructed with vertical laminations (five planks 2 in. by 12 in.) 
was bolted together for testing in the Forest Products Lalx)ratory. This 
beam was found to be as strong in flexure as a structural timber of com- 
parable size. 

Beams may also be built up with two or more horizontal laminations. 
The use of such beams cannot be recommended unless they are constructed 
with proper shear developers, such as modern connectors, between suc- 
cessive laminations. The design of proper shear developers is not com- 
plicated since the horizontal shear between laminations can be found by 
use of the beam-shear formula (s, = VQ/ Ib) and the safe load on modern 
connectors has been given in Tables 15 to 20. This design process is 
illustrated by the example DP28. 

92. Buckling and Deflection. Beams that are narrow and deep show a 
tendency toward lateral buckling and failure by torsion. If the com- 
pression surface is restrained against lateral deflection, such failure cannot 
occur. The total buckling load for a simply supported beam where the 
ends are supported laterally, but are not fixed by being ^4>uilt in’’ to a 
wall, is 

( 10 ) W = 

L- 


In this expression, J' is the moment of inertia of the beam about its vertical 
axis or d6®/12, G is the torsional modulus of rigidity which is approximately 
E/16, and E' is a factor similar to /'which varies from db^/A to db^/8 as 
the depth-breadth ratio increases from 2.0 to oo. Hence, we may write 
an expression for W' the safe load with a factor of safety against buckling 
of about 6 or 7, 


( 11 ) 


2Er ^ dhm 
U “ 6L2 ’ 


Similar results for different end conditions may be derived from formulas 
given in the Wood Handbook of the Forest Products Laboratory. 

For the example Z)P28, this formula would give a safe total load of 


W' = 


16.5 X 7.5^ X 1,600,000 
6 X 2402 


32,000 lb. 


The actual load is only 785 X 20= 15,700 lb. Therefore, the beam will 
not be endangered by buckling. 

Deflections of Wood Beams. The usual formulas for deflection may be 
applied with the use of the values of E as given in Table 6. The computed 
deflection, however, does not represent the result to be expected after 
time yield has taken place. Such yielding will be especially marked for 
timber which is placed green and which seasons gradually under load. It 



DS28 


BUILT-UP BEAM 


ENG. DEPT. 


L.G. 


DP28. Design a built-up beam from 6” X 8'' Douglas fir timbers (lOWf coast) to carry 
a uniform load of 7S0§/' on a 20' span. Timber is No. classification. 

Beam Section: 


Weight of beam. 
Bending moment. 
Section modulus. 

Dimensions. 


Estimate weight at 50^/'. 

Mmax. = Vs X 800 X 20^ X 12 ^ 480,000"if. 
S = 480,00011600 = 300. 


For b = ry/', d = 


6 X 300 


7.6 


15.6". 


Use three 6" timbers; d — 3 X 6yi — ISy". 
Weight of beam. Nominal size 8" X IS", weight = 35§/'. 

Reaction or end shear. Vmax. = {'^60 -|- 36)10 = 7850^. 


V 7860 

Horizontal shear. s»{max.) = 3/2 — = 3/2 X = 95§/n", 

(allowable shear — 100§/n") 



Shear Connectors: (Used singly; reduce table values 50%.) 

Connectors may be chosen and spaoefi as follows for use with J 4 " bolts: 

(a) Split ring type 4 " d. at 0.6 X 12 X 12,000/7650 = 9] 2 ". 

(b) Alligator type 4 " d. at 0.6 X 12 X 6300/7660 = 6". 

(c) Bulldog type 4 " 0.5 X 12 X 6600/7660 = 4k"". 

(d) Claw-plate type 4" d. at 0.5 X 12 X 7000/7660 = 5^ ^2'. 

(e) VUnged type 4" d. at 0.5 X 12 X 7600/7660 = 6". 

Spacing of connectors may be increased toward the center of the span and may 
be doubled at the quarter point if the uniform load is fired in position. 


End Bearing: 

For 1600f Douglas fir, compression perpendicular to the grain is limited to 
S45#/u". 

Bearing length = 7860 (7.6 X S46) = 3". Use a 3" X 7H" hearing 

plate attached to beam with countersunk screws. 


DESIGN SHEET 28 
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is common to double the value of the dead loading for use in deflection 
computations to allow in some measure for time yield. Such computed 
deflections should then be less than the deflections permitted by the 
specifications. 


will be 

computed and doubled to represent the approximate ultimate deflection including an 
allowance for time yielding. 


Example. For the beam of the example /)P2S, the deflection 


/ 5 ivL*\ 
V3S4 Yf) 


, 240< 

jT) _ ^ 

3.1 12 1,600,000 X iV X 7.5 X 16.53 


1.25 in. 


Since this deflection is lj '92 times the span while J 360 i« limitation set for beams to 
which plaster is attached, this deflection might need to be decreased by deepening or 
widening the beam. 



Fig. 84. Satisfactory Structural Detail that is Wasteful of Headroom. 


93. Beam and Column Details. Shrinkage occurs in all timber. This 
influence may be particularly serious where the load is applied perpen- 
dicularly to the grain. For instance, Fig. 84 illustrates a beam-to-column 
connection arranged to let the upper and lower posts bear directly on 
each other. If, instead, the bolster is placed in between the upper and 
lower post, the bolster is in compression across the grain. Its normal 
shrinkage and crushing will permit considerable settlement of the upper 
floor of the building. This objectionable settlement will be exaggerated 
by bringing the beams together between the upper post and the top of 
the bolster since the thickness of wood acting in compression across the 
grain is thereby increased. 
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Shrinkage is even a problem in the use of joist hangers as shown in 
Fig. 85. Such hangers can be used to save the headroom that is clearly 
wasted in Fig. 84. However, the joist becomes subject to settlement from 


vertical shrinkage of the beam and 
also from any crushing of the beam 
fibers where the hanger rests on the 
top of the beam. The type of hanger 
shown in Fig. 85(5) was designed to 
help reduce this settlement. 

Welded Beam Seat, Simple column 
caps and beam seats of welded steel 
can be made as shown in Fig. 86. 
Patented caps of many types are also 
available. The steel column cap and 
beam seat permits direct bearing of 
the upper and lower posts through 
the metal cap and provides stability 
by allowing an adequate seat for the 



Fig. 85 . Joist Hangers. 


beams. It is advisable to tie the two beams together across the post with 
a steel straj) or dog so that the building cannot separate under severe vi- 


bration, which might drop a beam from its seat. In the other direction, a 
tie detail should be arranged between the ends of the joists and the beams, 
or else tie rods must be run through the building. 



Fig. 86. Use of Welded Steel Column Cap and Joist Hangers 
TO Save Headroom. 


Pintels in Mill Construdion, An objection to the use of steel beam 
seats and exposed ties and joist hangers is that such thin metal is quickly 
weakened by fire. Heavy timber construction with all of the metal con- 
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nectors enclosed within the timber itself bums very slowly and has an 
excellent fire rating.* The use of a pintel as illustrated by Fig. 87 makes 
the abutting of the beams possible to obtain excellent bearing and still 

provides end-to-end bearing of the 
upper and lower columns through the 
pintel. The pintel itself and the beam 
ties are actually buried in the timber. 
The lower column cap is partially 
exposed but it is cast of thick metal. 
The detail would not be weakened ap- 
preciably even if these exposed edges 
should be overheated. Mill construc- 
tion usually does not make use of 
closely spaced joists. The joists are 
widely spaced to justify a thick suh- 
floor which will also be slow burning. 
The pintel is designed as a short cast 
iron column usually at a working 
stress of 12,000 lb. per sq. in. The 
design of a building joint where a 
pintel forms an important part of the 
connection is given in the example 
DP29. 

94. Columns and Posts. As has 

Fia. 87. Use of Pintel to Join been shown by Table 10, structural 
Posts in Mill Construction. timber is classified into stress grades 

for use as compression members and 
posts. The stress grade such as 1200c, 1000c, etc. refers to the permissible 
unit compressive stress parallel to the grain for short compression members, 
that is, where the length-depth ratio, L/d, is less than 12. For members 
of greater slenderness ratio, a column formula should be applied. Some 
early column formulas for wood members that are now seldom used were 
as follows: 


(12) 

P 

- 

A 

^ lOOOd* 

(13) 
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1 

M 

O 

(14) 

P 
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= /c ( 1 - 

A 

\ 60d. 



♦ See Building Code^ National Board of Fire Underwriters. 
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The column formula now in use both by the AASHO and AREA speci- 
fications was developed by the Forest Products Laboratory and is known 
as 3 , fourth power parabolic formula. It is used for columns of intermediate 
stiffness or slenderness ratio for which L/d is less than the critical value K 
defined below. Hence, this column formula is used for ordinary design, 
the I'iuler formula being applied to slender struts. 


(15) 



where P = total load in pounds, 

A — area of cros.s-section in square inches, 
fc - allowable unit stress in compression parallel to the grain, 
L = unsupported length in inches, 
d = least dimension of post in inches, 


(16) 



for any grade or species, and 


E = modulus of elasticity. 


For slender columns, where L/d is greater than the critical value /v, the 
Euler formula is applied. 



The upper limit to be set on slenderness is that L/d shall not exceed 50. 
The use of these column formulas is illustrated by the example DP29, 
Column Design. The procedure in designing a timber column is first 
to choose the stress grade needed, which may be controlled by general 
requirements; for example, the recommended practice of the AREA is as 
given in Tables 21 and 22. Then, the value of K is obtained from equation 
(16) and is substituted into equation (15). Here, the factor L/d enters 
and it must be approximated by use of the designer's best judgment (en- 
hanced by scratch calculations) as to the approximate area of cross-section 
that will be required for an estimated value of P/A. The resulting com- 
puted value of P/A is the working stress from which an actual cross- 
sectional area can be selected. This gives rise to an actual value of L/d 
which makes it possible to revise the value of P/A from equation (15). 
Thus the design of a timber colunrn becomes a '' guess and check proc- 
ess similar to the procedure followed for any long compression member. 
If the timber is rather short and stiff, a direct design is possible by use of 
the unreduced working stress for compression parallel to the grain. A 
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TABLE 21 

Bridge and Construction Timber 
{AREA Recommendations) 


Combination and Howe Truss Spans 


(a) Compression Members 

(b) Tension Members 

(c) Diagonals Subject to Reversal 

of Stress 

(d) Floor Beams l 

(e) Stringers / 

(/) Ties “ 

(g) Guard Timbers 
{h) Railing 

(i) Stiffeners 

(j) Splices 

{k) Nailing Strips 
(Z) Grillage 
(m) Deck Plank 
In) Bridging 


1200c Structural Posts and Timbers 
1600/ or 1400/ Structural Joist and Plank 

1200c Structural Posts and Timbers 

1800/ or 1600/ Structural Beams and Stringers 

1200c Structural Posts and Timbers 
1100c Structural Posts and Timbers 
No. 1 Dimension or Timbers 
No. 1 Dimension 
No. 1 Dimension 
No. 1 Dimension 

1100c Structural Posts and Timbers 
No. 1 Dimension 
No. 2 or No. 3 Boards 


Pile and Framed Trestles 


(a) Sills and Mud SiUs 

(b) Posts 

(c) Caps “ 

(d) Sash Bracing 

(e) Cross Bracing 

(/) Longitudinal Bracing 
{g) Girts 

(h) End Planks 

(i) Stringers 
(/) Ties “ 

(k) Guard Timbers 

(/) Planking for Ballasted Decking 

(m) Railing 


1200c Structural Posts and Timbers 
1200c Structural Posts and Timbers 
1200c Structural Posts and Timbers 
1200/ or 1100/ Structural Joist and Plank 
1200/ or 1 100/ Structural Joist and Plank 
1200/ or 1100/ Structural Joist and Plank 
1100c Structural Posts and Timbers 
1200/ or 1100/ Structural Joist and Plank 
1800/ or 1600/ Stru(!tural Beams and Stringers 
1200c Structural Posts and Timbers 
1100c Structural Posts and Timbers 
1600/ or 1400/ Structural Joist and Plank 
No. 1 Dimension or Timbers 


Falsework 


(a) 

Sills and Mud SiUs 

1100c Structural Posts and Timbers, or No. 1 
Timbers 

(f>) 

Posts 

1100c Structural Posts and Timbers, or No. 1 
Timbers 

(c) 

Caps * 

1100c Structural Posts and Timbers, or No. 1 
Timbers 

(.d) 

Stringers 

1600/ or 1400/ Structural Beams and Stringers 

(e) 

Center'.ng 

No. 1 Dimension 

(/) 

Lagging 

No. 1 Dimension 

(ff) 

Bracing 

1200/ or 1100/ Structural Joist and Plank 

(h) 

Wedges 

No. 1 Dimension 

(i) 

Scaffolding 

No. 1 Dimension 


" Where strength in bending is a factor, Beam and Stringer grade* should be specified. 
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TABLE 22 

Buildings — Heavy Frame Construction 
(A REA Recommendations) 


Types op Structures 

A. Engine Houses 

B. Large Machine Shops 

C. Warehouses 

Rough Carpentry 


D. Large Ice Houses 

E. Large Station Buildings 


(a) Foundation Timbers (Sleepers) 1400/ 

{b) Posts and Columns 1400/ 

(c) Sills 1400/ 

{(i) Beams, Stringers, Girders, Purlins 

4 Inches and Thinner 1600/ 

5 Inches and Thicker 1600/ 

(e) Joists and Headers 1600/ 

(/) Bridging No. 1 

(fif) Subflooring No. 2 

(h) Sleepers or Screeds No. 1 

(i) Flooring, Plank or Laminated No. 1 

(/) Studs, Plates, Caps, Bucks No. 1 

(k) Wall Sheathing No. 2 

(0 Partitions, Plank or Laminated No. 1 

(m) Rafters No. 1 

(n) Ribbon Boards, Collar Beams, No. 1 

Ridge Boards, Bracing No. 1 

(o) Roofing, Pitched No. 2 

(p) Roofing, Plat No. 1 

iq) Shingles, Hoof No. 1 

(r) P^urring and Grounds No. 2 

(s) Lath, Wall and Ceiling No. 1 

(0 Stair Stringers 1400/ 

No. 

(u) Cellar and Attic Stair Treads and 

Risers No. 1 

{v) Shelving, Heavy No. 1 


or 1200c Structural Posts and Timbers 
or 1200c Structural Posts and limbers 
or 1200/ Structural Joist and Plank 

or 1400/ Structural Joist and Plank 

or 1400/ Structural Beams and Stringers 

or 1400/ Structural Joist and Plank 

or No. 2 Boards or Dimension 

or No. 3 Boards, or No. 2 Dimension 

or No. 2 Dimension 

or No. 2 Dimension 

or No. 2 Diniension 

or No. 3 Shiplap or D&M 

or No. 2 Dimension 

Dimension 

or No. 2 Dimension 

or No. 2 Boards or Dimension 

or No. 3 Shiplap or DAM 

or No. 2 Shiplap or DAM or Dimension 

or No. 2 Grade 

or No. 3 Boards 

or No. 2 Lath 

or 1200/ Structural Joist and Plank, or 
1 Dimension 

or No. 2 Boards, No. 1 Dimension 
or No. 2 Dimension 


relatively great reduction of the allowable stress will be necessary for long 
slender columns controlled by the Euler formula (17). These points are 
illustrated by the e.xample DP29, 

95. Tension Resistance of Timber. Since structural joist or stringer 
timbers are selected for flexural resistance, these classifications can also 
be used for built-up or even single piece tension members. The availa- 
bility of modern connectors makes the use of wood tension members 
practical. Structural joist or stringer timber is selected so that knots 
near the edges are limited to small sizes. However, large knots arc per- 
mitted near the neutral axis of the timber covering as much as 40 per cent 
of the face width for some species. (See Table 23.) 



DS29 MILL CONSTRUCTION ENG. DEPT. L.G. 


DP29. Design a column for a ceiling height of IS' to carry a lo(ul of 120y000§. Design a 
cast-iron pinlel to pass through a 14” X W" beam ami support the 10" X 10" 
column above. AREA spec. 


Size of Section: 

Materials. Use 1200c close-grained redwood {Table 2 2). E = ly2(X),000. 

Use gray cast-iron for pintel at T2yOOOi/n"C. 

Column formula. Apply equations {15)y {16) and {17). 

Approx, column size. At lOOO^/u" the area required would be 120u”. 
Try nominal dimensions of 12" X 12". 

Ratio L/d ^ 18 X 12 -i- 11.5 = 18.8. 


Constant /C == - 


E / Iy200y000 

-r = 1.67 \ = 20.2. 


2 \ 6fe M 6 X 12(X) 

Since L/d is less than /C, the column design i.s- controlled by equation {15). 


/(rf I r ///cV.cVVl 


fmif/u". 


Allowable Load: 

900 X 11.5 X 11.5 = IWyOOOjf. 

Load on pintel = value of 10" X 10" 
column. 

Ratio L/d -- 18 X 12 9.5 = 22.8. 

Since L/d is larger than iv, equation {17) 
applies. 


Cl Pintel 


= 0.2775 


ly200m) 


6S0§/u". 

Allowable load = 630 X 9.5 X 9.5 - 
67fOOO§. This is the pintel load. 

Pintel Design: 

Area of pinlel = ^ I^.75u”. 

Try a pipe stem 3" O.D. and l]/i" I.D. 

Area = 1.6^) = 6.3 a". 

4 

The column cap should be flared from 
14” X 14” to 16" X 16" to receive the 
14” beam and hear on the 12" column to 
which it should be doweled. 

Remark: The ties joining the beams are not shown. 
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Timbers for use as tension members should preferably be restricted 
as to defects in any 'position in the same way that defects in joists and 
stringers are limited near the heavily stressed fibers within the middle 
half of the length.* If such selection is not possible, it seems desirable to 
reduce the working stresses in flexure by about the percentages given in 
Table 23 to obtain reasonable working .stresses in tension. 

TABLE 23 


Allowable Pkkcentage of Face Width Covered by Knot® 


Classification 

Joist and 
Plank 

Beam and 
Strinqkr 

1800/ Dense Douglas fir (coast or inland) 

28% 

18% 

Dense southern pine (long or shortleaf) 

28 

18 

1600/ Close-grained Douglas fir (coast) 

28 

18 

“ (inland) 

25 

1 13 

Dense southern pine (long or shortleaf) 

32 

25 

Close-grained redwood 

19 

5 

1400/ Tidewater red cypress 

26 

15 

Dense longleaf southern pine 

38 

32 

Close-grained redwood 

25 

14 

1200/ Douglas fir (inland) 

35 

26 

Dense shortleaf southern pine 

43 

38 

Close-grained redwood 

32 

24 

1000/ Western red cedar 

25 

13 


“ Reduce allowable BtreBses in flexure by the percentaRe given to obtain working BtresseB in tenBioc 
where timbers cannot be Bclected to eliniinate large knots. 


Net Section, It is necessary to design tension members upon the basis 
of the net section after bolt holes have been deducted. The author recom- 
mends that all holes on a zigzag line be deducted from a right cross-section 
provided that the slope of the zigzag line is at no point greater than 45 
degrees to the right section. The fibrous nature and weak shear resistance 
of timber along the grain dictates a more severe deduction than has been 
common for steel members. 

96. Timber Trestles. Perhaps the most common use that has been 
found for timber as an important modern structural material is in pile 
trestles for railroad work. The details have been standardized rather 
carefully by the American Railway Engineering Association. The illus- 
trations of Fig. 88 and Fig. 89 show these details for three trestles that 
are quite typical. The two-panel bent is limited to a height of 30 ft. The 
six-panel bent of Fig. 89 is designed for a height of 72 ft. The details of 

♦ These restri(;tioiis are given in full in Standard Specifications for Highway Bridges^ 
AASHO, 1935, and in “ Specifications for Structural Timbers,” AREA Manual, 1936. 




Fig. 89. Typical 5 Post Bent. 
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attaching stringers properly to the cap of the bent are illustrated by Fig. 
90 where both straps and angle fastenings are shown. Caps are drift 
bolted to the piles or posts as shown by the illustration. A typical section 
through an overhead wood highway bridge is shown by Fig. 91. For 


Clear widfh to suit conditions 


i . — — — — — ■ ' 

j j Transverse crown of roadway surface to be {'for each W. of widfh 


j/ jcn Not m ore 



Either type floor may be used 
with framed or pile bents 
Courtesy Am. Ry. Eng. Assoc. 

Fi«. 91. Overhead Wood Highway Bridge, 11-15 Loading. 


higher structures the posts will have to be battered, the design being 
similar to the railway bent of Fig. 89. All of these structures are shown 
merely bolted together. Added strength and stiffness can be provided 
cheaply by placing alligator or bulldog connectors around each bolt used. 


PROBLEMS 

98. Find the allowable bearing stress for load at 30° to the grain for 1600/ or 1200c 

Close-grained Douglas fir (inland). Am. 730 lb. per sq. in. 

99. Find the allowable bearing stress for load at 45° to the grain for 1000/ or 800c 

western red cedar. Am. 320 lb. per sq. in. 

100. Revise DP23 for (a) oak, (6) redwood timber. 

101. Determine the required number and size of nails and of lag screws to connect a 
steel plate in. thick to a 4-in. timber (white oak) to develop a holding power of 2000 lb. 

Am. Use 9 nails 16d or 3 lag screws X 3^"* 

102. Revise DP24 for (a) oak, (5) redwood timber. 
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103. Determine the required number of ^-in. X 3 J^-in. lag screws or bolts to 

develop a lateral shear resistance of 2000 lb. between a J^-in. steel plate and a 4-in. 
southern 3 '^ellow pine timber. Permit a 25 per cent increase of safe load where the 
load is applied through a steel plate. The load is at 30° to the grain. Read footnotes to 
Table 14. Ans. 4 lag screws or 4 bolts. 

104. Determine the required number of H‘in. X 6-in. lag screws and also of H-in. 
bolts to develop a lateral shear of 3000 lb. between a 3-in. redwood plank and a 6-in. 
redwood timber. The load is at 45° to the direction of the grain. 

105. Revise Z>P25 for 1100c and 1400/ close-grained redwood timber. 

106. Design and detail a bolted gusset-plate 
connection of the type shown to develop a load P 
of 6000 lb. The timber is southern yellow pine. 
Fulfill all specifications as to edge and end mar- 
gins and proper spacing. Note eccentricity of 
load on upper group of rivets. 

107. Design and detail the bolted splice 
shown to develop the value of southern cypress 
timber in tension at 800 lb. per sq. in. on the net 
section. 

108. Design and detail the bolted joint 
shown to develop a total load of 6000 lb. The 
planks are 3-in. X 12-in. redwood. 

109. Redesign the joint of DP2Qa and b for southern cypress timber and allow for 
21 per cent moisture content. 



Problem 106. 
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Problem 107. 


Problem 108. 


1 10. Select size and number of pairs of connectors to 
resist the load W of 49,000 lb. acting parallel to the grain. 
The timber is seasoned shortleaf southern pine. Carry 
out the design for (a) split ring, (b) alligator, (c) bulldog, 
(d) flanged plates, (e) claw plates. 

Am. (a) Three 6-in. diam.; ^-in. bolts. 

(6) Eight 4-in. diam.; J^-in. bolts. 

(c) Six 5-in. square; 1-in. bolts. 

(d) Six 4-in. diam.; J^-in. bolts. 

(c) Seven 4-in. diam.; H-ln. bolts. 

111. Redesign the column splice of DP27a and b for 
Rocky Mountain Douglas fir (1100c). 

112. Revise Problem 110 to account for the follow- 
ing special conditions: load applied at right angles to 
the grain of seasoned Rocky Mountain Douglas fir with 
1-in. end margins. 



Problem" 110; 
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113. Revise Problem llO(ri) to account for the following special conditions: load 
applied parallel to the grain through steel side plates in place of wood side timbers. Use 
values for dense Douglas fir (coast). 

114. Solve Problem 106 by use of (a) flanged plates and (6) claw plates. 

115. Solve Problem 106 by use of split ring connectors for No. 2 wood classification. 
Do not fail to (;heck on required timber thickness for double ring grooves from Table 16. 

116. Solve Problem 108 by use of split ring connectors. Check required thickness of 
timber in Table 16. Use a load of 20,000 lb. 

117. Same as Problem 115 but use bulldog plates. 

118. Same as Problem 116 but use bulldog plates. 

119. Design a beam to si)an 22 ft. and carry a uniformly distributed load of 550 lb. 
per lineal ft. including its own weight. Choose a commercial timber (1600/) and check 
shear and end bearing. 

120. Design a beam of 10-ft. span to carry a concentrated center load of 30,000 lb. 
Check shear, and design bearing plates under the load and at the reactions. Grade, 
1200/. Allow for the weight of the timber. 

121. Revise the design of I)P2H for 1400/ dense longleaf southern pine. 

122. Assume that timbers of all species are available up to size 12 in. X 12 in. 
Design a built-up beam held tog(itlier with bolts and timber c.onnectors to carry a uni- 
form load of 1000 lb. per ft. on a span of 21 ft.-6 in. Allow for the weight (>f the beam. 

123. Revise the design of DP2d for 1100c redwood. Reduce ceiling heights to 15 ft. 

124. Determine the carrying capacities {AREA spe(;ificatioiis) of the following 
columns, (a) 1200c dense shortleaf southern pine, 12 in. X 12 in. X 10 ft.-6 in., (6) 
1100c oak, 14 in. X 16 in. X 17 ft. -2 in., (c) 1000c close-grained redwood, 6 in. X 6 in. X 
11 ft.-3 in., {d) 800c western red cedar, 5 in. X 7 in. X 15 ft.-O in. (Sizes are nominal.) 

Ana, (a) 156,000 lb. 

(6) 216,000 lb. 

(c) 16,600 lb. 

(d) 5,400 lb. 

125. Compare the answers obtained from the data of Problem 124 if the design is 
made by use of eciuations (12), (13), and (14). 

126. Select and sphere a soutliern yellow pine timber to carry a tiaisioii stress of 
70,000 lb. Take account of the reduction of allowable stress suggested by the footnote to 
Table 23. Use flangt'cl connectoi's and steel side plates. 

127. Repeat Problem 126 by choosing a built-up section composed of several planks. 
Splice by interlocking the planks, adding side planks, and using bulldog connectors. 

97. Adequate Design of Timber Structures. Engineers have often 
taken a careless point of view with reference to timber design, particularly 
for temporary structures. A tlesigner who will exereist) extreme care in 
the design of steel or reinforced concrete structures often crudely ai)prox- 
imates or simply guesses at timber sizes, l^his leads to wiuste since the 
designer certainly will not take a chance on his reputation by using slender 
members when he has not made proper design calculations. Thus, de- 
signers in general tend to overdesign wood stnictures, with the result that 
the actual economy which can be realized by a proper design in timber 
is not always achieved. 

There has been a certain justification for the designer's attitude to- 
ward timber design. We realize, of course, that wood is not as uniform as 
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steel or reinforced concrete. However, modern methods of selection and 
classification have removed the guesswork from the choice of working 
stresses. There is little reason to question th(^ fact that the specufications 
for 1400/ close-grained redwood and 1100c Douglas fir (coast) will produce 
timbers fully capable of resisting the working stresses specified for such 
woods. This eliminates any justification that may have existed for the 
use of oversafe member sizes selected by rule of thumb.” Scientific 
methods of design are needed as mu(‘h in timbea* as in steel. 

Laminated Timber. A new wood material has received much study 
and some practical use during recent years. The refcaence is to plywood 
timber. Either as beams, columns, or gusset plates, the built-up material 
has a greater factor of safety than the plain timber. The reason is that 
planks can be oriented during assembly so that the weakening effects of 



(CD Beam (b) Column 



Fig. 92 , Heavy Laminated Timbek. 


knots, 'shakes, splits, and wanes are reduced to a smaller factor in tlui 
built-up member than in a full sized timber. A few such possibilities are 
suggested by Fig. 92, but it seems likely that this idea will find (consider- 
able extension into built-up arches, rigid frames, continuous beams, etc. 
Units may be held together by nails, bolts, screws, or connccctors, and by 
waterproof glue. 

Careful scientific design, the use of modern connectors, and the con- 
struction of built-up members seem to suggest that timber may again find 
a wider usefulness than has existed in the recent past. It should be real- 
ized that timber lends itself to rustic architectural treatment thoroughly 
in harmony with the background of the countryside. Effecctive use was 
once made of that fact in Europe and in the eastern part of the United 
States. 




CHAPTER 6 


TENSION MEMBERS 

98. Design of Tension Members and Coimections. In the design of 
tension members it is usual to arrange the member and its connection 
in such a manner that there will be no bending in the member from ec- 
centricity of the connection. When this arrangement can be made, the 
stress is considered to he distrilnited uniformly over the net section of 
the m(3mber, that is, at the root of a thread, across the section at a pin 
hole, or on a section taken through a group of rivet holes. The unit stress 
on the ne^t section is the total force divideel by the net area, and this stress 
must be kept within the allowable working stress in tension. Where an 
eccentric conned ion exists, the effe(;t of the eccentricity may be provided 
for by specifications, or else the stress caused by the bending moment 
must be considered in the design. Only members w’^here eccentricity is 
provided for by specification will be considered under the heading of simple 
tension members. For instance, a single-angle tension member connected 
by one leg has its net area reduced by specification to allow for eccentric- 
ity. Only 50 per cent of the unconnected leg is considered effective 
according to several specifications. 

Bars and Rods 

99. Welded Tension Bar. The wielded tension bar is a satisfactory 
member for use in the design of light structures such as stairway framing 
around industrial plants, foot bridges, electric sign supports, powder line 
tow^ers, and in other cases where the general specification requiring ten- 
sion members to be capable of resisting compression does not apply. 
Since no holes need be punched through the bar, the full gross area may 
be used for carrying stress. The wielding at the end of the bar should be 
arranged symmetrically in order that there will be no bending stresses 
caused by an eccentric connection. 

Example of a Tower Diagonal, DPSOa, Probably the welded bar or flat is 
the most satisfaetory tension diagonal for a light stairway tower such as the one illus- 
trated. The gross area of the bar is effective, resulting in full efficiency. The member 
design to resist the direct stress is so simple that the calculations need no explanation. 
The joint detail is of some interest. The gravity axes of the four members meet at a 
point as shown in the illustration. The upper diagonal may be cut ^ in. short of its line 
of contact with the lower diagonal to permit two fillet welds to be placed between. 

169 



170 DESIGN OF MODERN STEEL STRUCTURES 

Usually, however, the gap is made only in. or ^ in. wide so that a single rectangular 
butt weld serves the double purpose as indicated on the detail of the joint. The lower 
diagonal is connected by 5J^ in. of weld (the minimum required amount). The upper 
diagonal has an end connection of in. of weld which is necessary because the minimum 
length of the side welds is usually set at in. 

100. Tension Rods. Tension rods are used only as secondary struc- 
tural members for which the design stress is relatively small. One com- 
mon use for a tension rod is as a sag rod in mill building construction. The 
purpose is to support the purlins between trusses in a direction parallel 
to the roof or to support; the girts in a vertical direction between columns. 
This support is particularly necessary where the purlin or girt is a channel, 
which has a low flexural resistance about its axis of least radius of gyra- 
tion. The maximum stress in a sag rod occurs at the ridge of the roof 
and is computed as the sum of its purlin reactions from the eave to the 
ridge produced by the component of dead load and snow load taken par- 
allel to the roof. Other uses for tension rods are as hangers and as tie 
rods to resist the thrust of a floor arch or bridge arch for which fixed 
abutments are not available. For this latter use, large tie rods may be 
needed. 

End Connections. Tension rods can be obtained cither in round or 
square sizes. Large rods (1 in. or larger) usually arc upset before thread- 
ing so that the area at the root of the thread is about 20 per cent greater 

than the area of the bar. The 
cost of upsetting overbalances the 
saving for bars of smaller di- 
ameter. For non-upset bars the 
designer should increase the di- 
ameter at the root of the thread by 
in. over the actual required 
diameter to allow for localized 
stress at this point. Bent tension 
bars should be avoided, if possible, 
or else should bo designed conserva- 
tively. Tension rods arranged for connecting to a pin are known as clevis 
rods or loop rods. These arc shown in Fig. 93. Standard connections of 
these types are strong enough to develop the bar. They may be obtained 
with turnbuckles for the purpose of introducing initial tension. 

Initial Tension in Rods. It is desirable to introduce initial tension into 
the diagonal wind bracing of towers and buildings, since sway is thereby 
reduced. Accordingly, tension rods used for this purpose should have an 
initial tension of at least 5000 lb. (often 5000 lb. per sq. in. for larger rods) 
introduced by turning up the end nuts or turnbuckles. (Spec. 53.) As 
long as any initial tension exists, the wind stress is divided equally between 



Loop Rod Turnbuckle Clevis 

Fig. 93. Pin Connected Rods. 
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DP30a. Design and detail a welded bar as a tension diagonal CF of the stairway tower 
shown. Severe corrosion hazard; AISC and A WS spec. 

Data: 

Design stress (wind) in diagonal = 20j200§T. 

Member: 

Allowable stress — 20^000 X t>33 = 

26 J 00 #ln". 

Area = 20,200 26,700 - 0.76*n". 

Bar size. A 2} 2 ' X furnishes 

0.78o". 

Corrosion. Choose a 2}^2" X ^ to allow 

for corrosion. 

Slenderness ratio = (If} X 12) (0.29 X 2.6) 

= 248 . (16' is the horizontal projection.) 

Members of L/r < 260 do not sag. 

Connection: (Corrosion hazard; low weld value.) 

Value of member = 26,700 X 0.78 ^ 20,800#. 

Value of Vh" fdlet weld = 3000 X 1.33 = 

4ooo#r. 

Length of weld — 20,800 4 OOO “ 6.2", 

Remarks: The arrangement of the welds is shown on the detail. The diag- 
onals join together on the near face of the column. The horizontal strut is 
wcUlcd to the back face of the column angle with 4" of %" fillet weld which 
is adcqtiate to care for the horizontal component of the stress in the diagonal. 
The diagonals may be welded at the point of crossing, but this is not required. 
The connection is designed for the value of the member before its thickness is 
increased for corrosion. 


DP30b, Select an upset rod diagonal to serve in place of the flat bar of DP30a. Make no 
allowance for stress concentration but add 20 per cent for corrosion. 

Net Area = (20,200 26,700) 1.20 = O.Oln". 

Net Area of a 1" sq. rod = l.Oo" (1.29d" at root of thread). 

Net Area of a iVs" round rod == 0.99n” (1.29n" at root of thread). 
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the crossing bars by reducing the tension in one and increasing the tension 
in: the other. Accordingly, when the stress in one reduces from 5000 lb. 
to zero, the other will have a stress of 10,000 lb., which is the same stress 
that it would have if no initial tension had been introduced. It follows 
that we should design heavy crossing diagonals with or without initial tension 
for exactly the same stress. Initial tension may be introduced into riveted 
diagonals by detailing the members Me in. short for each 20 ft. of length. 
The members are then pulled into place in the field with drift pins. Welded 
bars can be preheated to obtain the same result. 

101. Tension Rod Design. Examples DPZOh and Z)P31. The first example on 
tension rods is the selection of an upset rod as a diagonal for a tower. An upset rod is 
proper for this member because the diameter is greater than 1 in. The second example 
is properly the choice of a non-upset rod since the diameter is small. Some specifica- 
tions have limited the minimum diameter of a tie rod in a building or bridge structure to 
^ in. The reason is that a smaller non-upset rod has so little elTective area that it 
furnishes almost no factor of safety against possible increase of stress. A M-in. rod 
is therefore considered a minimum structural size in the same manner that a 2-in. angk? 
is ta,ken as the minimum section for a tension diagonal. 

102. Eye-Bar Tension Members. The pin connected truss bridge 
with eye-bar tension members was at one time almost universally used. 
This type of truss is used today for long span bridges only, since the large 
dead weight of a long span structure is necessary to prevent rattling and 
excessive vibration under heavy traffic. Eye bars are also used to make 
up the chains of some suspension bridges, and they may be used as floor- 
beam hangers for large suspension or through arch bridges. 

The use of eye bars offers the advantage that heat treated steel of 
high strength may be used with correspondingly high working stresses. 
For instance, in a recent suspension bridge design, the eye bars for the 
chain were heat treated to protluce an elastic limit of 75,000 lb. per sq. 
in. and were stressed to nearly 50,000 lb. per sq. in. Even higher working 
stresses have been used. 

The specifications of the AREA require that the eye bar have an excess 
net area of 35 per cent through the center of the pin over the body of the 
bar. (Spec. 185.) The pin diameter is required to be not less than %o 
of the width of the widest bar attached. The thickness of the bar must be 
between 1 in. and 2 in., and it is commonly not less than % of the width. 
To meet these specifications, it is frequently necessary for the designer to 
use several bars in parallel. Bars are required to be packed on the pin so 
that adjacent bars will not touch. 

Examples of Eye-Bar Selection, DPS2. Two main considerations in eye-bar selec- 
tion are to meet the requirements of the specifications as to bar width and range of thick- 
ness. Then the bars must be arranged or packed on the pin. The packing may be com- 
plicated by too many bars. Hence, the designer may choose an alloy steel or heat treated 
eye bar to reduce the number of bars required. It is shown in DP32b that the choice of 
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DP31. Design sag rods to support the purlins of an industrial building roof. Sag rods 
are placed midway between roof trusses which are spaced If)' apart. Use A I SC 
spec. 


Loads: Roofing is corrugated 
asbestos at dH/o' and purlins 
weigh of roof surface. 

Snow load is of hori- 

zontal projection or 18.1ff/a' 
of roof surface. Total verti- 
cal load is therefore 24d)§lu^ 
of roof surface. 



Load component parallel to roof 24.0 X sin = 24.O X 0.423 = l().4f/[3'. 


Rod Size: 

Load carried by one sag rod — 10. 4 X 2/) X 3 — 2030 If. 

Required area of rod — 2030 20/)00 0.104 d". 

Net diameter. A net diameter of will furnish the required area. 

Root diameter = stress concentration) = ’Jief' (d root of 

thread. 

Minimum diameter — which f urnishes a root diameter of 0.007". 

Rent rod. The use of .slant washers avoids bending the ridge rod. 



Remarks: Multiple sag rods (for example^ those illustrated are at the one *hird points 
of the bay) are required for very wide bays. Diagonal ties atid .short struts, as shown, 
are needed to resist snow cmering one side only of a large roof. For specifications 
regarding sag rod design, see Ketchum's “ Steel Mill Buildings." 
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DP32a. Select an eye bar to act as a lower chord member of a 300' railway bridge truss. 
AREA spec. 

Design stress — 1690 kips; pin size = 9"; panel length = 30'. 

Required area of bars — 1^690^000 18,000 — 93. 8n", 


Choice of Bar: Maximum bar width = (10/8)9" = 11.25". (Spec. 186.) 
Use 10" bars. 

Minimum bar thickness = H (10") = 1.26". 

For 6 parallel bars, thickness 


6X10 




Bearing stress = 1,690,000 

(6 X 1.66 X9) = 20,000§/n". 

Diameter of Head: From a structural 
steel handbook, the head diameter 
(35% excess area) is found to be 
22}^". This value may be checked 
by use of the formula 

D == 1.35w + d « 1.35 X 10 +9 
^ 22.5". 



DP 32b. Repeat the design of DP32a but use nickel steel eye bars to reduce the numbei" 
required. See Spec. 1 65 for allowable stresses. 

Allowable stress for nickel steel eye bars by AREA spec. = 27,000§/n". 
Req^dred area of bars = 1,690,000 27,000 = 62. 6n". 

62 6 

Thickness of bars. For 4 bars of 10" width the thickness is ^ ~ ^ 6 "• 

1,690,000 

Thickness for bearing on a carbon steel pin = == 1.96". 

4 X 34,000 X 9 

Use 4 nickel steel eye bars 10" X 2" drilled for a 9" pin of carbon steel. 


DP32c, Repeal the design of DP32afor heal treated eye bars. Allowable tension after 
heal trealment = 35,000§/n". Bearing on the pin at 24fiOO§/n" still controls 
as in DP32b. 
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nickel steel makes possible the use of 4 bars in place of the 6 needed of carbon steel, 
even though the carbon steel pin is retained. With a nickel steel pin, the eye bars could 
be reduced from a thickness of 2 in. to a thickness of iu. Working stresses for alloy 
steels are given by Spec. 165. 


PROBLEMS 

128 . Redesign the welded bar of DPSO using a total stress of 26,000 lb. caused by 
wind. Detail the joint upon the assumption that the vertical members are 6 X 6 X J^-in. 
angles. Use AISC weld stresses from § 55. 

129 . Design a welded bar as a hanger to carry a dead and live load stress of 75,000 lb. 
Detail its connection to the end of a 20-in., 65.4-lb. standard I-beam whose reaction it 
provides. Do not use overhead welds. AISC spec.; § 55 and § 215. 

130 . Repeat Problem 129 by using two tension bars attached to the sides of the beam. 

131 . Design sag rods to be placed at the one third points between roof trusses for a 
large industrial shed. Follow the details shown in DSSl. Trusses are .spaced at 20-ft. 
centers; roof slope, 30°; width of building, 65 ft.; eave overhang, 2 ft. Weight of roof 
covering, 4 lb. per sq. ft.; weight of purlins, 4 lb. per sq. ft.; snow load, 15 lb. per sq. ft. 
of roof surface. As a drafting room problem, sketch an elevation and plan of the roof 
showing details for placing the sag rods. AISC spec. 

132 . Design a sag rod for the side of a mill building to support the girts at their mid- 
points. Column spacing, 16 ft.; height to eave, 30 ft.; weight of side-wall covering, 
including windows, 7 lb. per sq. ft.; weight of girts, 2 lb. per sq. ft. Use AISC spec, and 
illustrate all details clearly. 



133 . A balcony around a gymnasium floor is to be supported at its outer edge by 
tension rods or hangers connected to the roof trusses. If the balcony is 14 ft. wide, and 
the roof trusses are on 15-ft. centers, design the hangers for a dead load of 75 lb. per sq. 
ft. and a live load of 100 lb. per sq. ft. Sketch a detail showing how to frame the floor 
system of the balcony in order to support it in this manner. AISC spec. 

Ans. 1 in. sq. or in. rd. upset rod. 

134 . Design a diagonal for a 350-ft. railway truss where the design stress is 1440 kips 
and the pin size is 10 in. Use 4 bars and design by the AREA spec. The length of the 
member is 45 ft., 3 in. Compute the bending stress caused by the weight of the bar. The 
slope of the diagonal is 50° with the horizontal. 

135 . Design a chain for the suspension bridge shown. There are two chains. The 
design stress in the unloaded backstay ab is constant and is equal to 4800 kips in each 
chain. The stress from the top of the tower at b to the center of the bridge at c decreases 
uniformly to 4000 kips. Design the chain for a working stress of 50,000 lb. per sq. in., 
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and change the chain section every 100 ft. from h to c. Detail a section of the chain 
showing how the bars are placed on the pin to reduce the bending stresses to a minimum ; 
11 }^-in. pins are to be used. Each bar is about 20 ft. long, which corresponds to the panel 
length of the floor system. 


Structural Shapes 

103. Single Angle Tension Members Connected by One Leg. When- 
ever the force transmitted from a connection into a member is not 
in line with the center of gravity of the member, this eccentric force pro- 
duces bending in the member. As far as possible, it is wise to design the 
connection to reduce this bending to a minimum. The iLse of members 
which are symmetrical about one or both axes is therefore desirable. 
Clearly, any single angle connected by one leg must resist such an eccen- 
tric force. Single angle tension members are widely used for light diagonal 
bracing. 



Fig. 94. Single Angle Connections. 


The common specification is that the effective anni of a single angle 
in tension shall be taken as the net area of the connected leg plm one half 
the area of the unconnected leg. The purpose of this specification is to 
allow empirically for the effect of the eccentric force. A lug angle con- 
nection, as shown in Fig. 94(a), is not to be considered as producing a 
connection to both legs, but it may be considered to transfer stress if it is 
welded to the main angle. It is far less effective for stress transfer if it 
is riveted to the main ailgle, because of slip between the two. Neverthe- 
less, a lug angle is always useful in resisting moment of eccentricity. 

Essentially the same specification applies to a single angle welded 
member as to a single angle riveted member. For the welded angle the 
gross area of the connected leg and one half of the gross area of the un- 
connected leg is effective. By use of a welded end connection, it is possible 
to make the connection resistance line up with the center of gravity of the 
angle in one plane (see § 57) although there will still be eccentricity in 
the perpendicular plane. The proper detail is shown in Fig, 94(5). Of 
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DP 33, Design a single angle web ynemher of a lighl roof truss. Form a jyroper connec- 
tion to a gusset ivith rivets. AISC spec. 

Angle Size: 

Design stress = ISfiOOjf caused by D.L, + L.L. 

Net effective area — IdyOOO 20/XX) = O.TSn". 

Minimum angle. A 2)/2 X 2]/^ X Yq” angle is the minimum size. 

Area furnished. Reduce area 26% to allow for unconnected leg ami deduct for 
one rivet hole. 

A = (1.47 X 0.76) - (0.876 X 0.812) - 0.8Sn". 


Rivets: 

Rivet value in single shear = 0.44 X 16,000 - G()(X)§. 

“ “ “ bearing = 0.S12 X 0.76 X S2,000 = 7600jf. 

Number of rivets = (20/H)0 X 0.88) —• 0000 = 2.6; use 8 rivets. 


Remarks: For light roof trusses this angle would ordinarily meet the stu ngth require- 
ment of most web memibers. However, it is common practice to use double angles to 
mai nta i n symmetry. 



Detail: The detail shown illustrates the proper way to dimension a metnher of a riveted 
joint. Information given on the angle controls its length ami gage. Dimension lines 
show partial dimensions to locate the exowt position of each rivet and the overall dimen- 
sion for checking. 
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course, the combined length of the two welds a and h must be sufficient 
to develop the effective area of the member. Also, the moment of the 
force resisted by the weld a, about the gravity axis of the angle, must be 
the same as the moment of the force resisted by the weld 6. It follows 
that the lengths of the welds a and b must be directly proportional to 
the distances X 2 and Xi or a -r- 6 = 0:2 Xi. From this we obtain a con- 
venient working formula, — = — — — . 

d h Xi X2 

104. Examples of Angles Connected by One Leg, DP33 and DP34. The riveted 
single angle tension member of the example DP33 is typical for a very light building truss. 
Trusses of standard weight usually have double angles of minimum section, even though 
they may not be needed for stress. Note that the end connection is designed to develop 
the full value of the iiiemher rather than its design stress. The resultant connection, 3 
rivets, is the minimum connection usually accepted. A 2-rivet connection is regularly 
used for secondary members and by A ISC specifications for light roof trusses. 

The welded tension diagonal of the example DPZ4l illustrates a typical arrangement 
of members for a fairly heavy welded roof truss. A split beam section makes an excellent 
chord member for such a truss in that the 9-in. web furnishes an adequate depth for 
attachment of the web members. The use of this section is limited to trusses for which 
the chord areas must be at least 5 sq. in. so that a 12-in. I-beam may be split for the 
chords. The welded detail illustrates how the vertical and the diagonal are commonly 
welded to each other and to the chord by a single butt weld and by additional fillet welds. 

Built-up Tension Members 

105. Design of Riveted Tension Members other than Single Angles. 

The tension chords of riveted roof trusses and of highway bridge trusses 
often are formed of two or four angles, or, occasionally, of two channels. 
Roof trusses have single gusset plates, and the main tension members 
are usually two angles placed back to back on opposite sides of the 
gusset plate. Bridge trusses have double gussets. Light lower chord mem- 
bers may be double angles placed outside of the gusset plates. A joint 
detail at a lower chord panel point where two angles are used is shown in 
Fig. 96. The diagonals for most small highway bridge trusses are composed 
either of two angles with legs turned in, riveted inside of the gusset plates, 
or of a wide flange beam section. The vertical members are small plate- 
girders or beam sections riveted between the gusset plates. In addition 
to the vertical gusset plates, there is a horizontal plate riveted to the 
bottom of the lower chord angles at each joint. This plate serves the 
purpose of a connection plate for the lower laterals, and, if the lower chord 
is not continuous, it may also be a splice plate for the outstanding legs of 
the lower chord angles. The vertical legs of these anglas are then con- 
nected to or spliced by the gusset plates. The chord splice may be placed 
at a joint unless the number of rivets required to splice the angles of the 
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DP34. Design a welded double angle tension member for a diagonal of a light building 
iriLss {Pratt type) where the chords are spin I-beams {18"-64-7i), AISC spec. 

Size of Angles: 

Maximum stress for the diagonal = 70fl00§. 

Gross area required = 70fl00 20^000 = 3.6n" or 1.75n" per A. 

Angle size. A X 2]/2 X angle has a gross area of 1.78n**. The 
angles can be connected on the two sides of the I-beam web of the chord so that the 
entire gross area is considered effective. 



Connection: 

Strength of the connection. 1.78 y. 20^000 = 35 ^600 per angle. 

Value of weld. A fillet of a special shielded arc weld uill be used which 
has a volume of 1250if per of fillet leg. 

Length of weld = 35,600 {1250 X 2.5) = II.jV'. 

Division of weld. To shorten the side welds, a weld can be placed across 
the etid of the angle, leaving 7.9" along the two sides. Then, by equations {11) 
and {12) from § 57 

^ ^ _ c ^ 11.4 X IM _ ^ ^ 

® c 2 3.5 s'"' 

b = 7.9 — 2.0 = 6.9"; use 6" as shown. 

Lis the total length of the weld or 11.4". 
c is the width of the angle leg or 3.6". 

X is the distance of the gravity axis from the back of the Z . 

Remarks: The detail illustrates how the weld is to be placed on the diagonal. The use 
of a butt weld between the vertical and the diagonal can be avoided by separating the 
members sufficiently to allow space for two fillet welds. 
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chord is so great that excessively large gussets are required. This fact, 
however, has led specification writei's to recommend that it is better to 
splice the chord between panel points. Severe gusset-plate stresses are 
also avoided thereby. Since both legs of the chord angles are fully con- 
nected to stiff plates whi(‘h tend to prevent the angles from bending in 
either direction, even though the pull is slightly eccentric, the full net area 
of the chord angles may be taken as effective area. (Spec. 85.) 

All tension members that are composed of two or more separated pieces 
must have the parts connected by stay platas at intervals not exceeding 
3 ft. Stay plates serve to develop a reasonably uniform distribution of 
stress between separate parts of the member and to prevent bending or 
vibration of the individual parts. (Spec. 103.) A stay plate holding 3 
rivets as shown in Fig. 96 is the minimum allowable size. The lateral 
plates act as end stay platc's for the lower chord, but all diagonals must 
have end stay plates l }/2 times as long as the distance between end rivets 
or more than t\\ice as long as the intermediate stay plate shown on the 
bottom chord in Fig. 96. The thickness of stay plates must not be 
less than %o of the distance between the connecting lines of the rivets. 
(Spec. 103.) 

106. Chord Member Design. Example D/^35. This design is worked out for a 
highway bridge (!hord irieniber that is .spliced at the joint. Hence, the gusset and the 
lateral plate serve as splice plates. Note that the slenderness ratio {L/r) is checked, which 
is important even for a tension member. The r-value us(m 1 is taken about the horizontal 
axis because of vertical sagging and sin(?c stay plates shorten the free length in a hori- 
zontal direction. 

The net value of each leg must be determined in order to design the end connection. 
The (!aiculation assumes net values to be proportional to net areas when a single rivet 
hole is deducted from each leg. In order to make this true, the first rivet spacing must be 
large enough so that the computed deduction by the AASI/O formula (s^/4gh) will be 
no greater than 2 rivet holes; the actual value obtaitUMl by computation is a deduction 
of 1.88 holes for a rivet spacing of 2 ^2 ii'* I Hher rivet spaces will be set at 2 in. to shorten 
the gu.sset plate. 

PROBLEMS 

136. Redesign the tension member of DP33 for use in a welded .stru(!ture. Design 

and detail the (connection. Change the top (!hord to one half of an I-beam section 
equal to its present area. AISC and spec, and highest allowable stresses. 

137. Redesign the welded tension member of /)P34 for use in a riveted structure. 
Change the lower chord to two angles of ecpiivalent sectiem and introdu(;e a Ke-in. 
gusset plate between them. 

138. A single angle member is to act as a hanger to support a balcony of a small 
theatre. The hangers are spaced 10 ft. apart to carry the outer ends of channel floor 
beams which frame into the walls at their other ends. The floor-beam channels are 15- 
in., 45-lb. sections. The width of the balcony is 18 ft. Design the hanger and a riveted 
connection to the channel web if the D.L. is 75 lb. per sq. ft. and the L.L. is 100 lb. per 
sq. ft. of floor area. Detail the (connection lo reduce eccentricity. Use A I SC spec. 
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Fig. 96. Detail at a Loweii Chohd Joint of a Highway Bridge Truss. 















DS35 LOWER CHORD MEMBER ENG. DEPT. 


L.G. 


DP3S. Design a lower chord member for a highway bridge truss for a design stress from 
D.L, and L.L. of 103^000 lb. There is a splice at the joint. Panel lengths are 16'; 
gussets are and lateral plates are thick. Use rivets. AASHO spec. 

Member: 

Net effective area required = lOSflOO -r- 18,000 — 6.73o". 

Gross area of 2 Zs, 6 X 4 X 5^" = 7.22n". 

Net area = 7.22 - (4 X 0.875 X O.S75) = 6.91n". (De- 
duction for 2 holes per Z). 

L/r ^ 15 X 12 1.93 ^ 93.2. {Limited to 200, Spec. 

84.) 

Connection: 

Shop rivet values. Single shear — 5970^; bearing on — 7580§. 

Field rivet values. Single shear = 4850i; bearing on Ye' = 6280§. 

Shop rivets through vertical legs = [{6/10 X 7.22) — 2 XVsX^'^X 18,000 
4- 6970 = 11.0. 

Field rivets through horizontal legs = [{4/10 X 7.22) — ^ X % X Ji] 
X 18,000 4- 4850 = 8.3. 

Rivet spacing for deduction of 2 rivets 
{by s^/49h) is 2}/^". Use successive 
values of g of 2y<f' and 4ys"; s = 2.6", 
h = 0.87" as follows: Spec. 106. 

/ 2 . 5 ^ \ 

Deduction = 3 — 1 — I 

\4 X 2.5 X 0.87/ 

/ 2.5^ \ 

- ( J = 1.88 holes. 

\4 X 4.37 X 0.87/ 

Stay Plate: 

Distance between gage lines = 16". 

{Spec. 103.) 

Length of plate = {0.57 X 16) + 2.6" 

= 12 ". 

Thickness = 16/50 == Y%". 

Comment: For practical detailing it will be found 
that 12 rivets in place of 11 are used through the 
vertical legs, while 8 are used through the hori- 
zontal legs. Rivet spacing is shown as 2\i in. at 
the end of the gusset, but other rivet spaces are 
reduced to 2 in. to shorten the gusset. 



rT-T Diagona/ 

Gusset^ \ Connection 




' — ' ' ? ’ „ 

1 ^” 6.4 
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139 . Redesign the hanger of Problem 138 if it is to have a welded connection. De- 
sign and sketch the connection detail. AWS spec. 

140 . Redesign the lower chord member of OP.35 by making use of 5 X 3 or 5 X 3H 
in. angles. 

141 . Design the lower chord of a Warren low truss bridge at a point where the stress 
is 170,000 lb. Use 4 angles 5 X 3 or 5 X 33^ in. and splice the member between joints 
to another member composed of angles of the same size but of Ke-in. greater thickness. 
Turn the angle legs in any practical manner. Use AASIIO spec. 

142 . Design the lower chord of a Fink roof trus.s for a stress of 02,000 lb. using AISC 
spec. This member is composed of 2 angles placed on opposite sides of a single Jl'e-in. 
gusset plate. Design the connection of the member to the end gusset plate. Detail the 
placing of rivets so that only a single rivet hole need be deducted from each angle. 

107. Choice of Cross-Section. As indicated by the variety of sections 
discussed in this chapter, the designer has considerable latitude in the 
choice of sections for tension members. The type of fabrication has 
much to do with a proper choice. Naturally, tension members composed 
of angles, channels, or beam sections are normally used in riveted struc- 
tures, while plates or angles or channels are likely to be chosen for a welded 
structure. The structural eye bar is economical for long-span bridge 
structures and for heavy ])uilding trasses, but its use is probably diminish- 
ing despite the advantage it offers of economy through the choice of alloy 
steels of high strength. The ordinary tension rod has come into a certain 
amount of disfavor, probably because it has been seen too frequently in 
cheap structures designed improperly. Actually, it is a useful tension 
member. For greatest effectiveness, the tension rod should be upset and 
should be designed to operate under initial tension. Its end nuts are ade- 
quate for introducing such tension, although a turnbuckle is a convenience 
in maintenance. Certainly, the weakness in the design of tension rods 
has asually been their end connections. The use of bent plates and other 
weak details for end connections has frequently been the cause of failure. 
A pin hole for an end clevis connection, punched too close to the edge of 
a connection plate, has been another cause of failure. Tension rods should 
not be blamed for such disasters. 



CHAPTER 7 


COMPRESSION MEMBERS 

108 . Design of Columns and Compression Members. The design of 
a compression member differs from the dasign of a tension member in 
two major characteristics: (1) the full gross area of a compression mem- 
ber is considered to be capable of taking stress (rivets arc assumed to fill 
their holes completely), (2) the allowable stress on a compression member 
must be reduced below that of a tension member to allow a margin of 
safety against buckling. The need for this reduction of stress is clear if 
we realize that a long column centrally loaled will buckle and collapse 
under a load producing an average direct stress considerably below the 
elastic limit. 

Column Formulas. Five ly])es of column formulas are recommended 
for practical use. 

(1) The Straight-Line formula {AHtA before 1035 jiiid widely used in building codes). 
Allowable P/ A = 15,000 — hOIj/r, but not more than 12,500 lb. per sq. in. 

(2) The Parabolic formula (riveted end conntM’tions). 

Allowable P/A = 15,000 - \ {AREA and AASIIO), 

4 

Allowable P/A = 17,000 - 0.485 (AJSC for L/r < 120). 

/•* 

(.3) The liankineAtordon formula {AlSd for special case of L/r > 120). 

18,(K)0 

Allowable P i A = 

^ Is.OOOr^ 

(4) The Secant formula {AREA for L/r > 140 and riveted ends). 

.3.3,000/1.70 r V 

Allowable P/ A — - (factor of safety of 1.70). 

/ L fl.76P/A\ 

1 -h 0.25 sec. f 0.375 - ^ 

(5) The Euler formula (riveted ends and L/r above accepted limits, i.e., > 200). 

AUowable P/A = -s- 2.2 (factor of safety of 2.2). 

(L/r) 2 
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Column Action 

i09. Generalization about Test Results. It is possible to derive 
theoretical column formulas. Unhappily, test results do not agree with 
derived formulas, so that, finally, corrective constants have to be intro- 
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Fig. 97 . Range of Test Results Compared with a Secant Curve for Built-up 
Steel Columns with Riveted Ends or Unlubricated Pins. 


duced. Therefore, we will approach this subject by reviewing tests first 
and then by deriving a few useful expressions theoretically. 

The plotting of (column loads at failure in Fig. 97 indicates the general 
trend toward a reduction of strength with increase of slenderness, but, 
due to non-homogeneity or imper- 
fections of materials, inaccuracies 40fl00 

of ^manufacture, differences of end 35,000 


restraint, and imperfect load appli- 
cation, there is inevitably a con- 
siderable variation in tast results 
obtained even in the same labora- 
tory. Columns in actual structures 
unquestionably vary to an even 
greater extent. Hence, for a limited 
range of L/r (say from 40 to 120) 
either the straight line, the broken 
line, or the parabolic curve of Fig. 
98 might represent the test results 
of Fig. 97 with about the same 
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effectiveness. Thus we are brought to the realization that the several 
column formulas of § 108 may represent no greater differences of opinion 
as to column strengths than is inherent in the spread of test results. For 
the two decades before 1920, the straight-line formula was commonly 
recommended in standard specifications. Then the old Rankine-Gordon 
formula was resurrected and became popular. At the 
present time there is a marked tendency to revert to 
the parabolic formula, but, like the mode in ladies^ hats, 
the cycle will probably repeat itself in a generation or 
so. The fact is that no one of these formulas docs a 
sufficiently good job of representing all test results to 
justify its use to the exclusion of all others. 

110. The Euler Formula for Long Slender 
Columns. The only inescapable theoretical conclusion 
in column studies is that long slender columns with 
perfectly round ends, when centrally loaded, buckle and 
fail as described by the Euler formula. In Fig. 99 we 
have a deflected column with round ends supporting 
the load P. Evidently, the bending moment is Px, and 
the deflection cuiwe has the same shape as the moment 
diagram. The stress just before failure is almost 
entirely flexural stress if we rastrict our study to long 
slender columns or splines. Hence, the deflection A can be computed 
as P/EI times the statical moment of the deflection area abc (cross- 
hatched) about the point a.* It is reasonably accurate to take the deflec- 
tion curve and therefore the moment diagram as a parabola. Thus, we 
obtain 



(6) 


2^8 2 ” 48 ^ 


Hence, we obtain for the breaking load 


P = 


9.QEI 

L2 


For the breaking stress, we write 


(7) 


P _ 9.6P 
A ~ (W 


{L/rY 


(nearly). 


The final form of this expression is the theoretical Euler formula. 


Practical Revisions of EulePs Formula, First, the Euler equation 
\?hould be divided by a factor of safety of about 2 because the load P is 

* See Theory of Modern Steel Structures, Vol. 2, p. 43, Proposition (2). The deflection at A 
from a tangent drawn at B is equal to the statical moment of the M/EI area between A and B 
taken about the point A. 
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clearly the V>uckling load that produces the severe deflection and heavy 
flexure occurring just before failure. Then, the deflected curve used is 
theoretically correct only for a perfectly round-end column. Both T. H. 
Johnson and J. B. Johnson, early experimenters in this field, agreed that 
the breaking loads for slender columns with practical end connections were 
very different from those given by the original Euler formula. Their test 
results were expressed approximately by the following formulas. 


( 8 ) 

and 

(9) 


P 5 ir^E \iSE 
Breakmgstress-=-^-^^ = -^- 


(ncaily) for typical pin connected ends, 


Breaking stress - 


5 tt^E 
2 (L/r)2 


25E 

{L/rr 


(nearly) for flat or nearly fixed ends. 


The first case is accepted to represent common end conditions either 
due to the use of ordinary unlubricated pins or of riveted or welded ends 
that are slightly restrained but far from fixed. The revised Euler formulas, 
equations (8) or (9), are applicable, of course, to long slender columns 
only. This will be evident since these formulas give an infinite breaking 
load when L/r = 0. Actually, the Euler formula only applies to columns 
above the range of slenderness permitted by ordinary design specifications. 
However, such slender compression members are not uncommon in electric 
sign supports, industrial stairway towers, etc. 

111. The Straight-Line Formula for Short Columns. It is accepted 
that the reasonable ultimate value of a short column must not be con- 
sidered to be greater than its elastic limit. However, tests show occa- 
sional perfect columns (short and almost theoretically straight) that fail 
above this stress which the ASTM sets at a minimum of 33,000 lb. per 
sq. in. for structural carbon steel. Tests do not show any appreciable 
reduction of strength with increase of slenderness until L/r exceeds about 
50. If, therefore, 15,000 is to be taken as the allowable stress on stocky 
columns (L/r < 50) we might set up a linear relationsliip for use where 
L/r exceeds 50. The 1920 AREA formula was of this type. 

(10) Allowable “ = 15,000 — .50 ^ • 

A 

There is no theoretical justification for this formula. Its use was estab- 
lished largely because the simplest way to reduce one number is to subtract 
another from it and the simplest reduction factor, based upon slenderness, 
is one that depends upon the first power of L/r. T. H. Johnson formally 
proposed this type of formula in 1886,* although it had probably been 
used earlier. 

* Transactions, ASCE for 1886, p. 517. 
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112. The ParaboUc Formtila for Short Columns. The next step in 
elaboration would be to change the power of L/r in equation (10). J. B. 
Johnson advocated the adoption of a parabolic formula, that is, one of 
the type 

P 1 /L\ 

( 11 ) Allowable -7 = 15,000 ( “ ) * 

A 4 \r/ 

This parabolic formula has no theoretical justification, but it does have 
one rather intangible connection with column theory. By varying the 
coefficient of (L/r)^ we can make the parabola tangent to the Euler column 
curve or to some revised Euler curve such as equation (8) or (9).* At 
the point of tangency, Johnson showed the y coordinate to be one half of 
the maximum unit stress / reached by the parabola at L/r = 0. The 
corresponding x coordinate in terms of L/r is 2k /f where k is tt^, 16, or 
25 to be taken from the corresponding Euler equation (7), (8) or (9). The 
importance of locating this point of tangency is reduced by the fact that 
the parabola may become tangent to the Euler curve below the minimum 
value of L/r (about 200) for which the Euler formula is considered useful. 
To combat this difficulty, the AISC code lists a parabolic formula to cover 
the range from 0 to 120 for L/r and then recommends a Rankine-Gordon 
formula from 120 to 200 for L/r. Beyond 200 a revised Euler formula such 
as (8) could be used with a factor of safety of about 2.2. Of course, slender 
columns where L/r > 200 have a very limited use. 

113. The Rankine-Gordon t Formula. Evidently the second way to 
reduce a working stress is to divide it by a number larger than unity. The 
Rankine type of formula follows this procedure. For example, the AISC 
formula for L/r above 120 is 


( 12 ) 


A , . {L/rr 


1 + 


18,000 


This form of the Rankine-Gordon forniula is rational. If wo write the 
expression for fiber stress in an eccentrically loaded section as 



* See Modern Framed Structures, Johnson, Bryan and Turncaure, chapter on compression 
members. 

t Lewis Gordon, an English engineer, proposed this general typo of formula which had also 
been suggested even earlier by Thomas Trcadgold, another Englishman. However, the 
greatest of all early engineering teachers, William J. Rankine (182(>--1872), professor at 
Glasgow, Scotland, proposed and used the formula in its present form and it commonly 
carries his name. 
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we can obtain the expression 


(14) 


A 


f 



This rational formula is of the same form as the Rankine-Gordon formula. 
In fact, it is only necessary to assume that the depth of the column 2c and 
the eccentricity of load or side deflection e are each proportional to the 
length L, (ec = kU) to obtain the generalized Rankine-Gordon formula 


(15) 


P ^ I_ 

A /L\ ’ 


The constant k is determined to make the formula agrees with tests.* 

114. The Secant Formula for All Column Lengths. If the Euler for- 
mula is rederived for a column with an initial eccentricity of loading, 
e, which may be merely an initial crookedness (Fig. 100), the result is as 
follows : 


( 18 ) 


Breaking Stn^ss 


P 

A 


Elastic Limit 


ec 

1 + — sec 


/(!. I 

•irSAE 


According to the AREA spe(!ifications this formula becomes 


(19) 


iVllowable — == 
A 


33,000/1.76 


1 -f 0.25 sec - 


0.7^ ji.-ar 
2 '- yJ~EA 


Hiis formula is intended to control columns with rivet(‘d ends above L r — 140. (Spec. 
166.) 

* The eonatunt k may also be determined rationally by ecjuatiiiK the Euh‘r and the llan- 
kin(!-( Jordon formulas for some large value of L/r. To obtain the value of k in eciuation (15), 
assume that the Rankine-Gordon formula is expected to give the same result as the revised 
Euler formula (8). (Use a factor of safety of 2.2 to reduce an elastic limit of 37,000 to a work- 
ing stress of 17,000 for L/r = 0, A I SC specifications.) 


WE 


( 16 ) 


18 ,000 

2.2 (t)* !+*(;) 


Neglect the number unity which is negligibly small as compared to k 


cancel 


(17) 


(v)' 

^ from each side of the equation, and solve for k. Thus we obtain 
18,000 X 2.2 1 


when L/r is large, 


k = 


This is not very close to the value of 


16 X 30,000.000 
1 


12,000 

used in equation (12). Therefore, we conclude 


18,000 

that although the Rankine-Gordon formula is of a rational form, its actual constants must be 
chosen to agree with test results. 



190 


DESIGN OF MODERN STEEL STRUCTURES 


Choice of Constants, Note that the factor pc/r^j which is unknown for a 
centrally loaded column, has been given a minimum value of 0.25 to care 
for eccentricity caused by slight initial crookedness. The lengt^h L in the 
denominator has been reduced to 0.75L to account for end restraint of 
the riveted end connection. The factor of safety, 1.76, is introduced under 
the radical in order to permit the load P to be consistently the allowable 
load instead of the breaking load, as it was defined in 
equation (18). Another possible value* for ec/r^ is 

0.001 L/r, which is used to draw the curve of Fig. 97. Since 
r varies as c, ec/f^ can vary as L/r if crookedness is pro- 
portional to length. However, this assumption neglects 
the fact that ci'ookedness is only initial eccentricity while 
final eccentricity is properly a deflection. 

The secant formula can be made to fit test results for 
all values of L/r with good accuracy by proper choice of 
constants. (See Fig. 97 where a revised secant curve is 
used.) On the other hand, the fact that the working stress 
P /A, which we arc trying to determine, also appears in 
the secant formula makes it so awkward to use that it will 
probably never be widely accepted. For a known eccen- 
tricity e, which produces both direct stress and flexure, 
it becomes the only column formula that logically at- 
tempts to express a working stress different from the one 
used for a centrally loaded column. The AREA specifications permit 
us to use equation (19) for all values of L/r when the eccentricity e 
is known; the factor 0.25 then is revised to become (cc/r^) + 0.25. 
(Spec, 166.) 

115. Choice of a Column Formula. Usually the column formula is 
given by the specifications, but instances arise when the engineer must 
choose for himself or even write specifications, to govern a particular de- 
sign. He should therefore check these observations: 

1. If the straight-line and Rankine-Gordon formulas are chosen to 
represent correctly test results from L/r = 50 to L/r = 120, they will 
give excessive working stresses below L/r = 50. Usually, the formula is 
not used for low values of L/r but, instead, a constant working stress is 
specified for stocky columns. For example, the 1920 AREA formula, 
15,000-50L/r, was not used below L/r = 50; the working stress was fixed 
at 12,500 for L/r values from 0 to 50. 

2. The straight-line formula gives values of working stress that are too 
low for slender columns where L/r exceeds about 120. The Rankine- 
Gordon formula may be used for values of L/r up to 200 or even more. 

* See Modem Framed Struciuree, Johnson, Bryan, and Turneaure, Vol. Ill, chapter on 
compreeuaion members. 
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However, for such slender columns this formula tends to give working 
stresses that are too high. 

3. The parabolic formula may be made to represent working stresses 
for the range of L/r between 0 and 140 quite satisfactorily. Above this 
range, the parabolic formula is seriously in error on the conservative side. 

4. The secant formula may be made to cover the entire range of L/r 
values with reasonable accuracy. It is cumbersome to use because the 
working stress to be computed also occurs in the formula, and it is ex- 
tremely sensitive be(!ause of the great variation of the secant for angles 
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Fig. 101 . Comparison of Column Formulas. 

near 7r/2. It is the only common formula, however, that offers a means 
of introducing a known eccentricity into the calculation of the working 
stress. Since the working stress for pure flexure is greater than the work- 
ing stress for coliunn action, it is logical that the working stress should 
be varied with changes in the eccentricity of the load. 

5. The Euler formula, which is the special case of the secant formula 
for zero eccentricity, should be used in studying very slender columns 
under centric loading (certainly above L/r = 200). Remember that a 
factor of safety of about 2 should be introduced and remember to choose 
a proper coefficient to represent the best possible assumption about end 
conditions. 

6. The straight-line formula and the parabolic formula are not rational. 
If these formulas are solved for the fiber stress /, the result is P/A -j- kL/r 
ox P/ A + k{L/ry. The second term in each case represents the flexural 
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stress which should depend upon the load P. For the Rankine-Gordon 
formula, the fiber stress is P/A [1 + A: {L/rY] which is of more rational 
form. The secant formula is rational and the fiber stress is given by 


( 20 ) 



sec 



Rationality need not be considered very important as long as a formula 
is set up to serve a limited function. It becomes im]3ortant when we try 
to extend the scope of usefulness of a formula. 

7. Plotted column formulas as shown by Fig. 101 may be compared 
with the range of test results from Fig. 97 to determine the range of slender- 
ness ratio for which each column formula is applicable. Any formula 
becomes a good one that represents test results accurately for the range 
of L/r values under consideration. 


Column Design 

116 . Instructions to be Followed in Designing Compression Members. 

1. Guess at the allowable unit stress, making it not more than the 
practical or stated upper limit for the column formula specified. 

2. Divide the load by the assumed allowable stress to find the approx- 
imate gross area required. 

3. Select a column cross-section that will provide at least this required 
gross area, and compute the minimum radius of gyration for this section. 

4. Calculate the maximum allowable unit stress for this section from 
the column formula using the least radius of gyration (minimum value of 
L/r) of the section selected. 

5. If the calculated allowable stress does not exceed the actual average 
unit stress (total load divided by gross area of section selected) by more 
than 2 or 3 per cent, the section represents a good choice. 

6. If the calculated allowable stress exceeds the actual unit strejss by 
more than 5 per cent, the section is oversafe and uneconomical, and its area 
can usually be reduced. 

7. If the calculated allowable stress is smaller than the actual unit 
stress, the section is ovcrstressed, and its area should be increased. It 
may be possible to make the column safe merely by spreading its parts 
further apart so that its least radius of gyration will be increased. This 
(ihange increases the allowable stress and therefore the allowable load 
without increasing the area of the section. 

The above instructions are applicable only to the design of a com- 
pression member for which the applied load is (centric, that is, when there 
is no bending moment applied to the column. 
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117. Rolled Column Selection. Examples DP36a, DP366. Columns of rolled 
beam sections cost less per pound than built-up columns of angles and channels. They 
are therefore preferred unless a different shape of cross-section is needed for convenient 
attachment of floor joists and girders. The illustrative problems DP36a and DP366 



Fig. 102. Column Bases, Empire State Building. 


show the selection of a typical building column for a story height of 20 ft. and for a column 
load of 300,000 lb. The section selected is a VlWFl^ beam section for which the radii 
of gyration are 5.34 and 3.05. Since the least radius of gyration controls the allowable 
stress, a built-up section with equal radii about the two principal axes might weigh less. 
However, the fabrication cost would probably overbalance this possible saving. 

Design of the Column Base. A column base will be designed to permit a bearing stress 
of 500 lb. per sq. in. on the concrete footing. 

Area of base plate required = 300,000 500 = 600 sq. in. Use a base siae 26 X 26 

in. which produces a bearing pressure of 444 lb. per sq. in. 

Bending moment in base plate. The base plate extends as a cantilever beam beyond 
the face of the column. The smaller dimension of the coluum is 12.08 in. The projection 
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DF36a, Select a rolled column section to support a balcony load in an industrial building. 
The column carries no wind stress. Column length is W'-O"; total dead load 
and live load is SOOyOOO^. AISC spec. 

Column formula. 17^000 — 0.485 

Assume allowable unit stress at ISyOOOi/o". 

Approximate area required = 300^000 -r- ISyOOO = 23. In”. 

Tentative Section: 

A 12WF79 section has an area of 23. 2n”. 

Slerulerness ratio. L/r = 20 X 12 -ir 3.05 = 78.8. 

Allowable unit stress by column formida = 17^000 — O.J^85 X 78.8^ — 
U^OOOjfla”. 

Revised Section: 

The area can be reduced about 7^/0 if L/r is not changed appreciably. Try 
the 12WF72 section which has practically the same r-value as the 79if section. 
Actual unit stress. P/A = 300f)00 -f- 21.2 — 14,300§/n” , 

Remarks: The 12WF72 section is overstres.sed by 200ff/o”. HencCy we will choose the 
12WF79 section since the overstress exceeded /%, a commonly accepted standard. 



DP36b. Repeat DPSGa by me of a Rankine formula. 


Colunm formula. 


1 


ISyOOO 

ISyOOO 


(not to exceed 15y000f/n”). 


Assume allowable unit stress at 13yOOO§/n” . 

Approximate area required — 300^000 -i- 13^000 — 23. In”. 
Tentative section. A 12WF79 .section has an area of 23. 2n”. 
Slenderness raiio. L/r = 20 X 12 -i- 3.05 = 78.8. 

18 000 

Allowable unit stress = = 13,300#/n”. 

78 . 8 ^ 

^ 18,000 


Remarks: The section is understressed about 2%y which is considered to be a satisfactory 
design. 
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is (26 — 12.08) -i- 2 = 7 in. approximately. The bending moment per inch width ot 
, 444 X 7* 

plate IS = 10,900 in-lb. 




Fie/d Rivets 


Section modulus required = 10,900 20,000 = 0.55. Therefore, d* = 6 X 0.55, 

or d = 1.82 in. Use a slab 26 X 26 X 2 in. made of rolled structural steel. A thickness 
of IJ^ in. would be satisfactory if it 
could be obtained. 

Detail of base. The base usually is 
riveted to the column in the field by use 
of a pair of clip angles to the column web. 

The face of the coliunn is planed flat to 
produce a perfect bearing on the rolled 
slab. The clip-angle connections may be 
welded to the base plate in the shop. 

Angles 4 X 4 X in. are adequate since 
their only purpose is to keep the column 
in its proper position. Two anchor bolts 


4»4<‘fL- 
i Anchor, 


Bolts 


jf5i_ 






Fig. 


103. 


Shop We/d 1 1 

Column-Bask Detail. 


\ 


of diameter are used to locate the base plate ac.curately on the footing. (See 

Fig. 103.) 

Remarks. If any possibility existed that the column might be struck by a moving 
crane load or by a moving truck, it would be necessary to use heavier clip angles and to 
anchor the base plate to the footing with larger anchor bolts. Otherwise, a reasonably 
light blow might knock the column loose from the footing and cause an unnecessary 
failure. Some designers prefer to use clip angles on both web and flange. 




Lacing 



Fig. 104. Sections for Light Struts. 


118. Struts and Light Compression Members. Stiff struts frequently 
are required in steel structures v/here the actual compressive stress to 
be carried is exceedingly small. For instance, the eave strut in a mill 
building may have to carry a total stress of only 2000 or 3000 lb. and still 
have to act as a horizontal column with an unsupported length of 16 or 18 
ft. Any column which will meet the requirement that the maximum L/r 
must not exceed 200, will have several times the required strength. Where 
the span is relatively short, two angles placed back to back form a fair strut. 
A channel and angle placed back to back provide a section that may be used 
for longer spans. However, the most satisfactory strut, for important uses, 
is formed by two channels with flanges turned out and laced on both sides. 
These sections are illustrated in Fig. 104. 
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Design of a Mill Building Strut, DPS7. Light eave struts and similar brac- 
ing members seldom carry enough stress to make an economical design possible. The 
strut of problem DP37 has a load of only 4000 lb. while the capacity of the minimum 
section is 32,400 Ib. Since the member has to act as a beam of 20-ft. length to carry its 
own weight, which produces a fiber stress in flexure of about 2500 lb. per sq. in., the actual 
capacity of the member is considerably less than 32,400 lb. The design of a member to 
resist both direct stress and flexure will be discussed later, but it is evident that this 
member is amply strong and that a further analysis is unne(.*essary. 

Lacing bars were selected to meet the requirement as to L/r value of 140 for single 
lacing (Spec. 50) but they were not checked to determine their capacity to resist a lateral 
shear. The requirement that they shall resist a lateral shear of 2 per cent of the direct 
stress would set up a conipressiv^e design stress of (0.02 X 4000) -t- sin 60° = 93 lb. 
The unit stress in one bar would be 93 -i- 2(0.44 X 1.5) = 70 lb. per sq. in. Evidently, 
this specification stress is insignificant for the lacing of light struts and would only 
influence the design of lacing bars for short columns that were heavily loaded. 

It is also worth mentioning that the end tie plates selected do not meet the require- 
ments for end tie plates from Spec. 47. They were chosen to meet the requirements for 
intermediate tie platens. Tlie explanation is that this member is not in any sense a ntam 
compression member for which the end tie plates perform n very important function in 
distributing stresses uniformly. To mc'ct the requirmnents ft)r the end tie plate of a main 
compression member (Spec. 47) would overbalance the design. The end tie plate shown 
is adequate. This procedure is authorized for liighway bridges by Spec. 103. 

PROBLEMS 

143 . Select a rolled column section to carry a direct load of 500,000 lb. The length 
is 18 ft.-O in. Vse the A I SC column formula. (Spec. 10.) Design a rolled base plate 
for this column, assuming an allowable bearing pressure of 600 lb. per sq. in. Detail the 
base connection. 

144 *. A railroad trestle is built of rolled column sections with the proper bracing. 
The column length is 16 ft. The direct stress per column for D.L., L.L. and impact is 
160,000 lb. Determine the required size by use of the AREA column formula. (Spec;. 
164.) Allow 6(X) lb. per sq. in. bearing pressure on the masonry and design a proper base 
plate using the AREA working stress for flexure of 18,0(K) lb. per sq. in. Detail a base 
cionnection using 4X4X5 s-in. clip angles to both flange and web. 

145 . Determine the allowaible load on the following columns as (!ontrolled by the 
AISC specifications. 

12-in. WFj 99 lb. per ft., length 18 ft. 

14-in. WFj 158 lb. per ft., length 14 ft. 

14-in. WF, 426 lb. per ft., length 16 ft. 

146 . Determine the allow^able load on the columns of Problem 145 as controlled by 
the AREA specifications. (Pin ends. Spec. 164.) 

147 . lledcsign the eave strut from DSZ7 by making use of a cross-section composed 
of a channel and angle placed back to back. Design the connection of the strut to the 
column. Suggestion — try a .5-in. channel at 6.7 lb. and a 4 X 3 X Ke-in. angle with 
the 4-in. leg outstanding. 

148 . Design by AISC specifications a two-angle strut with angles placed back to 
back to act as stiff bracing between the lower chords of mill building trusses. The length 
is 15 ft. The stress to be carried may be considered negligible. Compute the flexural 
stress caused by the dead weight of the member. 
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DP37, Design an eave strut for a large milt building where the width of bay (strut length) 
is 20'-^". The design stress is 4000§ caused by wind. AISC spec. 

Section: Two channels separated by the 12" width of the vertical column arid 
riveted to the faces of the column will be used. Channels will be laced top and 
bottom. 

Minimum radius of gyration. 

Max. Ljr = 200; hence r^in. = 20 X 12 200 = 1:20". 

Trial section. The lightest J" channel has a min. r of 0.4^ and a max. r of 1.56. 


Value of Section: Area = S.12ci". (& 5.4jf.) 

is/m 


Allowable stress = 


1 + 


240 - 




ISfHX) X 

Allowable load = 7800 X S.12 = 24ymif. 

The allowable vrind load is 1.33 X 24,300 — 32,400§. (Spec. 7.) 


4Is«5.4* 

Column 



5 

■ 


H 




Lacing Bars: 60° single lacing is adequate since L/r between rivets — 1610.45 
= 36. 

Length of bar between nvets = 14^ + S- = 16}^". 

1 /16 12\ 

Min. thickness of bar = ( — — ) = O.4O". (Spec. 50.) 

0:288 \ 140 / 

Use a bar ly^" X VW' punched f(tr y" rivets. 

Tie plates. Select to f idfdl Spec. 47 for intermediate tie plates. 

End Connection: Value of y" rivets in bearing on channel web = (0.75 X 0.18 
X 32,000) 1.33 = 5730^. 

Number of rivets to develop member = 32,400 5730 = 5.7. 

Since the actual stress is small, 4 rivets are used. 
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149. Design a vertical member of a highway bridge to carry a direct load of 100,000 
lb. in compression. The length of the member is 22 ft.-6 in. Use two channels with 
flanges turned in, laced. Determine the required distance back to back of channels. 
Use the AASHO specifications for highway bridges. 

150. Design a strut to act as sway bracing in a railway viadu(!t. Use two angles 
placed % in. back to back, of 22-ft. length. The actual stress to be carried is only 10,000 
lb. Use the AREA specifications. The minimum thickness of metal allowed is % in. 

Truss Members 

119. Compression Members for Bridge Trusses. The typical section 
for the upper chord and end post of an ordinary bridge truss consists 
of two channels with flanges turned out and webs vertical, a top 
cover plate, and bottom lacing. The gusset plates are riveted inside of 
the channel webs and are used to splice the channels at joints where the 
upper chord is not continuous. The cover plate is spliced by a top splice 
plate. At the hip joint it is necessary to carry the entire stress through the 

gusset plates since the splice plate across the 
cover plates has to be bent and is therefore 
unsatisfactory as a compression plate. A 
typical top chord section is shown in Fig. 105. 

When designing the end connections for an 
upper chord member of a highway bridge, one 
must know whether the rivets are field or shop 
rivets. Usually the gusset is riveted to one top 
chord member in the shop and the connection 
to the other member must be made in the 
field. Field rivets have a lower working stress 
by the 1935 AASHO specifications than shop rivets. (Spec. 70.) In many 
cases it will be found that the bearing value of the rivets on the thin webs of 
the channels, rather than the single shear value, controls. For railway 
bridges, the AREA specifications make no distinction between shop and 
field rivets. This seems a reasonable procedure because all rivets are now 
power driven. This Is also true of the 1941 AASHO specifications. 

Lacing, The design of lacing bars for compression members is made 
dependent upon the regular column formula. The stress in the bar is 
determined from a specified shear, such as, for example, 300 times the 
gross sectional area of the chord in inches, or 300A. (The requirements 
of the AASHO and AREA are given by Spec. 104 and 183.) This total 
specified shear is considered to be divided equally between the top cover 
plate and the lacing. Then, if double lacing is used, the shear per bar 
is obtained by dividing this total shear of 300A by four. Assuming the 

bars to be at 45®, we compute the stress per bar to be (^) X 1.41. 



Fig. 105. 

Upper Chord Section. 
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The bar usually is selected of minimum width (Spec. 104) and the thick- 
ness is calculated on the basis that the bar is a column carrying the stress 
determined above. The minimum thickness for single and double lacing 
is specified as 34o and Ho respectively of thedistance along the bar between 
end rivets. (Spec. 104 and 183.) 

Pin-Erid Connection. At its lower end, the end post frequently rests 
upon a pin. The usual detail is shown in Fig. 106. The pin is required 
to allow the end of the truss to rotate through a small angle as the truss 
deflects. The total stress in the end post must be resisted by bearing on 



Fig. lot). Rockek End of a Truss Bridge. 


the pin. The gusset plate is riveted to the channel web so that it acts 
with the web in furnishing bearing area. If the combined thickness of 
two channel webs and two gussets still does not furnish sufficient area in 
bearing on the pin, it is necessary to rivet pin plates to the outside faces 
of the channels. The rivets through the gusset plate, pin plate, and chan- 
nel web must be adequate in shear and bearing to transfer the bearing 
stress out of the plates and into the channel. The design of the pin and 
of the cast rocker are specialized procedures that will not be considered here. 


120. Design of the End Post of a Bridge Truss and Its Connections. 

Problem. Design the end post and connections for a low truss highway bridge of 
ordinary Warren type for use in city street service. (See Fig. 107.) 

Data. 

Length of member = 10 ft.-l ia. 

Design stress == 157,300 lb. from dead and live loading. 


Working stresses frmn City Building Code. 

L 


Compression = 15,000 — 50 — » not to exceed 13,500 lb. per sq. in. 
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Bearing on pins = 24,000 lb. per sq. in. 

Rivets, single shear; shop, 12,000; field, 10,000 lb. per sq. in. 

Rivets, bearing; shop, 24,(K)0; field, 20,000 lb. per sq. in. 

Specifications. AASHO specifications for highway bridges as given in § 216 except 
for low working stresses as given above. 



Fig. 107. Wauken Highway Truss. 


Selection of Cross-Section. 

Assumed allowable stress = 13,000 lb. per sq. in. 

Approximate reciuired area = 157,300 13,000 = 12.1 sq. in. 

Cover plate = 16 X H gross area, 6 sq. in. 

Edge distance of plate for %Avi. rivets = 134 in. 

13.5 

Thickness of plate = = 0.34. Use % in. (Spec. 87.) 


Channels. The remainder of the area or 6.1 sq. in. 

I must be furnished by the channels. It is customary to 
a-*' channels with a 16-in. cover. The lightest 9-in. 

X ^ — - X channel is 13.4 lb. per ft. and the area is 3.89 sq. in. The 

/Vpil^o/T thickness is but 0.23 in. A thicker web is desirable 

y L and an 8 -in., 13.75-lb. channel is selected, for which the 
i 10.75" - I thickn(‘.ss is 0.303 in. (Under some specifications 

the webs of rolleil .section.s art? not limited by a mini- 
Fio. 108. End Post Section, mum thickness, and tin* 9-in., 13.4-lb. channel would be 

us(;d.) This web is nearly •'’jo in. which is satisfactory. 
The area per channel is 4.02 sq. in. 'Fhe gross area of the entire section is 14.04 scp in. 

Center of gravity. 4'ake statical moments of the areas about the centers of the 
channels. 

Channels 8.04 X 0 = 0.00 

Cover 6.0 X 4.19 = 25.14 

4\)tal = 25.14 

Eccentric distance of C.G. above center of web is 25.14 -r- 14.04 = 1.79 in. 

Moment of inertia about the x-x axis. 

Channels ^ ^ ^ ^ ^ 25,8 

Plate A'f =- 6.0 X 2.40» = 34.6 

Total = 132.0 in.< 

Moment of inertia about the y-y axis. 

nu 1 1^0 3.0 

Channels ^ g ^ ^ ^ 282.0 

Plate H 2 X 0.375 X 16» = 128.0 

Total = 413.0 in.^ 
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Radii of gyration. 


Txx = 

Tyy = 


& 

\A \ 14.04 

^y _ ffm) 

S A ~ y 14.04 


= 3.07; 

= 5.42. 


These radii of gyration meet the specification for low truss bridges that Tyy must be at 
least 1.5 times r,*. (Spec. 117.) 

131.37 

Allowable stress = 15,000 — 50 ^ - = 12,800 lb. per sq. in. 

Actual stress = 157,300 14.04 = 11,200 lb. per sq. in. 

Hemaiiks. This section is not an economical one but the normal revision to a 14-in. 
cover plate would entail an und(*sirable sacrifice of lateral stifTness. We might take 
advantage of Spec. 87 and use a 10 X ?rG-in. cr)ver. The effective width then becomes 
40 X 5i6 + ^ X IJi = 15 in. The effective area of the section becomes 15 X 0.312 -f 
8.04 = 12.7 sq. in. The actual stress is 1.57,300 4- 12.7 = 12,400 lb. per scj. in. 1’his is a 
satisfac^tory and economical design since the radius of gyration will be practically 
unchanged and the allowable stress is still 12,800 lb. per sep in. 

Design of Lacing Bars ami Stnij Plates, 

Stay plates. The end stay plates must be 134 times as long as the distance between 
rivets. (Spec. 103.) 1.25 X (10 — (2 X 1.2.5) ) = 17 in. The thickness must be 3<5() 

of the distance between lines of rivets or 13.5 50 = 0.27 in. (Spec. 103.) Use an (md 

stay plate 16 X Jig X 1 ft.-6 in. 

Lacing bars. The minimum lacing bar of 23^-in. width for ?i-in. rivets will be used. 
(Spec. 104.) The length of bar between rivets is 1.41 X 13.5 = 10 in. Double lacing at 
45° will be used. The shear per bar for section with cover plate is 3(X)A/4 = 
300 X 12.7 -r- 4 = 9.50 lb. The stress is 1.41 X 9.50 = 1.3.50 lb. This method of com- 
puting the shear is somewhat more severe than the AASHO requirement. (Spec. 104.) 

Thickness of lacing bars. The lacing bar must carry a stress of 1350 lb. in direct com- 
pression. The least radius of gyration is 0.20/. Take t at its minimum value of '%0 = 
Jig in. approx. (Spec. 104.) r = 0.20 X 0.312 = 0.09 in. The .‘^lenderne.ss ratio is 
0.7 X 19/0.09 = 148. (The free length of bar is reduced 30 per cent for cross-riveted 
double lacing.) The allowable unit stress is 1.5,000 — 50 X 148 = 7600 lb. per sq. in. 
The allowable load is 2.25 X 0.312 X 7600 = .5300 lb. which is more than adequate. 

Design of the Riveted Connection at the Flip Joint. 

Value of the member with cover plate = 12.7 X 12,800 = 163,000 lb. 

Value of the rivets. These rivets, which pjuss through the channel web, are in single 
shear and in bearing on metal that is 0.303 in. thick. Assume that these an' T-^-in. field 
driven rivets. The single shear value per rivet is 6010 lb. The bearing value is 0.875 
X 0.303 X 20,000 = .5300 lb. (bearing controls). 

Number of rivets. 163,000 5300 = 31 rivets. Use 16 through each channel. 

Three rows of rivets can be used in an 8-in. channel. The detail is shown in Fig. 109. 

Design of the Connection at the Shoe. 

Bearing on pin.* The required thickness for bearing on a 43^-in. pin is 163,000 
-5- (24,000 X 4.5) = 1.51 in. 


* Since no information is given in this problem as to the actual slope of the end post, the 
pin is designed for bearing ecpial to the value of the member. The force acting on the pin is 
actually the vertical end reaction when a gusset plate is used as in Fig. 109. 
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Thickness of pin plates. The combined thickness of two gusset plates and two 
channel webs is 2(0.375 + 0.303) = 1.35 in. One pin plate will be added on the 

outside of each channel. The total thickness then becomes 1.97 in. 

Bearing on webs of channels. The part of the load carried directly into the channel 

webs by bearing is X 163,000 = 50,000 lb. The remainder, or 113,000 lb., must 

be transferred by the rivets between the plates and channel webs. 



Value of the rivets. The rivets act in double shear and in bearing on the channel 
web. Bearing controls and the rivet value is 0.303 X 0.875 X 24,000 = 6360 lb. This 
value is for J^-in. shop driven rivets. The plates are shop riveted because the pin hole 
must be drilled in the shop. 

Number of rivets. 113,000 -5- 6360 = 17.8 rivets. 

The detail (Fig. 109) shows 11 rivets through each channel but 2 are countersunk 
rivets that are not considered to offer full value. 

Remarks. As there is considerable excess area available for bearing on the pin, the 
designer might decide to reduce the size of the pin below 4}^ in. if this could be done 
without overstressing the pin in shear or flexure. On the other hand, a pin slightly larger 
than 4)^ in. could be used, and the pin plates might be eliminated altogether. 

121. Design of Compression Chords for Roof Trusses. The com- 
pression chord of a riveted roof trass is composed usually of two angles 
so that a single gusset plate can be placed between the angles for the joint 
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connection. A welded roof truss, which needs no gussets, can be formed 
with a tee-shaped compression member obtained by splitting a wide flange 
beam section. The type of roof construction has much to do with the 
design of such a chord member. The free length for buckling is controlled 
by the connections for the diagonal roof bracing and is usually taken as 
the longest distance between such connections. Some lateral stability will 
be obtained from the purlins but they are not ordinarily considered to be 
fully effective for this purpose. 

Design op a Split-Beam Chord Member, /)P38. This example illustrates the 
design of a split-beam compression se(;tion by use of the Rankine-Gordon type of column 
formula. The final allowable stress is shown to l>e about 500 lb. per sq. in. below the 
actual stress. This brings up the question as whpther such a design is ever satisfactory. 
The proper point of view is that the excess stress, wiuc!h is about 4 per cent above the 
allowable, should be eliminated if it does not re(piire an unreasonable increase in cost. 
Design calculations are seldom carried to a greater degree of precision than 1 per emty 
and there are unavoidable approximations introduced into the cahailations. Hence, the 
magnitude of the overstress considered here is not an extremely serious matter, but it 
need not be permitted, since it will usually be possible to reduce such an overstress with- 
out having to choose a seriously uneconomical section. For the (;ase considered, it is 
possible to choose a section that weighs but 6 per cent more, which will be 2 per cent 
understressed. The heavier section should be chosen. 

PROBLEMS 

151. Redesign the end post designed in § 120 by making use of a 14-in. cover plate 
Determine the required diameter of pin so that the pin plates may be eliminated. Use 
AASllO working stresses. 

152. Design an end post for a low-truss highway bridge where the design stress is 
210,000 lb. and the length of the end post is 11 ft.-O in. Use the AASHO specifications. 

153. Design an upper chord member of a bridge truss for a stress of 300,000 lb. The 
panel length is 20 ft. Detail the end connection at a splice. Use the AREA specifica- 
tions. 

154. Determine the allowable stress on a chord section composed of an 18 X Ke-in. 
(!over and two 10-in., 20-lb. channels. The edge distance of the rivet holes through the 
cover is 1 J/J 2 in. The panel length is 22 ft. Use AREA specifications. 

155. liedesign the member from D*838 by making use of a section composed of two 
angles with legs turned in and tack welded together. 

156. Design a member similar to the one designed on DSSS but where the total D.L. 
plus L.L. stress is 50,000 lb. and the wind stress is 20,000 lb. Use A I SC specifications 
and working stresses. 

157. Select the proper section for a top chord member of a welded roof truss where 
the design stress is 16,000 lb., of which 10,000 lb. is caused by wind. The panel length 
and the distance between purlins are both 5 ft. If a split I-beam is used, remember that 
the depth must be great enough to hold the welded connections for the web members. 
This requires at least 5 in. Use AISC specifications. Length for buckling is 10 ft. 
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DP38. Design a split I-beam section to act as the cmnpression chord of a q^iadrangular 
roof truss. There is lateral sup^mrt provided at each panel jmnt. AISC spec. 


Panel length is ll'dV'. |» ^ »-j 

Design stress = 90,00011 for D.L. -f L.L. and C 

lo,OOOit for ivind. ^ i ^ 

Working Stress: 

18,000 p" 

Compression — hut not to e.rceed \ 

1 4 - 0.35 

18 , 00 Ch'‘^ 

lo,(JOOi/o". 

Allowable increase for wind — 33}4%- Tv 

Selection of Cross-Section: 

Assumed allowable stress = 13,000^1 
Approx, area reqd. = 90,000 13,000 =6'.,9a". 

Wind stress is neglected since it is less than Js of D.L. -|- L.L. stress. 

Trial section. Ati> 18WF47 beam section furnishes 13.8\j" or O.On" for each 
split tec. 

Equivalent section. As shown by the sketch, the tec is equivalent to a horizontal 
plate 7.3" X 0.52" and a vertical plate 8 . 48 " X 0.35". 

Moment of inertia about axis of symmetry (minimum 1). 

Horizontal plate, X 0.52 X 7.5^ = 18..J7 

Vertical plate. X 8.48 X 0.35^ = 0 03 

Total / = 18.30 


Radius of gyration. 


Allowable stress. 


4 - 


= 1.33". 


18,000 

18,000 X 1.63^ 


12,500jfln". 


90,000 

Actual stress = — — - = 13,000§lo”. 


Remarks: This section is overslressed by 4%^ An 18WF50 section will provide 6% 
more area and will he understressed by 2%. It is therefore preferred. 
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Special Problems in Column Design 

122, Design of Members that Undergo Reversal. The diagonals of 
a Warren bridge trass and certain members of other trasses may reverse 
from tension to compression or vice versa during the passage of the live 
load. The usual specification is that the maximum tensile and maximum 
compressive stresses shall be calculated and that cai^h shall be increased 
by 50 per cent of the smaller stress; then tluj member shall be proportioned 
so that it will be able to resist each increased stress. (Spec. 82.) Depend- 
ing upon the ratio between these increasetl stresses, the meml)er will 
be designed for tension and checked for compression or else the process 
will be reversed. In all cases the connections are designed to resist the 
sum of the original unincreased stresses. (Spec. 82.) 

DEsKiN OF A CUiouD Membek OF A Warren Bridgk Truss, D/^39. In this member, 
\vhi(*h is lit the (‘enter of the span, the maximum tension and the maximum compression 
are identically ecpial, the dead load stress being zero. The se(‘tion is th(?refor(* select(,*d as 
a compression member and cheeked for tension with one rivet hole removed from eac^h 
angle leg. ’'Fhe connection must be able to resist the sum of the two maximum stresses 
since continued reversal of stress tends to loosen up the rivets of the end connec.’tions. 

123. Two-Story Column. It is occasionally necessary to design a 
column two stories high that is unsupported in one direction at the top 
of the first story, as in Fig. 110. The problem is to 
detc'rminc how to appl}^ the asual column formulas to 
limit the working stress properly for such a column. 

In using the standard formulas, the only variable 
under our control in this instance is the column 
length L. Evidently, it would be very conservative 
to take L as the full height of two stories and overly 
liberal to accept L as one story height. As a start 
toward a solution, it might be well to see how the 
Euler formula would need to be revised to apply to a 
very slender column that was loaded both at the 
upper end and at the mid-height. 

Euler Formula Revisio7i. The buckled column in its 
deflected iiosition is illustrated by Fig. 112. The tan- 
gent at the mid-height is not vertical but slopes as 
shown. Hence, it will be most convenient to compute 
the center deflection A (which is nearly the maximum) 
as the average of the two end deflections from the tan- 
gent, or as J^(Ai + A 2 ). 

The bending moment at any point above the F)oubly Loaded. 

(1 - k)PA 

mid-height is kPx H = y. Coordinates of the deflected curve 




DS39 


REVERSAL NUMBER 


ENG. DEPT. L.G. 


DP39. Design the center diagonal of a Warren bridge trussy which undergoes reversal. 
The member is long. Use two angles with legs turned in. Use AASHO 
spec. 


Compression Member: 

Maximum stresses are db 26f000if. 

Design stresses — =b 26,000 X 1.5 = d= 39, 000 f. 
(Spec. 82.) 

A section will be selected for compression and 
checked for tension. 

Column formula. P/A = 15,000 — 34 




Estimated allowable stress = ll,000§/n/\ 

Approx, area reqd. = 39,000 -- 11,000 = 3.6 sq. in. 

Trial section. 2 angles 3]/^ X 2\'i X furnish a gross area of 3.56o". 
The controlling value of r is 1.11. 

Allowable unit stress = 15,000 — ~ ll,300#/a''. 


The section is therefore sali^actory for compression. 


Check on Tensile Stress: 

Net area. Assume one hole to be deducted from each leg. The net area is 

3.56 - 2 X 0.875 X 0.31 = S.Ou”. 

Effective area. For this type of member only 80% of the net area may be effec- 
tive. (Spec. 85.) 0.80 X 3.0 = 2.4a". 

Tensile stress = 39,000 ^ 2.4 = 16,300t/n'\ (Allowable f = 18,000.) 

End Connection; Field Rivets: 

Connection value - 2 X 26,000 = 52,000§. (Spec. 82.) 

Rivet value in single shear = 0.44 X 11,000 = 4840§. 

“ '' beaHrvg = 0.312 X 0.75 X 22,500 * 5270§. 

Number of rivets = 52,000 -4- 4640 = 10.8. Use 6 in each Z. 

Controlling Specification: If the alternate stresses occur in succession during one pass- 
age of the live load, eaeh shall be increased by 50% of the smaller. The connections of 
such members shall be proportioned for the sum of the net alternate stresses not so 
inereased, (Spec. 82.) 
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are measured from the upper end. Similarly, the moment at any point 

(l-fc)PA 

below the mid-height is Px y. In this formula coordinates are 

Li 

measured from the lower end of the column. 



Fig. 111. Two-Story Column with 
Beams and Struts. 


We may apply the rule of area inomeiits to the calculation of Ai and 
Aj, that is, the deflection at A from a tangent at B is equal to the statical 
moment of the M/EI area from A to R taken about A, the point where the 
deflection is warded. Either half of the curve of deflection will be assumed 
to be a parabola (an evident approximation) so that there will be a para- 
bolic moment area caused by the vertical load. T.hc horizontal end force 
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produces a straight-line moment diagram. Thus we oVitain 

2r lL/5 L\ ifd - k)PA L]L/2 L\ 

( 21 ) EIA. = -lkPA\-{l -) + 2 [— IT- 2J 2(3 2) 

parabolic area triangular area 


and 

(22) 


kPAL^ 4 - “ fc)PAL 2 ^ 


9.6 


24 


[2 1L/5 L\ ifd - k)P^ LlL/2 L\ 

^^"^ = b^K8 2)-2L-— 2 JK 32 ) 


parabolic area 



triangular area 
PAL^ _ (1 - k)PAL^‘ 
9.6 


24 


Ai "I- A 2 

Therefore, since A = , we may write 


r., n+k\PL^ 

ElA = ( ) A ; 

V 2 J 9.6 ' 


(23) 
or 

, ^ 9.6A7/ 2 \ 

(24, p 

P'rom which, by substitution of ir* for 9.6, wc may write, 

(26) 


P _ / 2 \ 

A ~ {L/ry\l H-fc/ 


Fig, 112. The breaking load from equation (25) is 2/(1 + k) 

Euler Deflection times the usual exprevssion for Eulcr\s formula. 

In other words, the placing of only a fraction (fc) 
of the total load at the top of the column, the remainder being 
applied at the mid-height, strengthens the column in the ratio 2/(1 + k). 
Revision of Working Formulas, Of course, the Euler formula is not the 
common one used for the design of a practical structure, but it, is the only 
formula from which basic theory can be set up. If, for a given end con- 
dition or type of loading, a column is doubled in strength according to 
the Euler formula, it becomes logical to decrease by one half the reduction 
term for buckling allowance in the column design formula. Thus, we will 
introduce the factor (1 + k)/2 into the column formulas of the AISC 
specifications as follows: 


(26) 


- - 17,000 - 0.485 
A 




or 

( 27 ) 


P 18,000 

■T~ /\ -u k\ * ( Also sec Structural 

1+ ( ) — Dedgn in Steely Shedd.) 

\ 2 /18,000r2 



COMPRESSION MEMBERS 


209 


In this expression k is the ratio of the load applied at the top of the column 
to the total applied load, and L is the two-story height. The formulas given 
above apply to the case where both stories are of the same height, but 
they may be used with confidence for practical cases where the variation 
between stories is not great. The influence of two or three feet of variation 
in story heights is not important. 

Design of a Two-Story Column, DP40. The interesting feature of this design 
problem is that the buckling tendency is greater in the lower story than for the column as 
a whole. This is due to the fact that the smaller radius of gyration controls buckling in 
the lower story while the column must buckle in the direction of the greater radius of 
gyration if it buckles over the two-story length. This will be a rather common experience 
in the design of two-story columns. 


PROBLEMS 

158. Design a member for reversal where the maximum and minimum stresses are 
each 14,000 lb. All other data are the same as those for the example worked out in 
DP39. Design the end connection and select the end plate and size of lacing bar if the 
distance back to back of angles is 10 in. 

159. Design a diagonal of a Warren truss for a maximum tensile stress of 40, (XX) lb. 
and a maximum compressive stress of 10,000 lb. The length of the member is 13 ft. 
Use two angles laced with flanges turned in. Follow A AS HO specifications. Design 
the end connection and select the end tie plate and size of lacing bar if the distance back 
to back of angles is 12 in. 

160. Design a diagonal of a d(*ck Warren truss for a maximum stress of +00,000 lb. 
and for a minimum stress of —00,000 lb. The length of the member is 10 ft.-3 in. Follow 
AASIIO specifications. Use two channels laced on both sides with flanges turned in. 
Select channels with web thickness at least ?{g in. Redesign this member using two 
angles laced. Which is the better design? 

161. Redesign the two-story column of DPiO by use of AASIIO specifications. 
Double the loads. 

162. Design by A I SC specifications a two-story column of 40 ft. total height where 
the load of 200,000 lb. is applied equally to the top and the mid-height of the column. 
Loads are centric and the column is braced in one direction only at the mid-height. 

124. The Importance of Careful Design of Compression Members. 

The design of all members in a stnicture is important, but there are 
reasons why the design of the compression members is critical. Fail- 
ure of a tension member starts taking i)lace when the member ptisses the 
elastic limit, but a final failure will not occur until the tension stress reaches 
the ultimate strength which, for structural steel, is nearly twice the elastic 
limit. In contrast, a compression member of ordinary proportions buckles 
and collapses at a load about equal to the elastic limit, while a slender strut 
may fail at one half of this unit stress. Evidently then, we do not really 
have as great an ultimate factor of safety against complete collapse in the 
compression members as in the tension members of our structures. 
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DP40. Design a two-story column of total height 30' -3” with % of the 135^000i load 
applied at 16' -3" above the base, AISC spec. 

Assumed working stress = l/ftOOO^In". 

Approx, area = 125^000 14^000 = 8.92o". 



Trial Section; 

An 8WF31 section furnishes 9.1 2o" and will be tried out. 

Radii of gyration are 3.47 and 2.01. 

Special buckling factor = ^ ^ = — ~ — = 0.7. {Equation 26.) 

Allowable working stress for buckling over entire length = 17^000 — 
/363\ 

0.48S J 0.7 = 13,300ila". 


Actual average unit stress 


125,000 

9.12 


13,700§ln". 


Allowable working stress for buckling in lower story only = 17,000 — 
/ 195 y 


Revision of Section: An 8WF35 section furnishes 10.3n" of area and will be stressed to 
12,160§/n". Its radii of gyration are 3.50 mul 2.03 so that it is safe from buckling in 
the lower story and also for the column as a whole. 
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Another consideration should be the influence of eccentricity of load 
which may be caused either by load position, by initial crookedness, or 
from eccentric end connections. The deflection of an eccentrically loaded 
tension member decreases as the load is increased and is greatly reduced 
by the change in shape that takas place beyond the clastic limit. A col- 
umn, on the other hand, changas shape in a direction that increases the 
initial eccentricity when the clastic limit is passed. Hence, the compras- 
sion members are an unquestioned source of weakness for structures where 
the loads may become eccentric to the axes of the members. Even the 
possibility of a collision with resultant bending of a member is a much 
more serious consideration in the design of compression posts than for 
tension bars. 

These thoughts simply clarify the need for careful analysis of all loads 
that may come onto the comprassion members of a structure and the 
importance of adequate design. Localized buckling needs study as much 
as buckling of the member as a whole. Designing such details as lacing 
bars and end tic platas in a conservative manner is a wise precautionary 
measure. The weakness of a lacing bar connection was believed to have 
caused one failure of the great Quebec cantilever bridge. 
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ROLLED BEAMS AND GIRDERS 


125. Functions of Beams and Girders. The most important use for 
beams and girders is in supporting floors for buildings and bridges. 
The main carr>dng membem are called girders while the smaller members 
of shorter span are known as beams. The proper distinction is found in 
the manner of loading. A beam ordinarily receives its load directly from 
a floor slab resting upon its upper flange, while a girder receives a major 
part of its load from the reactions of smaller beams that it supports. An 
exception to this definition is the floor beam of a bridge which may receive 
a considerable part of its load from smaller beams, the stringers. The 
beams in building fl(X)rs that serve the same purpose as the stringers of a 
bridge are known as joists. 


Fundamental Theory 


126 . Beam Formulas. Continued use will bo made of the common 
beam-flexure fomiula and of the beam-shear formula. The beam-flexure 
formula is 


(1) 



^ Me 

or /max. ~ ^ 


where / is the fiber stress at the distance y from the neutral axis, 
y is the distance from the neutral axis to any fiber, 
c is the maximum value of y (at the extreme fiber), 

/ is the moment of inertia of the effective cross-section about the neutral axis. 


The V)eam-shear formula is 


( 2 ) 


s. = 


VQ 

It' 


where Sn is the unit shear in the beam web at a distance y from the neutral axis, 

V is the total vertical shear at the cross-section, 

Q is the statical moment about the neutral axis of the cross-sectional area oultiide 
of the section on which shear is being calculated, 
t is the thickness of metal at the section where the unit shear is desired, 

I is the moment of inertia of the effective cross-section (gross for shear). 


The limitations upon the application of the beam theory are that sections 
which are ]>lane before bending must remain plane after bending and that 
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stress must be proportional to strain. This means that all stresses must 
be below the elastic limit. 

127. The Section Modulus. The usual way lo select a beam is by us(i 
of the section modulus. The beam-flexure formula may be rewritten as 


The factor S is the section modulus defined as the moment of inertia di- 
vided by the distance' to the exlnane fiber or by one half of the depth for 
an ordinary voIUmI beam se'ctiou. Tlu' i)rocedure for use of the section 
modulus in design is therefore^ as ff)llows: 

(a) Divide the »'‘oiit rolling heiiding nionient hy the allowable fiber stress to obtain the 
reejuired value of th(^ section modulus. 

ih) Select by use of tin* structural handbook a rolled b(‘ani section that will provide 
at least this required modulus. The criterion of economy is weight rather than modulus 
and it is desirabh; therefore^ to select the benm of lightc^st weight that will provide the 
re(piired sec^tion m<jdulu.s. 


SlOLKCTION OF STANDARD SECTIONS 

128. Economy in Rolled Beam Selection. Example DP4\a. It is sliown that the 
wide flange beam sections are the most economical for the case studied. This is usually 
true, and for this reason tluw hav(.‘ largely replaced the use of channels and standard 
l-beains. 

Sectujn Sei.kctiox with Flantie Hole, D/Mlh. The i)rocedure followc'd is to 
guess at a satisfactory s(‘ction guided by the re(iuirements for the beam without a flange 
hole Then, th(‘ s(‘ction modulus for a hole in cdcJi flange is computed and 

deducted from the gross secti<in iiaxlulus to arrive at the q/.’V<//Vc y-trlion tuodidus. The 
pro(a*diire of allowing for a hoK' ia ea {’.ange may aj>p(‘ar st . .rage since it. is a compromise 
between theory and t('st n'sults. ; K\r.\t tests have not iii licated any apprechibh* shift 
in the neutral axis due to a flanyy* h )!('. Jlence, then* ha - been some thought that the 
influences of a hole might lx* m'gh'ctcd altogetlu'r. llow^M i', as long as holes in tension 
members are known to nxlucc* tla' ultimate strengths of such menilx'rs, there is reason to 
believe that beams will bo similarly weakened by holes in the tension flange. A com- 
promise is to retain the neutral axis at the mid-height by deducting equivalent areas from 
both flanges. This is undoubtedly conservative, but the alternative procedure of calcu- 
lating a displacement of the iK'utral axis is probably no more represeidative of actual 
conditions. The example lJP4lc gives similar calculations for a beam with holes in the 
web. 

129. Deflection Limitation upon Beam Design. There are two major 
roa^sons for limitbig Ihe deflc'ctioiis of beams. First, there is the prob- 
lem of cracking jilastc^r which can uncpiestionably Ix' avoided if the calcu- 
lated deflection is less than times the span. Secondly, beams of 
different sizt's often have to deflect alike, as for exam])l(', wdien they are 
“ bricked in ” together. Such beams must have identical calculated de- 
flections. 
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DP41a. Select a rolled beam section to support a load of 1000§r on a span of 30\ 
Allow a fiber stress of 20j000if/a” and estimate the might of beam to be 50fl\ 
Bending moment = X 1060 X SO^ X 13 — 1^420^000” §. 


Required section modulus 


1,430,000 

20,000 


71.0. 


First choice is a 1 SWF 45 section which provides a modulus of 72.4. 

Second choice is a I 4 WF 4 S section which provides a modulus of 70.2. 

Other sections of sufficient strengths but greater weights are an 18"-68.0§ channel 
or an 18”-64-7jf I-beam. 


DP41b. Redesign the rolled beam of DP 41 a on the supposition that it is necessary to 


punch a hole of 1" diameter through the tension flange. 
Assiotiption. Since tests do not show an influence upon 
the location of the neutral axis, the usual conservative 
design practice is to reduce the section modulus for a hole 
in each flange. 

Try a 16WF60 section. 

Section modulus of rectangular holes = 0.628 X 1-0 X 
2 X {8.12 - O.S14V 8.12 = 9 . 4 . 

Net modulus =* 80.7 - 9.4 = 71.3. {71.0 reqd.) 



DP41C, Redesign the beam of DP41a to resist the moment of 1,4^0, 000^ 'if when a row of 
holes is punched in the web at 1", 3", 6", and ?" from the neutral axis. 
The required modulus is 71.0. Try a I 6 WF 46 section, web thickness = 0.36". 
Section modulus of rectangular holes == 0.36 X 0.76 X 2 X {P 3^ 6^ 7^) 

-i- 8.06 = 6.4. 

Net modulus = 72.4 — 6.4 * 67.0 {acceptable). 


DP4Jd. Limit the deflection of the beam of DP 41 a to 1 /360 times the span. 

Maximum A = X SO X 12 — 1.0". 

_ 6 wIA 6 X 1060 X 360* ^ 

ffen/ip 10— ' “ » ^ or I — 638. 

nence, i.u X 12 X 30,000,000 X I 

Minimum weight section to provide this moment of inertia is 18WF47. 

Remarks: The limitation of }i%o times the span was set originally as th£ practical 
maximum deflection that could be permitted for plaster on wood lath. Modem plaster 
ceilings are placed on metal lath and there is reason to believe that heavier deflections are 
permissible. 
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The deflection of a uniformly loaded beam with simple supports is 


(4) 


5 wL\ 
384 El ‘ 


In this formula, w is the uniform load per unit length of span and the 
other terms have their usual significance. This formula is used in DPAld, 

Examples. The example DP^2(i shows how the selection of a beam may need to be 
revised to reduce the deflection. 

The example DP42b illustrates the calculations necessary to adjust the design of a 
beam so that it may be “ bricked in ” with another beam and still serve its intended 
function. 

The two beams must have equal deflections, which may be expressed as follows: 

5 WiLi* 5 W 2 L 2 * 

3M E/i ~ ^ E /2 ’ 


TIence, we may cancel out identical quantities for beams of the same span and of like 
materials to obtain 


(5) 


1^1 W2 Wi Ti 

— = Y , or — = - • 

J I 1 2 W2 1 2 


This relationship is used in the (example DP42h to obtain beams that will work together. 
The example DP^2c concerns the deflection of an aluminum alloy beam. 


Buckling Resistance of Beams 

130. Flange Buckling. Thu usual working stresses for beams are 
identical in tension and compression. It is understood that such working 
stresses presuppose restraint of the compression flange of the beam against 
lateral buckling, for, otherwise, failure would occur at or even below the 
elastic limit hy lateral deflection of the compression flange. Evidently, 
the compression flange acts as a column, and its allowable stress should 
be controlled by a column formula. Accordingly, in most specifications, 
particularly where the column formula is of the Rankine-Gordon type, w^e 
usually find a similar formula set up to control the stress in the compres- 
sion flanges of beams and girdei-s. Some formulas in common use are: 

(6) fc — 16,000 — (straight-line type; AREA 1931) 

(7) Je — 18,000 ~ ^ ^7 (parabolic tyiw); AREA 1935) 

22,500 (Rankine-Gordontype; ALSO 1937 — 

Y ~2 not to exceed 20,000 lb. per sq. in.) 

^ 18(XW;2 

In each case the maximum value of L/h, the ratio of unsupported length 
to width for the compression flange, is limited to a maximum value of 40, 
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DP42a. Find the mininnim depth of rolled beam to carry the load specified in DP41a at 
a maximum iveiyhl of about Tojif' and with a dcjlection of 1/360 times the span. 

Maximum deflection = 30 X 13 360 = 1.0". 


Hence, 1.0 = 


3S4EI 3S4 X 13 X 3O,(K)0,m) X 1 


» or Imin. = 663. 


The 13WF79 section irill proride this moment of inertia. Shallower beams can 
be obtained but they will weigh considerabl y more. 


DP42b. A beam is to span 16'-0" and carry a henry uniform load of 5600^/' . It will he 
“ bricked in ” \rith a floor joist of the same span that is stressed to 19,3(X)ff 
by a uniform load. The joi.d is a 13\VF36 .section. Procidc a beam that will 
work leith the standard floor joist. 

Assumed weight of beam - 66 jf'. 

Maximum bending moment — fs X 6666 X 16“ X 13 = 1 ,880,000" 

Required modulus (min.) - l,88f),(Xr) ~ 30, (XX) = 94. 

Mod id us of floor joist — 46.9; I = 380.8. 

Bending moment in floor joist = 19,3(X) X 46.9 ~ 880,000" §. 

Load on floor joist is obtained from the equation M = ]'^swlA. 

880, (XJO - {]-HwL~)tL 

w = 8 X 880, aX) 4 - (13 X 16^) 

= 3()l(tff, ^ 

Wi W2 

Mometd of inertia of beam is obtained from the relation ~r — ~r * 

1 1 h 

6666 

I ^ — _ ( >,SY>.c9) = 600. 

3610 

A 13WF73 section furnishes an adequate modulus of 97.6 and nearly the correct 
moment of inertia (697. 4) • 


DP42c. S-l cl an aluminum 1-be.am to “ brick in ” with the steel beam of DP43a and 
to carry a uniform load of l.i6ii/'. The total uniform, load inclmling 16jH' for 
th' >rf ight of the beiru U'ill he I6()jf , ' , 

Modulus of elasticity of aluminum alloy — 10,300,0(X)lf/a". 


Hence. 1.0 - 


6 X 160 X 360-^ 


, or I — 266. 


ncnce,, i.u — — - — -, ui i ~ ^oo. 

38/, FI 384 X 13 X 1t),30(),(XXf X I 

For a stress of KXjO/flu", thcre.qd. mod. (I'siclA/f) — X 160 X 30^ X 13 
70(X) - 38.9. 

The 13"-14.6jf I-beam furnishes a modulus of 46-4 which is more than ade- 
quate, but its I of 373.6 is required. 
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(Spec. 14.) In otlior words a flange width of 6 in. recjiiires a lateral sup- 
port at least every 20 ft., (‘V(‘n if the working sti'ess is low. 

It will be noti(*(^d that formula (8) has an upper limit set upon the 
working stress, d'he reason is that th(i fonnula would give a working 
stress alcove the maximum allowable fiber strt'ss of 20,000 lb. per scp in. 
for values of LIh Ix^kjw 15. The reason for s(‘tting up the formula in this 
form is that many (engineers believe there is no weakening infliumee upon 
the girder for short lengths of unsupported flange. In agrecanent with 
this opinion, no reduction of working str(‘ss is sMiM'ified by formula (8) 
until the Jjjh ratio ex(‘e(‘ds 15. 

As a final word of rautioii, the wriUn- wislu'^ (■> em '-liasizi' the impor- 
tance eitlua* of providing adeipiate lat(‘ral sup])()rt or of leihicing com- 
pression stresses to mitigate against lat(‘ral 1 uekling. This is one of the 
features of design that, we cannot afford t ) nc' dc'ct . 

131. Diagonal Web Buckling, ''i’lu' po. s! ility of w(‘l> bii.-Lli , always 
exists, but it is not expected to be serious in rolled beams. Repeated 
tests have sho\\7i that web buckling, due to (Udfjonal comprc.^sion, will not 
occur where the value of li/{ (distanci' l^etween flangi's divided by the 
web thickness) is less than (it). Actually the most, recent tests (Lehigh 
University) show that a vahu' of Ji/f up to 70 is saf(\ All rolled beam 
webs come within this range, and almost all are below 50 for fi/i. 

An analysis of diagonal buckling by simple th(‘()r('tical considerations 
alone is unsatisfactory. For exain])le, in Fig. 113, the length of column 
to be considered is higlily (pKvt iouable. Certainly the ItMigth T/ would 
be too great becaus(‘ the co! n.m of 
length // would hav(' its (*nds ni'arly 
fixed, but a reduction to ///2 may l:i‘ 
too liberal. Also, it should i;e rivilized 
that the greatest buckling t('ndency 
will not. take i)lace in a bVdegn'e line 
as indicated on the figure'. The maxi- 
mum diagonal com]n’('ssion is at 45 
degrees along the neut ral axis, but its 
direction is changed by the horizontal 
compression al ove the iK'utral axis I'u,. iia. Diacjonal Compuession. 
and also by t he tensicni I elow t he 

neutral axis. All of this ]:oiuts to the fact that any simplified theory of 
diagonal buckling is at best, merely a semi-rational procedure, the fonnu- 
lated results of which must have constants introduced as justified by tests. 
For example, if the straight-line column formula, 15,()00-50L/r, is to be 
used and if webs of 50/i/^ are i)ermittcd to be stressed to 10,000 lb. per 
So. in. in vertical shear, we could rationalize our design procedure by using 
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the formula 

15,000 - n - = 10,000 (when - = 50), 
t t 

from which, 50n = 5000, or ?i = 100. Thus, a semi-rational formula for 
controlling the allowable shear (or the average diagonal compression which 
is taken to be nimierically the same) on webs where h/t > 50 would be- 
come 

( 9 ) - 15,000 - lOOfi/t . 

Such formulas have appeared in some specifications, but the common prac- 
tice is to allow the same unit shear for all webs for which h/t < &0 or 70 
and to place stiffeners on all thinner webs. 

132. Vertical Buckling and Crimpling of Web. Much has been made 
of the design of unstiffened webs as vertical compression members 
(at loads and reactions) with every conceivable assumption involved be- 
fore application of the column formula. For instance, in Fig. 114, which 
type of failure should we assume? The smallest resistance is provided by 



Fig. 114 . Failuhk by Buckling fkom Vertical Loading. 


(5) and the greatest by (c); but is it logical to base a design upon the 
assumption that the upper flange is able to twist and also to move laterally 
as well? The range of buckling resistance for the cases illustrated by 
Fig. 114 is indicated by designation of the free length for buckling corre- 
sponding to each conformation. This length varies from d/2 to 2d, a range 
of 400 per cent. Exceptional conditions of restraint or lack of restraint 
at ends and center of beam may make any form of buckling shown in Fig. 
114 either possible or probable. Nevertheless, it has been common to 
base web or stiffener design under concentrated loads or reactions upon a 
free depth for buckling of d/2. If lateral restraint is not provided for 
the compression flange, a length of d is recommended. 
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The length of web along the beam that may resist a vertical load or an 
end reaction has been established as shown in Fig. 115 by drawing 45-degree 
lines from the ends of the bearing block. Thus the average width for 
vertical buckling of the web is a -f (i/4 at the end reaction and h + d/2 at 



the applied load concentration. An investigation of crim'pling at the 
juncture between the flange fillet and the web should be made for a bear- 
ing length of (a -f k) at the reaction, orb + 2k under a load. (Spec. 46.) 
Hence, we may write v 


(10) 

(a d/4)t 


P 

(11) 

d/2)l 

(12) 

f 

(a + k)i 


P 

(13) 

“ (6 + 2k)l 


web buckling at reaction, 
web buckling at load, 
web crimpling at reaction, 
web crimpling at load. 


^4 

T 


The limitations upon fc will be obtained from the Fig. 116. 

column formula by use of Z/ as some function of the Failuhb op Web 

depth (usually l/2d or 7/lOd) and of r as 0.29<. The 

limitation upon fb may be set in the specifications, or 

it can be taken as twice the allowable web shear as given by the 

specifications. 


Design for Buckling Resistance, DP43. An ordinary floor girder is designed for 
flexure and is then checked for all possible conditions of buckling. Flange buckling is not 
significant here because the value of L/h is less than 15, at which point the AISC flange 
buckling formula starts to control the working stress for the compression flange. For 
this relatively long beam (30 ft.), the end shear is quite small and the web is not stressed 
heavily in shear. Accordingly, the diagonal buckling stresses are insignificant. The 
possibility of vertical buckling over the reaction is found to be serious. It was thought 
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BEAM BUCKLING 


ENG. DEPT. 


L.G. 


DP^3, Design a g'>nUr </ siutn into irhirh Jh)or JoLfs frame al the one-third 

points. The loading is as shoirn hg the sketch. Distributed lo(ul inclmling 70§ 
for girder ~ Use A ISC spec. 

Cross-Section: 

M = 3 y X ^00 X ^(7- X 12 | I T I I I J I I I I f I F I T1 

+ lii.ooa X 120 = 540, ax) ' I f 1 

-i- 1,800,000 ^ 2,340mr,. 

Mod. rend. = = 117. \ -I 

'^0,00(1 

The most economical section is a 2 IWFdij; modulus = tl9.3. 


Flange Buckling: (Lateral restraint provided by joists only.) 

It) X 12 

Flange width = 8. 23"; L/h ratio = — — L'^.O. 

22,300 

Alloirable com pression stress in flange — - — ~ — ~ 20fl00ff/zi". 

1 _j_ 

1800 

Since this figure is above 20,000, the actual allowable stress is 20,000^ ! u'\ 
and the 21WF39 section is satisfactory. 


Diagonal Buckling of Web: 

Web thickness = 0.30"; h/t ratio = 


- (2 X 0.3 73) 
0.30 


Since this value is less than 70, the web is adequate to resist buckling at the 
full shearing stress of 13,000jl/n". (Spec. 10 and 43.) 

Actual unit shear = 21,000 A- (20.01 X 0.30) ~ 2370fjlu". 

Buckling over the Reaction: 

Support pad is the uddth of the flange hut only 3" long. 

Length of web resisting buckling = J -f d/4 = 8} 4" appro.r. 

21,000 

Unit vertical compressive stre.ss — = 0330# n". 

' 8.23 X 0.30 

L/r value for web = (20.01 — 2 X 0.373) A- 0.288 X 0:39 — 176. 


6330l'’n". 


Allowable compression — 


eoooHn”. 


18,000 

(Note: The full depth of the web was taken as the bivckling length because of 
the lack of lateral support at the end.) 

Crimpling of Web over the Reaction: (Spec. 46 ) 

Depth k from face of flange to toe of flllet — 1.125”. 

« . , 21,000 .. .. 


Bearing on web — 


(3 + 1.12)0.39 


= 13,100jt/n". ( 24,000 allowed.) 


DESIGN SHEET 43 
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necessary to consider the clear depth of the web as the possible length for buckling sinc' 
the beam was simply to be seated on a column bracket without having adequate lateru 
resistance to flange displacement at the ends. 

See the controlling possibility of Fig. 114(a). 

The more serious situation represented by 
Fig. 114(6) was considered to be sufficiently 
improbable to neglect. Web crimpling was 
not found to be serious. Such crimpling needs 
investigation for short beams that are lieavily 
loaded in the region where the web shear is 

high. pfibperin) 

133. Grillage under Column. A steel 
grillage is a (common device for distributing a 
heavy column load over an area of concrete, 
for example, at the top of a caisson. The 

bearing on concrete commonly is lin.ited to ,a)Momenfs in One Direction 



u W/t Q] 

•^marC 2 \2 Z) 

(c) Approximate Max, Moment 

Fig. 118. Moments in Ghillage Slab. 

600 lb. per sep in. The proper arrangement is to let the column bear on a thick steel 
slab resting upon a tier of beams as shown in Fig. 117. These beams in turn bear upon 



Fig. 117. Column Gkilla(je. 
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a second tier at right angles to the first. Hence, the load is finally distributed more or less 
uniformly over the surface of the caisson or the foundation soil as the case may be. 

Design op a Grillage, DP44. The projection of the slab beyond the face of the 
column section acts as a cantilever^ but the bending moment often is greater than this 
would indicate. Based upon the assumption that the pressure of the column section on 
the grillage slab is uniform, we find that the moment diagram of Fig. 118(6) is theoreti- 
cally correct. In this figure, p represents the bearing pressure in pounds per lineal inch 
across the grillage slab and w is the pressure per lineal inch produced by the two column 
flanges. The maximum moment clearly occurs along the center line directly under the 
web of the column as shown in Fig. 118(6). This moment can be reduced by the use of 
welded stiffeners or distributors as shown on D*S44 since this increases the value of w and 
decreases the web concentration to a negligible value. The resultant moment is as indicated 
in Fig. 118(c) when distributors are used as in Z)>Si44. 


Floor Design 

134. Building Floors. The framing of building floors is essentially 
the same whether the floor is for an office building, a warehouse, or an 
industrial shed. The usual method is to frame girders between the col- 
umns in one direction, and then to connect floor joists perpendicularly 
between the girders. For low structures where the connections do not 



(Q)Rivefed Clip (b) Continuous FH/et (c) Seat Angle and 
Angles Weld Plate Connection 


Fig. 119. Connections for Beams and Girders. 


have to resist wind moments, they are usually formed of ordinary clip 
angles to the web as shown in Fig. 119(a). Welded connections may be 
made by direct welding, or seat angles and plates may be used (see Fig. 119(6) 
and (c)). In order to provide field adjustment for plumbing the columns, 
a connection of the type (c) is necessary at one end of the girder when a 
direct weld as in (6) is used at the other end. 
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GRILLAGE 


ENG. DEPT. L.G. 


DP 44, Design a steel grillage for the support of a building column which 
H'Kl6WFJi26 section stressed to 15^000#! n". Use AISC spec. 

Load on grillage = 126.26 X 16fi00 = 1^880j000§. 


Area for hearing on concrete — ~ 


1,880,000 


= 3140a'% i.e., 62'^ X 60". 


Slab Selection: ^ 

Try a slab 28" X 30". r ^ — 

. , . , , * 1,880,000 
XjWtt uQCLWftQ sl(lu — I6,SQ 

JtmZ". 3031^^ 

Bending moment acting on long dimen- ^ 

sionofslah = ^ ^ — 

1,880,000 /28.0 16.09\ j ^ 

2 -X so \ Jt ~ Jt ) _AImZ 

=.88,500 "H". 

Requirea depth = M X S8,600 \ — 

\ 30,000 I 

= 5.15"; useSVi". 

upper Beam Tier; Length 60": 

For three beams the moment per beam will be 

MB229.(?£ _ = ,,s50,tm"i. 

3X2 \44J 

I/c = 3,360,000 H- 30,000 = 117.6. 
Web thickness for hearing = 1,880,000 -ir 3 X. 30 y. 24,000 
= 0.87"; use 20"! @ 100§/\ 

I/c = 164.8; t = 0.87. 


•Distributor^^ 


Lower Beam Tier; Length 52": 

For six beams the moment per beam will he 

l,SS3 ^/5_3_3£h^ , 

6X2 \4 4/ 

I/c = 941,000 - 5 - 30,000 = 47 . 0 . 

Web thickness forbearing = 1,882,000 -i- 6 X 28 X 24^000 
- 047"; usel2"I®46§/'- 
I/c = -^7.5; t = 0.66. 

Web Buckling: These beam webs will buckle unless the grillage is poured solid with 
concrete. The web thickness would need to be greatly increased to be self-supporir 
ing. See § 132. 


DESIGN SHEET 44 



224 DESIGN OF MODERN STEEL STRUCTURES 

Load Distribution, The load carried by a floor joist usually is taken to 
be unifoim and is composed of (1) its own dead weight, (2) the dead load 
of the floor for a width equal to the distance between joists, (3) the live 
load from the same tributary area, and (4) an allowance for partitions. 
A girder must carry a uniform load caused by its own dead weight and 
the dead load and live load from the floor directly above its upper flange. 
It also must carry a set of load concentrations from the reactions of the 
floor joists. In practice, it is castomary to consider all loads except the 
dead weight of the girder itself to be concentrated at the joist connections. 
If the joists are quite close together and the span of the girder is reason- 
ably great, so that there are at least four interior joists per panel, the joist 
reactions to the girder may be considered as a uniformly distributed load- 
ing. The error in moment caused by this approximation will be not more 
than 4 per cent. 

Materials. The dead load of the floor must be computed from the 
approximate weights of the materials to be used. Most industrial building 
flooi's are constructed with reinforced concrete slabs. A thickness of 1 in. 
per ft. of clear span is usually sufficient for a reinforced concrete floor 
slab, but the minimum overall thickness is about 4 in. A floor sur%ce 
over the slab may or may not be used. Precast floor slabs as thin as 2 in. 
are available in patented constnictions. The use of slag or other light 
aggregate for slabs is a desirable feature of precast slab constriujtion. The 
weight is 100-110 lb. per cu. ft. 

Another type of floor constniction is known as the battlcdeck floor. It, 
consists of flat plates welded together over the beams. For warehouse 
construction, it is possible to use this floor without any covering, but it is 
desirable, in order to reduce noise, to cover the ])lates (*it,h('r with a mastic 
or a cork composition covering. 1 he battledeck floor combiiK^s light weight 
with low cost but it is not fireproof. 

Live Loadings. The live load varies considerably, but it is commonly 
taken at 100 lb. per sq. ft. or less, where no heavy concentrations of ma- 
chinery or other such loads exist. Store-room floors are designed to carry 
loads from 100 to 400 lb. per sq. ft. or even more. The live load is also 
assumed to include any required allowance for impact. Foi this reason 
the live load is taken as 100 lb. per sq. ft wherever the gathering of a 
crowd of people seems probable, although a crowd of people will seldom 
produce a static load of over one half of this aniount. Care must be used 
in load selection. The writca- once was asked to explain floor cracks in a 
meat storage room. The stacked frozen meat was found to weigh 500 lb. 
per sq. ft., which was five times the design load. At another time he ob- 
served bags of Portland cement stacked nine sacks deep on a light wood 
floor. It was more difficult to explain the lack of a complete collapse than 
the evident signs of distress. 
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Load from Crowds. Them has been considerable discussion in regard 
to the load produced by a crowd of people. Tests have shown that a 
static live load of over 150 lb. per sq. ft. can he produced })y selecting indi- 
viduals and packing them together in a small pen. However, such con- 
gestion could only occur in halls, ramps, and other such passages. Al- 
though the writer is not able to offer specific data, he does not believe that 
an unselected crowd of men and women would ever produce a load much 
in excess of 100 lb. per sq. ft. Incidentally, it seems unlikely that such a 
dense crowd could produce an appreciable impact on the structure. A 
more serious live loading may conceivably develop from a less congested 
group where rhythmic movement is possible. For instance, a football 
crowd, swaying, cheering and rising in unison might produc;e reasonably 
heavy dynamic stresses in the structure. Where seats are provided for a 
crowd, the static loading will not exceed 50 lb. per sq. ft., and a design load 
of 100 lb. per sq. ft. allows for impact of 100 per cent. Tests have not 
indicated dynamic effects of this magnitude. 

135. Design of a Floor for an Industrial Building. 

Problem. Design the steel framing for supporting the second floor of an industrial 
building. ''Fho floor is supported by the exterior columns ana by one line of columns 
down the center of the building. 

Data. 

Width of building = 60 ft. center to center of outside columns. 

Width of bay or distance !)etween columns = I.') ft. 

Live load. The live load may be taken at 7o lb. per sq. ft. since the floor Is co be 
used for a drafting room and office. 

Columns. All columns are of 12-in. wddth in a direction across the building. 

Working Stresses. 

Bending. 20,000 lb. per sq. in. for fiber stress in beams. 

Other working stresses. A I SC specifications for structural steel for buildings, 
§215. 

Type of Floor. A “ battledeck ” floor will bo used. This is a floor composed of steel 
plates wtdded together over tlie beams. Plate of Js-in. thickness will be used and the 
joists wdll be placed 7 ft. -6 in. apart. A mastic surface and a cork composition floor 
covering will be selected weighing 20 lb. per sip ft. Girders frame between columns at 
15-ft. spacing and 29-ft. clear span to support joists at 7 ft. -6 in. centers. 

Design of a Floor Joist. 

Dead load. The ? s-in. plate weighs 15 lb. per sq. ft. which added to the weight of the 
floor covering makes the total weight of the flooj* 35 lb. per sq. ft. The dead weight of a 
floor joist will be estimated at 20 lb. per lineal ft. 

Uniform load per foot of joist. 

Dead load = (7.5 X 35) + 20 = 282 lb. per lineal ft. 

Live load - (7.5 X 75) “ ‘‘ 

Total = 845 

Bending moment = H X 845 X 15^ X 12 = 285,000 in-lb. 

Required section modulus = 285,000 -r- 20,000 = 14.3. 
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Section selected. The lightest standard beam that offers this section modulus is the 
SWF19 section. However, a depth of not less than of the span is commonly required 
for rolled beams to prevent excessive deflection. The allowable deflection is J^eo X 
15 X 12 = 0.5 in. The deflection of an SPTFIO section for a uniform load of 845 lb. per 
ft. is 0.49 in. This will be acceptable. Hence, although from a consideration of the 
interaction of beam and plate, which form a T-section, we might have expected to reduce 
the weight of the joist, actually deflection fixes the minimum section. 



Connection Between Joist and Girder. 

Shear = 845 X 15 -i- 2 = 6350 lb. 

Standard connection. The standard connection for an SWF19 beam, coped to place 
the beam and girder flanges on the same level, is shown in Fig. 121. The connection is 
amply strong with ?i-in. rivets. 



Fig. 121. Joist Connection to Girder. 


Fio. 122. Girder Loading. 


Design of the Girder. 

Loads. The girder carries 3 load concentrations of 12,700 lb. at 7 ft.-6 in. centers. 
(See Fig. 122.) It also supports its own dead weight which is estimated at 60 lb. per ft. 

Bending moment. The bending moment is found by taking moments about the 
center of the beam; M = 12,700 X 1.5 X 14.5 - 12,700 X 7.5 + X 60 X 29* = 
187,000 ftrlb. (See Fig. 122.) 

Section modulus =* 187, OCX) X 12 - 5 - 20,000 *= 113. 

Section selected. A 21TFF59 beam will furnish a modulus of 119.3, which is satis- 
factory. This beam also meets the requirements as to depth ratio, i.e., of the span 
or 17.4" is the minimum allowable depth. It is the most economical section obtainable. 
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Connection Between Girder and Column. 

Shear = 1.5 X 12,700 + 14.5 X 59 = 19,900 lb. 

Stamiard Connection. The standard connection for a 21TrF59 beam is shown in 
Fig. 123. The critical condition is that of bearing on the web. This allowable vaiue in 
bearing is 58,500 lb. with J^-in. rivets (eccentricity 
being neglected). The connection, therefore, is 
amply strong. 

Remarks. In the design of these beams, it was 
not necessary to reduce the working stre.ss because 
of lack of lateral support for the top flange. The 
floor plates are welded together over the beams 
and are also welded to the beams. This stiff 
plcUe prevents lateral buckling of the top flange of 
the beam. If a concrete floor slab had been used, 
the top flange of the beams would have been 
allowed to project I'i, in. into the concrete to 
obtain lateral stiffness. These remarks also apply 
to the girders. 

Spandrel beams and girders are those placed 
along the side of the building at the wall. A spandrel beam or girder receives but one 
half of the dead and live floor load that an interior beam or girder must carry. However, 
m most cases the masonry walls are merely enclosures supported by the stmctural frame 
of the building. In such construction the spandrel girder must carry a full story of the 
wall load. This type of construction is always used for tall buildings. 

PROBLEMS 

163. Redesign the floor system designed in § 135 to carry a concrete floor slab of 4-in. 
total depth. Place the floor joists at 5 ft.-O in. centers. Allow 12 lb. per sq. ft. for a wood 
floor. 

164. Design a floor panel for a warehouse where the columns are at 20-ft. centers in 
both directions. Place the beams 6 ft.-8 in. apart and use a concrete slab of 6-in. overall 
depth. The live load is 3(X) lb. per sq. ft. Columns are 14-in. sections at 87 lb. per ft. 
Use AISC specifications. 

165. Design the floor framing for a 1.5-ft. balcony. The main girders are placed per- 
pendicularly to the wall and are supported at one end by the wall and at the other end by 
hangers attached to the roof trusses. The roof trusses are spaced on 16-ft. centers. 
Beams may be spaced from 4 to 6 ft. apart. Take the live load at 100 lb. per sq. ft. and 
the dead load of the floor at 60 lb. per sq. ft., not including the weight of the l^ams or 
girders. Use AISC specifications. 

166. A one-story industrial building has plan dimensions of 40 ft. X 60 ft. The flat 

roof of the building supports a condenser box which carries a 10-ft. depth of water. The 
condenser box is made up of plate supported by beams at 45-in. centers or less. 

The condensers themselves are carried directly to the columns by steel framing inside 
of the box. Design the roof framing of the building to support the load of water. Place 
columns as needed, but obtain as much clear space as is reasonably possible. Use work- 
ing stresses as given in the AREA specifications. 

136. Bridge Floors. The floors of highway bridges are similar in their 
framing details to building floors. Usually, floor beams are supported by 



Fig. 123. Girder Connection to 
Column. 
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the trusses at panel points, and stringers are framed between the floor 
beams just as the joists are framed between the girders in a building floor. 
The concrete floor slab must be made thick enough to span across the 
stringers and carry the wheel loads. A depth to the reinforcing steel equal 
in inches to the span between stringers in feet, but limited to a minimum 
depth of 5 in., is usually adequate. Highway bridge floors are designed 
to carry two 15-ton or two 20-ton trucks plus impact of about 30 per cent. 



Courtesy Eng. News-Record. 


Fig. 124. Grade Separation — Henry Hudson Parkway. 

Railway bridges may l)e constructed with open floors or with ballasted 
floors. ■ An open floor consists of floor beams with two or more stringers 
that support the ties directly. A floor designed to carry ballast must be 
covered with steel plates or with a concrete slab, upon which the ballast 
is placed to support the track. The stringers and floor beams must be 
designed for the engine loads plas a heavy allowan(‘e for impact. The 
impact allowance for a stringer or floor beam may be nearly 100 per cent. 
Impact is reduced by the use of ballast. 

137. Design of a Floor for a Highway Bridge. 

Problem. Design the stringers and floor beams for a through-truss iiighway bridge 
of Pratt type. Design the connections between the stringers and the floor beam, and 
between the floor beam and the vertical post. 

Data. 

Panel length = 16 ft.-O in. 

Width of clear roadway = 20 ft.-O in. 

9* Distance face to face of posts = 21 ft.-9 in. 
Width of curb = 9 in. 

Loads. Two 20-ton trucks of the type 
shown in Fig. 125. 

Fig. 126. Standard 20-Ton Truck. Impact « 30% of the live load; 
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Working Stresses. 

Bending on extreme fiber of rolled beams = 18,000 lb. per sq. in. 

Shear on field rivets = 11,000 lb. per sq. in.; on shop rivets = 13,500. 

Bearing on field rivets =* 22,500 lb. per sq. in.; on shop rivets = 27,000. 

Specifications. AASflO specifications as given in § 216. 

Layout of Floor. The outside stringers must be placed as shown in Fig. 126 in order 
to support the curb properly. The distance between outside stringers is divided equally 
into 5 spaces wMiic.h makes the distance between stringers equal to 4 ft.-l in. The 
thickness of slab of 6 in. overall is more than adequate to carry the truck wheels when 
the stringer spacing is 4 ft. A bituminous covering 2 in. thick will be used as a wearing 
surface. 



Fig. 126. Stringer Spacing. 


Dead load. The dead load of the slab and covering will be taken at 100 lb. per sq. ft. 
The weight of a stringer is estimated to be 40 lb. per lineal ft. Total dead load per foot 
carried by the stringer is 448 lb. 

Stringer Selection. 

Dead load moment = H X 448 X 16^ X 12 = 172,000 in-lb. 


Placing wheel load for maximum moment. In this case the rear wheel should l)e 

4.08 

placed at the center of the stringer. Following Spec. 66, the proper load is X 16,000 

4.5 

50 

= 14,.500 lb. This load is increased by = 36 per cent for impact. Whence, 

1.36 X 14,500 = 19,700 lb. (Spec. 62.) 

. . . , 19,700 X 16 X 12 

Live load moment = = 945,000 in-lb. 


Section modulus required = (945,000 4- 172, (XX)) -r- 18,000 = 62.1. 

Section selected. The 16irF40 section furnishes a modulus of 64.4. The web thick- 
ness of 0.307 in. is barely satisfactory. (Spec. 86.) If the stringers were to be used for 
a bridge to serve as an overpass above railroad tracks where excessive corrosion should 
be expected, the 16IFF50 section might be selected. The web thickness is 0.38 in. for 
this beam. 

End shear. The end shear is a maximum when the rear wheel rests at the end of the 
stringer. No distribution to other stringers is allowed. (Spec. 65.) The rear wheel load 
of 16,000 lb. is increased 36 per cent for impact and also by a small carry-back shear from 
the front wheel. 

End shear = (16,000 + 4000) 1.36 -f 448 X 8 = 26,000 lb. 

Allowable end shear for beam web = 16 X 0.307 X 11,000 = 54,000 lb. 
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C(mnection Between Stringer and Floor Beam. The standard connection (B-Series) 
for a 16TrF40 beam is shown in Fig. 127(a). This connection is weakest in bearing on 
the stringer web. The value of four J^-in. shop rivets in bearing on a 0.307-in. web is 
4 X 0.75 X 0.307 X 27,000 = 24,800 lb. which is not sufficient. A 5-rivet connection as 
shown in Fig. 127 (6) must be used. Its value in bearing on the web is 31,000 lb. 



2 ^ 4x3i»T*l-0‘‘ 2^ 4x3ixfxl'-l " 

Hjj Standard (b) Extra Rivet 


Fig. 127. Stringer Connections. 

Design of the Floor Beam. 

Dead load. The floor beam must carry a full panel of dead load, and, because this 
load is concentrated at 6 points by the stringers, it may be distributed uniformly with- 
out serious error. The uniform load caused by 16 ft. of slab is 1600 lb. per ft. The 
uniform load caused by the stringers may be taken as (16 X 40) 4.08 = 157 lb. per ft. 

The weight of the floor beam itself is estimated to be 100 lb. per ft., which makes the total 
dead load 1857 lb. per lineal ft. This dead load will be taken as extending over the entire 
span of the floor beam from center to center of trusses, which will compensate for the 
neglected weight of the curb. (The span of a floor beam is always taken as center to 
center of trusses. Thus we add to the 20-ft. width of the roadway, 18 in. for curbs, 
3 in. for clearance, and 10 in. for the post, to obtain a total of 22.58 ft. as in Fig. 126.) 

Dead load moment = M X 1857 X 22.58* X 12 = 1,420,000 in-lb. 

Placing wheel loads for maximum moment. The rear wheels of the trucks must be 
placed directly over the floor beams. The reactions will be increased for impact and for 
the small carry-hack reaction of the front wheels. This reaction is (16,000 + 4000) 

1.36 = 22,500 lb. Laterally, the truck concentrations will be placed as shown in Fig. 126. 
Each truck is placed symmetrically in its own traffic lane. The loads could be moved 
laterally to produce exact maximum moment y but this procedure seems unjustifled since 
the possibility of obtaining the condition of two heavily loaded trucks passing each other 
with all four rear wheels over a floor beam in the exact position for maximum moment and 
at the correct speed to produce maximum impact is so remote as properly to be neglected. 

Live load moment at center of 22.58-ft. span » (45,000 X 11.29 — 45,000 X 5)12 » 
3,400,000 in-lb. 

Total bending moment =» 3,400,000 4* 1,420,000 » 4,820,000 in-lb. 

Required section modulus = 4,820,000 4- 18,000 = 268. 

Section selected. The lightest weight beam that will furnish this section modulus 
is the 2717^106 which has a modulus of 277.2. Shallower and heavier sections would 
save head room. Possible second choices are 24T7F110, or 21T7F122. 

End shear of floor beam. The maximum end shear is obtained for the same placing 
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of loads M for maximum moment, Pig. 126. (Again the loads are not crowded to one side 
of the bridge because of improbability.) 

Shear = 45,000 + 1857 X 11.29 = 66,000 lb. 

The unit shear in the web is 66,000 4- (27.1 X 0.535) = 4600 lb. per sq. in. 

Standard End Connection. The standard connection (B-Series) for a 27-in. beam is 
shown in Fig. 128. There are seven M-in. rivets in bearing through the web and 14 
rivets in single shear between connection angles 
and post. The web thickness is 0.535 in. The 
14 rivets in single shear at 11,000 lb. per sq. 
in. for field rivets (Spec. 70) have a value of 
14 X 4840 == 67,700 lb. The 7 shop rivets in bear- 
ing on the web have a value of 7 X 0.535 X 0.75 
X 27,000 = 76,000 lb. Shear controls the design 
and the connection is adequate. (See § 33 for an 
exact computation of rivet stress in a standard 
connection.) 

Remarks. In the design of both the stringer 
and the floor beam above, the estimate of the dead 
weight of the beam itself was sufficiently close to 
the true weight so that a revision of cah^ulations 
was unnecessary. If the estimate of weight is 
not in error by more than 25 per cent, the error 
may usually be neglected without affecting the 
design. The net change in the modulus of the floor 

beam in the above example would have been only 1.0 if its weight had been estimated 
25 per cent too low or too high. 

The exterior stringers carry a smaller amount of load than the interior stringers. 
However, they are subjecjt to a heavy impact shock from the possible effect of a truck 
hitting the curb. It is common practice to use the same size of stringer at the edge as 
under the interior of the slab. 
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Fig. 128. 

Floor- Beam Connection. 


PROBLEMS 

167. Repeat the design of the bridge floor designed in § 137 by making use of two 
15-ton trucks as the live load. A 15-ton truck is assumed to have the same dimensions 
as a 20-ton truck, but the wheel loads are ^ as great. 

168. Determine the sizes of stringers and floor beams for a low-truss highway bridge 
where the panel length is 14 ft.-2 in. and the width of roadway between curbs is 18 ft. 
Assume the distance center to center of trusses to be 20 ft.-lO in. Use a 6-in. total depth 
of slab without wearing surface and place the stringers as near as possible to 3 ft.-6 in. 
apart. Use two 20-ton trucks for live load. Follow the AASHO specifications. 

169. Determine the required size of an interior floor beam for a low-truss highway 
bridge of Warren type where the panel length is 8 ft.-O in. The slab is 10 in. deep overall 
and is not covered. No stringers are used; instead, the slab spans between floor beams. 
The width of roadway is 22 ft. and the distance center to center of trusses is 23 ft.-lO in. 
Use two 20-ton trucks for the live load. Determine the required weight for an end floor 
beam. Use the same depth as for an interior beam and allow for 60 per cent impact. 
Follow the A REA specifications. 

170. Design the stringers and floor beams for a single-track railway bridge with 
through girders. The ties rest directly upon the stringers. Allow 500 lb. per ft. for the 
dead weight of the track (10 X 10 ties. 10 ft. long, at 14-m. centers; 6X8 guard rails; 
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two 100-lb. rails). The stringers are placed 7 ft.-O in. apart and the girders are 16 ft.-O in. 
on centers. The distance between floor beams is 13 ft.-6 in. Make yonr design conform 
to the AREA specifications as given in § 218. Use Cooper’s £^-60 live loading and allow 
for the proper amount of impact. 

Strengthening Old Structures 

138. Design of a Girder Made of a Strengthened Section. Occasion- 
ally it is necessary to strengthen a rolled beam by use of cover plates 
to increase its resistance to moment; or, by use of side plates or stiffener 
angles to increase its resistance to shear or buckling. In designing a new 
riveted stmeture, we would connect strengthening plates to the beam by 
rivets, while in a welded structure or in an old riveted structure which 
needed strengthening, the connection would be made by welding. 
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Problem. Design a welded building beam to carry a concentrated column load 
at its quarter point. A used 20-in., 56-lb. Bethlehem beam is available. It must be 

strengthened and re-used. The upper flange is unsup- 
ported laterally except at the ends and at the concen- 
trated load. Section modulus of the 20/^56 section 
is 109.7. 

Data. 

Section. Old style 20-in., 56-lb. Bethlehem beam 
(see Fig. 130). 

Span of beam = 20 ft.-O in. 

Concentrated load at quarter point = 115,000 lb. 
Working stresses (reduced for second-hand material). 
Flexure of rolled shapes = 18,000 lb. per sq. in. 
Shear on webs of beams = 12,000 lb. per scj. in. 

20,000 



20-56* 

Bethlehem 

Beam 

(Obsolete Section) 


Fio. 130. 


h— 0 . 375 '' 


Bethlehem Beam 
Section. 


Compression in beam flange 


1 + 


L2 

20006* 


Compression in web = 15,000 lb. per sq. in. 

Shear on welds = 11,300 lb. per sq. in. on throat 
of fillet. 
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Specifications. A ISC and AWS specifications except for working stresses. 

Design of Cover Plates. 

Width. The cover plate will be made 4 in. wider than the flange of the girder, or 
12 in. 

Allowable flange stress. The stress must be reduced to allow for the buckling 
tendency of the unsupported compression flange for a length of 15 ft. (Spec. 10.) 

20 000 

Allowable stress = -j — — = 17,900 lb. per sq. in. 

^ 2000 X 12« 


Bending moment = (ll.'i.OOO X 5) + 4500 = 436,000 ft-lb. 

The 4500 ft-lb. is the moment at the quarter point caused by the estimated dead load 
of 120 lb. per ft. 


Section modulus required 


436,000 X 12 
17,900 


293. 


Modulus furnished bj^ 20/^56 section = 109.7. 

Modulus required in plates = 293.0 — 109.7 = 183.3 approximately. 

Approximate area required in plates = 183.3 -r- 10 = 18.3 sq. in. (Try two 12 X 
^ covers furnishing 19.5 sq. in.) 

Hecpiired thickness of cover plates. The moment of inertia of two 12 X 
cover plates spaced 20.69 in. apart is 2260. This value is added to the moment of inertia 
of the rolled section. / = 2260 + 1135 = 3395. The section modulus is 3395 -f- 11.15 
= 305. This is slightly greater than the modulus required. The actual weight of the 
section is 124 lb. per lineal ft. 

Maximum end shear = X 115,000 + 1240 = 87,400 lb. The figure 1240 is the 
end shear caused by the weight of the beam at 124 lb. per ft. 

W elding on ike Cover Plates. The cover plate will be welded to the edge of the flange 
by means of a J^fo-in. intermittent fillet. The value of this fillet in shear is 2500 lb. per 
lineal in., or, for two fillets, 5000 lb. per lineal in. The actual horizontal shear per 
lineal inch is 


VA'y 

I 


87 400 

(9.75 X 10.75) = 2700 lb. 

oo9o 


Use 3-in. lengths of intermittent welds spaced 2J^ in. in the clear or in. on centers. 


Web Shear. 


87,400 

0.375 X 20.69 


11,300 lb. per sq. in. 


This shear is below the maximum of 12, (XX) allow'ed for a web not more than 70/ in 
depth. 70 X 0.375 = 26.2 in. Accordingly, side plates will not be needed to increase 
tlie thickness of the web. 

Stiffeners at Load. Minimum effective length of w^eb to resist vertical compression = 
O.bd + 8 = 18.35 in. (See Fig. 129.) 

Effective bearing area = 18.35 X 0.375 = 6.9 sq. in. 

Required area = 115,000 -r- 15, (KX) = 7.7 sq. in. 

Use 4 stiffener plates 4 X in. under flanges of column. 

Welds on stiffeners may be ^6“2-4 (2-in. welds on 6-in. centers). Value = 130fc. 

Riveted Construction. The design of the girder might have been carried out for riveted 
construction. The main difference w^ould be that the rivets through the cover plates 
and flanges would reduce the net section of the tension flange and probably make it 
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control the design. Also, the stiffeners would be changed to angles riveted to the web 
with Ji-in. rivets through a 2H-in. or preferably a 3-in. leg. In all cases it is necessary 
to miU the stiffeners to bear on the loaded flanges or else to weld the two together. Only 
the outstanding legs of stiffener angles bear on the flanges since the other legs must be cut 
short to clear the fillet between the flange and the web of the beam. The stiffener angles 
must be checked for bearing on the outstanding legs. 

PROBLEMS 

171. Redesign the strengthened beam of § 138 using riveted cover plates and riveted 
stiffener angles. Allow 30,000 lb. per sq. in. for bearing on outstanding legs of stiffener 
angles. Deduct all rivet holes when calculating the tensile fiber stress. 

172. Redesign the strengthened beam from § 138 changing the load to 150,000 lb. 
Use 2 cover plates on each flange. Make the second cover plate only 10 in. wide and 
weld it to the first r2-in. plate. It will be necessary to use welded side plates to take care 
of the excess end shear. Are these side plates needed for the full length of the beam? 

173. A .SOir^TSO beam section has been specified for use on a certain job. By mis- 
take a 30irFr24 section was shipped to the field. The web thickness is satisfactory, but 
the section modulus of the larger beam is required. Design cover plates to be welded to 
the flanges to reproduce the modulus of the 180-lb. beam. Use working stresses recom- 
mended by the A I SC and AWS specifications. 

174. Rework Problem (173) using shop riveted cover plates. Make use of the 
AASHO specifications and working stresses. The cover plates should be made only long 
enough to meet the requirements of a uniform loading. 

139. Tables for Beam Design. Every structural handbook contains 
certain tables for aid in beam design. If used properly, such tables are 
valuable, but they are not helpful as devices to avoid the logical thinking 
that has been developed here. The results are usually unfortunate when 
such tables reach the hands of unqualified designers. Standard tables 
that give section 'properties for designing and detailing are the basic ones. 
The data presented are: weight per foot, area of section, depth of section, 
flange width and weh thickness j along with moments of inertia^ section moduli^ 
and radii of gyration about the two principal axes. All of the dimensions 
that may be necessary for detailing are also given. The second table in 
point of usefulness is the economy table in which all available beam sec- 
tions are arranged in the order of increasing weight for providing given 
section moduli. The use of this table aids us in the selection of the proper 
section for economy, or, if we choose a shallower section of heavier weight, 
the excess cost is readily evaluated. The third table considered is one that 
gives all data on standard beam connections. This table is useful, but 
the mistake must not be made of accepting the listed connection values 
unless the specifications to be used are exactly those for which the table 
was arranged. 

Safe Load Tables. The final table that needs consideration is the table 
of allowable loads given in most steel handbooks. The tables in the hand- 
book of Steel Construction {AISC) are typical. They give the total allow- 
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able had in kips (unifomily distributed) for different spans and for simple 
reactions. Additional data are: deflection in inches, allowable total shear 
on the web, allowable end reaction^ and length of hearing to develop the 
allowable web shear. The use of such tables is an aid to the designer who 
has need for them daily but they may be of little value to others. They 
must be used with these points in mind. 

1. The allowable load is uniformly distributed. The beam is simply supported. 

2. The allowable load is based upon a specified working stress in flexure which may 
not be the one we wish to u.se. 

3. The deflections listed are for uniform loads and simple supports. 

4. The allowable web shear is bjised upon a fixed allowable unit shearing stress. 
Diagonal buckling is not considered since h/t < 70. 

5. The allowable end reaction is obtained for a 33^-in. length of end bearing and for 
resistance to crimpling based upon a specified bearing stress. There is no consideration 
of possible vertical buckling. 

6. The values of standard end connections neglect the moment of eccentricity and 
are based upon one set of allowable stresses in shear and bearing. 

In other words, a set of safe load tables is made up to meet the require- 
ments of one set of specifications. Such tables must be corrected before 
they can be used with other specifications. 
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COMBINED DIRECT STRESS AND FLEXURE 

140. Members that Resist Direct Stress and Flesnire. All truss mom- 
bers which lie in a horizontal or inclined plane must resist a bending 
moment caused by their own weight. All such members, therefore, resist 
direct stress and flexure. Flexure is of less importance in the design of 
tension members than compression members because the direct pull of a 
tension member tends to reduce lateral deflection while the thnist of a 
compression member tends to increase lateral deflection. The result for 
the compression member is that the applied centric force becomes slightly 
eccentric. This is one of the reasons why specifications limit the slender- 
ness ratio of compression members and stmts below tlu^ limit for tension 
members. Whenever possible, a compression meml)er should be designed 
sufficiently stiff so that the lateral deflection caused by its own weight 
will be negligible. Tension members should be designed with a large 
enough moment of inertia about the horizontal a.xis so that the flexural 
stress caused by dead load bending moment may be n(^gle(;ted. The specd- 
ficatiohs regarding slenderness ratio are usually such that the dead load 
flexure need not be considered. 

Some members of trusses, particularly of roof tnisses, must actually 
be designed to carry transverse loads. For instance, purlins are fre- 
quently placed away from the panel points of a roof truss with the result 
that the top chord must act as a beam between panel j^oints. 0(*casion- 
ally it is necessary to hang light fixtures or shafting from the lower chord 
of a roof tmss away from a panel point. In such instances the member 
must be designed so that the fiber stress for combined direct stress and 
flexure will not exceed a proper allowable stress in tension or compression. 
The AISC Code limits the working stress to an intermediate value when 
the allovrable stresses in direct stress and flexure are unequal. (Spec. 4.) 

Columns may undergo flexure from the effect of an eccentric load or 
from the influence of wind shear. Building columns frequently support 
beams attached by clip angles to their flanges. The beam reaction has an 
eccentricity of at least one half of the width of the column. The portals of 
bridges and the transverse bents and portals of mill buildings resist heavy 
bending moments caused by wind shear. These wind moments must be 
considered in the design of the colunms. 
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141. Flexure of a Diagonal Member of a Bridge Truss Caused by Its 
Own Weight. 

Problem. Compute the bending stress in a diagonal member of a low truss Warreu 
highway bridge caused by its own dead weight. 

Data. 

Panel length = 15 ft.-O in. x 

Length of diagonal =18 ft.-O in. 

Section. Two 0 X 4 X ^s-in. angles with short 
legs turned in and laced together. (See 
Fig. 131.) 

Fui. 131. Choss-Skction. 

Weight of Member. 

Weight of angles = 2 X 12.3 X 18 = 442 lb. 

Weight of lacing bars and tie plates (assumed) = 70 lb. 

Total = 512 lb. 

Bending moment = }/sWL = H X 512 X 15 X 12 = 11,500 in-lb. 

Properties of the Section. 

Moment of inertia = 13.5 X 2 = 27.0 in.^ 

Radius of gyration = 1.93 in. (about x~x axis). 

Slenderness ratio = (18 X 12) 1.93 = 112. 

Flexural Stress. 


Lacing 



Me 11,500 X 4.06 
^ ~ I ~ 27.6 


1730 lb. per sq. in. 


Remarks. The bending moment computed above is high for two reasons. The 
gusset plate cuts down the length of the member for flexure and it also partially fixes the 
end of the member so that the bending moment is reduced below U'X/8. The stress of 
1730 lb. per sci. in. is not exc(*ssive and may be neglected unless the member also carries a 
high secondary flexural stress. A provision for a flexunil stress of 30 per cent of the 
primary stress is made in setting the working stress. 


Theory of Combined Action 


142. Tension or Compression with Flexure. The simplest possible 
approach to this problem is to add the two fiber stresses as defined by 
the direct stress formula and the flexure formula. Thus we obtain 


^ P Me 
^ ~ a'^ I ' 


This equation expresses the combined stress correctly, but there may be 
some question, especially for columns, as to what limitation should be 
placed upon the combined fiber stress. Some specifications {AREA for 
example) state quite plainly that the combined fiber stress shall not be 
greater than the allowable stress as controlled by the column formul?'.. 
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For use with such specifications, this formula may be rearranged as follows: 

, P Me 

. P . Me 
(3) 

P + Melr^ 


The use of the formula (4) is limited to the case where the same working 
stress is permitted for direct stress and for flexure. It also neglects the 
influence of lateral deflection upon flexure stresses. For determining the 
allowable load P of eccentricity e, we may solve equation (4) by substi- 
tuting Pe for M. Thus we obtain 




143, Influence of Deflection. It will be possible to show that the 
influence of deflection upon the design of members for the combina- 
tion of direct stress and flexure is negligible. Of course, deflection may 
be neglected for tension members since its small influence is toward the 
reduction of stress, but, even for columns, the actual influence of lateral 
deflection will be found to be small. 

The moment including the influence of deflection may be written as 
(6) Mt = M±P^. 

Here, M is the bending moment in the member due in part to eccentricity 
of the direct load P and including the moment caused by lateral forces. 
The value of A for a uniform lateral load of w is 


384 El 


48 El 


: (nearly). 


When the deflection moment caused by the centric load is taken into con- 
sideration, we should write 

MtL^ 


We may substitute this value of A in equation (6) to obtain 


Mt^M ± 


MiPU 


( 9 ) 
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From this result we may obtain an expression for the area of cross-section 
by introducing the value of M t for M in equation (4). The resulting equa- 
tion is 


( 10 ) 



(plus sign for tension member). 


Again, this expression is dependent upon the use of a single working stress 
for direct load and for flexure. Since the factor PL'^/IOEI occurs in only 
one of the two terms, and since it is to be added or subtracted from unity 
while its value is seldom greater than 0.03, we conclude that it is unlikely 
to influence the area by more than one or two per cent at most. 

144. Different Working Stresses. The working stress for direct stress 
in a column is controlled by a column formula while the working 
stress for beam compression is either a fixed value or it is controlled by 
the beam-flange compression formula. It is possible in some instances, 
t herefore, to effect a slight economy by the use of two separate working 
stresses in equation (4). The revised formula becomes, 


P Me 


Naturally, fc is controlled by the column formula and/?, is controlled by the 
beam compression formula. 

This procedure is not entirely logical, however. For example, the 
value of fb may be controlled by a tendency to buckle in one direction, 
while fc may have to be chosen for buckling about the other axis because 
of the direction of the lateral forces. Also, we know that most column 
failures start locally, while both fc and fb are based upon the action of the 
column as a whole. Nevertheless, equation (11) is usually considered to be 
a rational attempt at improved design. 

145. Design Procedures. There are two satisfactory design procedures. 
The experienced designer is most likely to guess at a trial section and 
then to compute its actual stress by equation (1). He will pass the design 
if the a(!tual stress approximates the allowable stress defined by the col- 
umn formula. Otherwise, he will revise the trial section. This procedure 
is conservative. The second procedure is to obtain the values of A, c, 
and r for the trial section and then to compute the required area by equa- 
tion (11). A simple comparison of the trial area with the area needed will 
indicate the direction for revision. The second design procedure will 
reach the same result as the first when the allowable stresses are the same 
for column action and beam action. When different working stresses seem 
justified, the use of equation (11) is the logical procedure for design. 
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Design Problems 

146. Design of Truss Members for Direct Stress and Bending. Examples DP45, 
DP46. These two problems illustrate the two technicpies of design mentioned above. 
In DP45 there is a single w'orking stress because this is a tension member for w hich the 
allowable tensile stress is the same as the stress permitted for flexure. Accordingly, the 
procedure is to choose a section and then to compute the maximum combined fiber 
stress. The author purposely set the allowable working stress at 22,500 lb. per sq. in. 
which is higher than the standard working stress in use when this book was written. 
The designer should not become so accustomed to one set of allowable strcssesthat change 
is difficult. In two deciides, standard allowable stresses for buildings have risen from 
16,000 to 20,000 lb. per sq. in. and they will probably go higher as materials are improved. 

The design problem DP46 illustrates the design procedure when the allowable work- 
ing stress for direct load is not the same as for flexure. One area is found for compression 
and a second area to resist flexure — the total area required being the sum of the two. 
It must be noted, however, that the calculated area for flexure is dependent upon the 
properties of the section (r and c) so that a change of section would vary the required area. 
Attention is also called to the fact that the smaller extreme fiber distance must be used 
since this c-value controls the compression fiber stress. Evidently, the tension fiber stress 
due to flexure cannot be significant because it is opposed to the average compressive 
stress produced by the direct load. The other point of interest is that the tendency 
toward buckling here is controlled by the larger radius of gyration because the purlin 
loading makes the direction of buckling self-evident. 

PROBLEMS 

175. Calculate the stress in ah upper chord member of abridge truss caused by its 
own weight. Panel length, 20 ft.-6 in. The section is composed of two 9-in., 18.4-lb. 
channels and a 16 X Js-in. cover plate. Channels are placed 10.75 in. back to back. 
Assume that the weight of lacring and tie plates adds 150 lb. to tlui total weight. 

176. Calculate the stress in the bottom chord of a bridge truss caused by its own 
weight. Panel length, 16 ft. The section is composed of two 5 X X ^-in. angles 
mth 5-in. legs turned down. Add 50 lb. for the weight of the tie plates. 

177. Revi.se Problem DP45 for a maximum allowable stress of 16,000 lb. per sq. in. 

178. Design a lower chord member of a roof truss to carry a dire(!t tension of 30,000 
lb. and a vertical concentrated load of 500 lb. located 6 ft. from a panel point. The panel 
length is 15 ft. Two 5^-in. holes must l^e drilled through the outstanding legs of the 
chord angles at the point of application of the concentrated load to provide a connection 
for a shaft bearing. The member is horizontal. A I SC specifications. 

179. Revise Problem Z)P46 by permitting working stresses to be increased 33 per 
cent for wind. Wind pressure produces one-half of the total stress. 

180. Design a top chord member of a roof truss to carry a direct stress of 40,000 lb. 
and a normal purlin reaction of 3600 lb. located 2 ft.-3 in. from a panel point. Use the 
simple-span bending moment. The panel length is 6 ft. -8 in. Over 83H per cent of the 
direct stress and of the purlin reaction are caused by wind. A I SC specifications. 

181. A horizontal top chord of a roof truss carries a direct stress of 60,000 lb. caused 
by dead load and snow load. A cinder concrete slab spans from roof truss to roof truss 
placing a uniform load of 1000 lb. per ft. on the top chord. The panel length is 6 ft.-O in. 
The wind stresses are negligible. Design a top chord section using a moment of wL^ ^ 10. 
AREA specifications. 
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DP4S, The lower tension chord of a Fink roof truss carries a shaft load at tis cerder 
in addition to its direct stress. Design the member for riveted construction. Let 
the legs of the chord angles be turned down. 

Data: 

Direct stress = UflOO§. 

Panel length = 18' -O''. 

Transverse load = 300 if at center of 7nember. 

Working stress — 33,S00§/a". 



I 


Minimum Section: Try two X 2}/2 X H" 

Gross area — 2 X t.10 = 

Direct unit stress — 11,000 2.38 == 4^00 ff/o". 

Gross section ttudulus ^ 2 X 0.39 = 0.78 {angle legs turned down). 

Bending moment ~ h H X X 18“^^ 12 — 20,200" jf. 

Flexural stress = 20,200 0.78 = 25,900if/o". 

Total stress = 4000 + 25,900 = 30,500^/ u". 

Revised Section: Try two 3 X X (3" legs turned down). 

Gross area = 2 X 1 31 = 2.62. 

Gross section modulus = 2 X 0.56 = 1.12. 

Bending moment h /4 X 9.0 X 18^^12 — 20,600" jf. 


11,000 , 

Total stress = ■ — - — h 

2.o2 


20,600 

1.12 


22,600§la". 


Remarks: The use of gross area and gross section modulus is correct because no holes are 
punched in the angles near the center at the section of maximum moment. The shaft 
connection can be made by o damp. The bending moment is greatly reduced at the. end 
where net section would have to be considered. 
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DP46a. Design a top chord member for a roof tnuis to carry a direct compressive stress 
and a purlin reaction at 2 ft. from a panel point. Use AISC specifications. 
(Note Spec. 4-) 

Data: 

Design stress = 65j000§. 

Purlin reaction perpendicylar to member = 6000§. 

Panel length = 


Trial Section: Two angles 5 X X 5^" 
placed hack to back on opposite sides of a \ 
5^6^^ gusi^^t with legs turned out 1.61“ 

X - 

Gross area = 2 X 3.05 - 6.1 q'\ ‘ 


ry.y - 1.U; r.-. - IMO. II ^ 

Section modulus about x-x axis = ^ ‘ ^ 



Simple beam, moment reduced 20% for conr | 

tinuity 

Allowable column stress = 17^000 — 0.485 ( 

\1.60/ 

Allowable beam stress = 20,000 since L/b < 15. 

^ , 65,000 57,600 X 1.61 , 

Required area — 1 5.8q . [Eq^iation 11] 

^ 16,300 20,000 X 1.60^ 

Area f urnished = 6.1a''. 


DP46h. Repeal the design problem DP 46a by use of AREA working stresses. The 
column formula is 15,000 — \i(Llrp, and the beam-flange formula is 18,000 ~ 
5 (L /by for values of L/b not greater than 40. 

( 60 \2 

Y^j = 14fiOO§/dt 

( so\^ 

■y] = 17,600f/a''i 


\ 600 §/d''; 


„ . ^ 65,000 , 57,600 X 1.61 ^ ^ 

area = — + ^ [Equal^onln 

Area furnished by 5 X X As is 7.06a", 


Remarks: Notice that the r-valuc in the direction of the purlin loading is used in the 
column formula since buckling is forced to occur in this direction rather than in the 
direction of the minimum rvalue. 
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147. Design of a Steel Building Column. Example /)P47. The end conditions of 
the columns of a mill bent are partly unknown. The assumption here is that the buckling 
tendency of the column acting in the plane of the bent will reach its maximum at the 
mid-height from the base to the connection of the lower chord of the roof truss. Thus, 
the moment of the horizontal reaction about this point is taken as the bending moment 
used to increase the area required to resist buckling. Then, of course, the maximum 
moment at the connection with the lower chord of the truss must be used to check the 
stress existing there. The stress at that point should be less than the allowable com- 
pressive stress for a beam since the buckling tendency as a column is small there. 

The buckling tendency of the column in the direction perpendicular to the plane of 
the roof truss (the weak direction of the column section) is controlled by the lateral 
resistance produced by the girts. Since only alternate girts are usually atta(;hed to the 
diagonal side bracing, it is proper to consider the distance between alternate girts (or 
10 ft.) as the free length for lateral buckling due either to column action or to beam action. 
This happens to be the controlling condition for buckling. 

The increase of working stresses for wind allowance is always stated in such a manner 
that the increased working stress is not permitted to reduce the area below that required 
for dead load and live 'oad alone. Hence, we use the working stress for column com- 
pression without revision (because wind does not increase the direct stress by more than 
33 per cent), but we increase the allowable beam stress 33 per cent since the bending 
moment is entirely caused by wind. 

148. Eccentric and Lateral Loading on Column. Example DP4S. This example 
is a repetition of the same general procedure used in the design of the mill building column 
DP47. Again, use is made of different working stresses for direct compression and for 
flexure even though in this case the free length for buckling of the beam flange is exactly 
the same as its free length for buckling as a column. It may be well to reconsider the 
reason for this distinction. If the entire section is stressed in compression, both flanges 
and web tend to buckle together. On the other hand, beam flexure produces tension in 
one flange, which helps to maintain its straightness, while only the compression flange 
tends to buckle. The aid given by the tension flange in resisting the buckling tendency 
of the compression flange is one excuse for allowing greater compression stresses in beam 
flanges than in columns with centric loads. When we consider the fact that the force 
needed to prevent buckling is relatively small, we are inclined to justify this distinction. 

149. Practical Considerations. If we carry the matter of design for 
direct stress and flexure to its logical theoretical conclusion, we will find 
it necessary to design all tension and compression members for direct 
stress and flexure. Truss members all resist secondary flexural stresses. 
All except vertical truss members must resist bending from the influence 
of their own weights. Columns are never loaded axially, or, at least, the 
occurrence of a column without bending is exceedingly rare— so rare that it 
cannot even be produced in a laboratory without the greatest difficulty. 
But in most of the instances mentioned, the influence of flexure is not 
very serious and it may be neglected without danger. The working stresses 
for truss design are expected to allow for flexural (secondary) stresses of 
about 30 per cent of the primary stresses. There is no reason, therefore, 
why the specified working stresses for building columns should not be 
considered to cover an equal allowance for slight eccentricities that de- 
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DP47, Design a viiU building column to resist a vertical compression of 122fi00 JJb. 
caused by D.L.j L.L., windy and also for a wind shear of 4 OOO lb. The column is 
not fixed at Us base, but is so restrained that its tendency toward buckling reaches 
a maximum halfway between the base and the lower chord connection. A I SC 
working stresses. Counting from the topy the Isty 3rd and 5th girts act as bracing 
struts. 

Column Moment: 

Maximum wind momenl at critical section 

= 4000 X 10 X 12 = 4 SOyOOO''i. ZZZZZ^p -- 

Trial Section: 10WF45. 

L/r = 20X12 ^ 4.33 = 55.5. 

LIr laterally between alternate girts = 10 X 12 = "n ' “ 

4- 2.0 = 60. ♦ 

Working stress for column buckling 

-=fc = 17yOOO - 0.485 X 60.0^ = 15y250§ln". ^ 

Working stress for beam buckling when L is taken 
for safety cus twice the distance between girtSy i.e.y 
L/b = 10X12 8.02 = 15. 

h = — = 20y000tld\ ^ 


Increment for Wind: 

Since the vertical load is not appreciably increased 

by windy the working stress fe is 15y250 and the 

wind load is neglected. But for momenty the 

working stress ft is to be increased by 33% to 

26y700§ln" since all moment is produced by ^i*nd 1 

wind. I22.000/b 



Required Area: 

P Me 

A = -7 + - — (Spec. 4 o^nd Equation 11) 

fe ftr^ 

. . rM + AM . ,w. 

15,250 26,700 X 4-33^ 

Area furnished = 13.24u”. 

122,000 960,000 

Fiber stress just below chord connection = — I — = 28y800§lu". 

13.24 4 ^d 

Since this is over 26,700, the 10WF49 section will be required. 


Remark: The change to the heavier section should not affect r, fc or fb appreciably. 
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DP48. Design a column that carries a central loady an eccentric loady and a lateral load. 
The column is considered to be pin connected at top and bottom. A I SC spec. 

Data: 

Total vertical load = 120y00()§. 

Maximum moment = 221)^000 -f- 120^000 = 3JiSy000"§. 

First guess at column area = 12()y000 ~ lOyOOO = 12n". 


Area of Secii . 

120,000 , iM3,(X)0X3.0 

Required area = [EqueUvon 11] 

= S.d + .i.d = Id.la". 

Area f urnished ~ 14‘4^"y weight reduction is possible. 

Remarks: This column will buckle in its weak direction as controlled by the minimum r 
of 2 . 54 . As a beam its 10" flange is unsupported laterally for the full length of IS'. 
However y in computing the required area we must use the larger tmlue- of r since Ar^ 
is the moment of inertia for flexure. It must be remembered that the formula for 
required area was derived by using the basic beam-flexure formulay f = Me/ 1. 


First Trial Section: 

Try an SX 8 WF 4 O section. 

Area = 11.76n''; S - 3S.5. 

120,000 345,000 

Maximum fiber stress = — H . - = 20y000jf/n". 

11.76 35.5 

Second Trial Section: 

Since this is too highy we will try a 
10 XIOWF 4 O section. 

Area = I 4 . 4 O; S = 54^6; r„ - 4.35; 
ryy = 2.54. 

Allowable Stresses: 

L r for bucklhig = 15 X 12 2.54 

= 71.0. 

L ’) /);• hurhOn-- V t2 10.0 
- /S’/' 

/. 

I iZVr, I 
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velop from unpredictable loadings. For the same reason, we seldom con- 
sider flexure caused by the dead weight of horizontal struts and tension 
members that are not parts of a truss. Long horizontal tension members 
sometimes do need intermediate support. 

The fact that deflection changes the eccentricity of the load for mem- 
bers resisting direct stress and flexure, continues to be given more consid- 
eration than it deserves. For typical instances the influence is found to 
be in the nature of one or two per cent and it may accordingly be neglected. 
Structural design in its very nature is subject to greater approximations 
than this. 



CHAPTER 10 


STRESS AND STABILITY 

150. Theory of Elasticity. We could not progress very far in the 
study of stress analysis by the mathematical theory of elasticity A\ith- 
out recourse to an understanding of advam^ed mathematics that is not 
presupposed here. This book is devoted to applications of theory instead 
of development of theory. For these reasons certain problems in design 
will be solved by the use of formulas taken from other studie^s without 
explanation of the basic theory. These problems will be the determina- 
tion of principal stresses, buckling stresses for plates, stresses in rollers, 
stress concentrations at holes, stresses in flat loaded slabs or plates, and 
torsion stresses in structural beams. Evidently, to cover this amount of 
material in one short chapter will necessitate extreme abbreviation. Hence, 
we will merely present the formulas, define their teiins, show applications, 
and give a few of the many references to their development and their 
special uses. This will serve the purpose of familiarizing the reader with 
the kinds of problems that have been studied and solved. He will need 
to read further if his w^ork demands other than standardized applications. 

Maximum Stresses 

151. Critical Stresses. We have studied the design of tension mem- 
bers, columns, and beams and have considered in each instance only 
a single controlling stress. However, the designer will inevitably be con- 
fronted from time to time with stmctural design problems where two 
kinds of stress combine at a given point. The problem is to determine 
the direction of the maximum stress and its magyiitude. For example, ten- 
sions or compressions may occur at right angles to each other and produce 
a resultant stress greater than either. The calculations of such resultants 
are common engineering procedure. On the other hand, we arc prone to 
forget that a direct stress and a shear acting on the plane A may produce 
a greater direct stress or a greater shear on the plane B. 

Failures of Materials, Whether failure is caused by direct stress, by 
shear, or by strain has never been determined for the general case. It 
seems probable that each may control failure for special materials and 
special conditions of loading. For the purpose of design, however, we will 
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accept the maximum stress-shear theory of failure; that is, we will so 
design the structure that the maximum direct stress will be within its 
specified allowable value and the maximum shearing stress will be below 
its specified limitation. This necessitates a knowledge of how to compute 
the maximum unit direct stress at a point and the corresponding maximum 
unit shearing stress. 

TABLE 24 

Properties of Simple Sections 





Semf-drde 


Ellipse ^ 


Thm ring d\ 


Parabola 



d-2R 



\2R 




Area 

bd 

WR^ 


TTR^ 

2 


TTbd 

4 


znRt 


Zbd 

3 




s,. 

bd^ 

12 

029d 

bd^ 

6 

TTR^ 

4 

Q25d 

TTR^ 

4 

i„ai/R^ 

0.26R 

0J9R^ 

j JTR* 

/yy ^ 

Q25d 

JTR^ 

8 

Wbd^ 

64 

0.25d 

TTbd^ 

32 

TTIR^ 

0.35d 

WtR^ 

8bd^ 

175 

026d 

8bd^ 

105 


152. Formulas for Determining Principal Stresses and Shears. These 
results will be presented as a group of special cases that cover many prac- 
tical problems. 

Case 1. Axial Tension or Compression, The application of a direct 
unit stress s is accompanied by the development of a shear on any plane 
inclined to the cross-section normal to the load. If we define Sn as the 
unit stress normal to the plane A-A in Fig. 132 and St as the unit stress 
along the plane (shear) while s is the unit axial stress, we may state 

(1) 8n = 8 cos* 5 = 4s (1 -f- cos 20);* 

(2) 8t - 8 sin 0 cos 0 — is sin 20, 

* Note in all cases that s, si, sz, Sn, and st are unit stresses and only represent forces when 
the area on which the stress acts is unity. 
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When 8n and s/ reach their maximum values, they are called the maximum 
stress and the maximum shear respectively. The minimum direct stress, 
which is the second principal stress, occurs at 90° to the maximum direct 


stress. 

Thus we obtain 


(3) 

Max. Sn = s 

when 6 = 0 °; 

(4) 

Min. Sn = 0 

when 6 = 90°' 

(5) 

s 

Max. = 2 

when 6 = 45° 


The maximum shear is always one half the difference of the 'principal 
stresses as will be shown in equation (9). 




Case 2. Biaxial Stresses, The next step is the case of direct stresses 
applied at 90° to each other in a single plane as illustrated by Fig. 133. 
We will take si and 6*2 as principal stresses, that is, direct stresses unaccom- 
panied by shears. We may write 

(6) Sn — 5i COS- ^ + S2 Sill” 0 

= }^{si + Si) 4* — Si) cos 26 y 

(7) St - 3^(5i — 52 ) sin 2$. 

Naturally, the maximum normal stress Sn is either Si or S 2 . In general 
terms we may say 

(8) Max. Sn = Si or Si when 6 = 0° (or 90®) ; 

(9) Max. St = H(si — Si) when 6 = 45® (or 135®). 

Note that St will reach a maximum value when si and S 2 are of opposite 
sense so that St = + sz). If and S 2 are both tension or both com- 

pression, the controlling shear is ^Si or and it occurs in a plane in- 
clined at 45° to the plane of the paper in Fig. 133. 
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Equal and Opposite Principal Stresses — Pure Shear. If the biaxial 
stresses are equal in value but opposite in sense, equations (6) and (7) may 
be rewritten as follows : 

(10) 8n = s(cos* 0 — sin- 0) = s cos 20) 

(11) St - }^ii2s) sin 2S = s sin 20. 

From these equations we see that there will be no normal stresses on planes 
at 45*^ with the principal stresses since cos 90° = 0. The value of the 
shear St reaches its maximum value on the same plane and becomes nu- 
merically equal to s. Hence, on these planes we have the state of pure 

shear. Tliis case is not a particularly important one since shear in beams 
and other structures is usually combined with direct stress, as will be dis- 
cussed below. 

Case 3. Direct Stresses Arising from Shear. This is essentially a re- 
versed condition from the one just discussed. Knowing the value of an 
applied shear w'e are to find the normal stress and the shear on an inclined 
plane. From Fig. 134, w^e write 

(12) Sn - Sm sin 20) 

(13) St — s, cos 20. 

The maximum values of Sn occur for 6 = 45° and 135°. These values 
are 

(14) ' Max. Sn = zts,) 

(15) Max. St ~ s, when 0 — 0® (or 90°). 


Ss j 

♦ 


Fig. 134. Pure Shear. Fig. 135. Axial Stress Plus Shear. 

Case 4. One Axial Stress plus Shear. This is a common and an im- 
portant case because the principal stresses become significant for design. 
In Fig. 135 we combine C'ases 1 and 3 to obtain 





(16) 

(D) 


8n * i«(l + COS 20) -h 8t sin 20; 
8t =* Js sin 20 4- «• cos 20. 
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The principal stresses are 


(18) 


Max. Sn 




These stresses occur when tan 26 

(19) Max. St 



Also 



SIGNS 

In equation (17) the plus 
sign would become minus for 
the forces of Fig. 135. Signs 
for all equations must be ad- 
justed to fit the directions of 
the forces. 

Tan 20 is negative when 26 
is in the 4th quadrant. 


This maximum shear occurs on planes at 45° to the planes of the principal 
stresses. 

Case 5. Biaxial Stress Plus Shear. This 
is the most general case of stresses in a plane. 

With reference to Fig. 136, we may combine 
Cases 2 and 3 to obtain 


(20) Sn = + S 2 ) + yiisi — 5i) COS 20 + s, sin 20; ^ 

(21) 5 = Si) sin 20 + cos 20. 

The principal stresses become 





( 22 ) 


Max. Sn — His 


ii 4- .S 2 ) zt 


(.s-i - Si)^ 


-f 


These maximum stresses occur when tan 20 = — 
The principal shears are 
(23) Max. 4 


Fig. 136. Biaxial Stress 
Plus Shear. 

2.9, 


Si — . 9*2 


. 52 )* 


■f* 


These shears occur on planes at 45° to the planes of the principal stresses. 
The maximum shear is one half the difference between the principal stresses. 

Observation. Preceding equations may be obtained as special cases 
of equations (22) and (23) when Si, S 2 , or Sa is zero. 

153. Illustrations of Combined Stress Calculations. There are many instances of 
combined stresses where the ordinary design procedure does not take the real principal 
stresses into consideration. For example, we know that hot driven rivets have initial 
tension stresses. Such rivets are designed for shear or bearing with no reference to com- 
bined stresses. The justification is that all test joints that have been used to set allow- 
able working stresses in shear and bearing also have had rivets with initial tension. 
Therefore, combined stresses are considered indirectly in riveted joint design. 

Bolt Selection, BP49. The design problem Z)P49 shows how the maximum ten- 
sion and the maximum shear can be determined in a bolt or rivet resisting tension and 
shear. This combined stress is quite significant for a bolt since working stresses for bolts 
are not intended to allow for stress combinations. When large anchor bolts are being 
designed, the safety of the structure may be involved to as great an extent as in the 




DS49 COMBINED STRESSES ENG. DEPT. L.G. 


DP 49, An anchor hoU carries an initial tension of 12y000§ and a shear of 8000 jf. Select 
a diaineter such that the combined tension mil not exceed 24^000 and the com- 
bined shear mil not exceed IdyOOOfj u” . 

Trial diameter = 1.0'*; area = 0.7S6n". 

Unit direct stress^ s = 12fi00 4* 0.785 = 15yS00§ln". 

Unit cross shear {average)^ Ss — 8000 0.785 = 10y200jHu'\ 

Combined Stress: 


Mox.s, = - + ^-+». =-^+^ 
= 7650 + 12,750 = 20 , 400 #Id". 


4 - 10 , 200 ^ 


Max. St = 4“ S-x* = 


15,30(P 


4- 10,20(P = 12,750jfla". 


The 1" diameter is larger than needed, but a %" bolt would not serve. 

At the root of thread, the net tension is 12,000 0.55 = 21,800^1 n” . 

If the bolt undergoes flexure, s* might more properly be taken as the maximum 
beam shear on a circular section, which is 3^ larger than the average unit shear. 


DPSO, A beam web near the flange is stressed to t4fl00§ln" in horizontal compression 
and to 7000 §/ □" in vertical and horizontal shear. Can a vertical load be placed 
. on the beam that unll stress the web in compression in a vet Heal direction to 
8000 ^ I q" urithout exceeding a permissible combined compression of 20, OOOf j d' I 

Combined Stress: Equations {18) and {22). 


Max. Sn = H(si 4- S 2 ) ± 


(Si — 82)^ 


- -11,000 - 7600 = -18,600§la" 
{when Si — — 14 , 000 , and S 2 = —8000). 

Without the vertical load, the combined compres- 


8 8* 


(s being — 14 , 000 ) 


{- 14,000)^ 


, .s.- -ffooo 

L_^ Sr-7(P00 


-f 7000^ = -7000 - 9900 


= -16,900§ln", 

The matimum shear in either case is the value of the radical, i.e., 7600iln'‘ 
with the vertical load and 9900§/n" without it. 

Remarks: The design is satisfactory and the vertical load may be carried safely. 
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de^ of a main member. A determination of the maximum tension and of the iTm.YimiiTr^ 
shear is the only safe procedure. 

Beam Study, DP50. The design problem DP50 shows how the combination of 
stresses may properly influence the selection of a beam for special loadings. The addition 
of a vertical load on the top flange is shown to increase the diagonal compression in the 
web from 16,900 to 18,600 lb. per sq. in. It is interesting that this same load application 
happens to reduce the web shear at the point under consideration from 9900 to 7600 lb. 
per sq. in. Of course, eilher combined shear is greater than the applied shear of 7000 lb. 
per sq. in. It is to be noted that beam design does not ordinarily make use of combined 
stress calculations. Nevertheless, if unusual loads are to bo considered, a study of the 
combined stresses will be the designer’s best approach to conservative design. 


Bearing Stresses 


154. Stress Concentrations at Loads. The application of a perfectly 
concentrated load to a struidure is a physical impossibility since there 
is always some small finite area of contact. The theory of elasticity 
assumes that point concentrations can exist. The results obtained are 
essentially correct at a very small distance away from the load where 
plastic yielding does not occur. The cases to be studied will be the usual 
ones of concentrated and distributed loads on semi-infinite flat areas 
and the case of bearing pressure between a ball or roller and a flat plate. 
The formulas given are from Theory of Elasticity, S. Timoshenko, 1934. 


Case 1. Line Loads on a Flat 
Surface. The radial compressive 
stress at A at any distance R 
from the load line is expressed as 


(24) 


Se = 


2p cos 0 
ttH 


This equation holds for any in- 
clination of the line loa\..ing, even 
when it is tangential to the surface. 



In each case the angle 6, however, is 


measured from the direction of the applied loading. 


Case 2. Uniform Load of PUL Wkith. The direct stress immediately 



underneath the load, of course, is 
the same as the loading or xv lb. 
per sq. in. At any point A below 
the load, the maximum compres- 
sive stress directed along the bi- 
sector of the angle d is 

w 

(25) 5 ^ ss - gin e). 
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The maximum unit shear at A becomes 


(26) 


w sin 0 

8t = 

ir 


Case 3. Load Applied through Rigid Block. The deflection is taken to 
be constant at all points under the load. The important stress at the 
surface of contact may be expressed as 


(27) 


8e = 



This stress becomes infinite along the outer edges of the rigid block (when 
X = a). Along these lines plastic flow will occur. 



]N 



Case 4. Circular Area of Contact on Face of Large Thick Plate. A imi- 
form pressure of w lb. per sq. in. over a circle of radius R gives rise to a 
maximum shear of 0.33ii; at 0.64i2 below the center of the loaded area. 
A total load W applied through a circular punch (rivet punch) of radius 
R gives rise to a contact stress of 

W 

(28) 5c- 7=- 

2TrRWR^ - X* 


In this equation, x is the radius to the point considered, and x < R. The 
minimum bearing pressure at the center of the die is one half of the aver- 
age unit pressure. 

Case 5. Bearing Roller on Flat Plate. The value of Poisson^s ratio will 
be taken as 0.3 for steel. For Fig. 141 the maximum contact pressure then 
becomes 


(29) 



The value of R is the radius of the roller. The maximum shearing luiit 
stress is approximately 0.3sc» 
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Case 6. Bearing Between RoUers or Rockers. Again, the value of 
Poisson’s ratio is taken as 0.3. The following formula expresses the maxi- 
mum value of the bearing pressure in Fig. 142 : 


(30) 


s. = 0.418 


yjpE 


Ri -f“ R2 
R1R2 


If the case is that of a roller bearing in a cir- 
cular groove or channel, the 
value of Ri (radius of groove) 
must be preceded by the minus 
sign. Then, cancellation gives 


A 

/ Kfe 



(31) 8c = 0.418 \^pE 


■sjp 



, Ri — Ri , 
R1R2 


Fig. 141. 

Roller Bearing. 


TwrrfTt 

V 

Fig. 142. 

Double Rockers. 


Case 7. Bearing Pressure of Ball on Flat Plate, For 
a value of Poisson’s ratio of 0.3 and a total load of W, 
the maximum unit bearing pressure becomes 


(32) 


Se = 0.388 


WE^ 
R^ ’ 


The value of R is the radius of the ball. 


155. Bearing Design. Examples DP51, DP52, DP53. These illustrative examples 
show how to apply the bearing formulas given in § 154 to actual design problems. The 
knife-edge problem, is used to illustrate the high stresses involved when it is 

necessary to carry a heavy load on a narrow steel bearing, ’’rhe edge is assumed to be 
'ground to a radius of Jdo in* and even then the bearing must be made of high carbon steel 
to carry the small load of 50 lb. per lineal in. Again, in example /)P52 we find that a 6-in. 
roller will only carry a load of 230 lb. per lineal in. when the bearing pressure is limited to 
20,000 lb. per sip in. 

It will be interesting to compare the design of 72-in. rockers obtained in DP53 with 
the requirements of the AREA specifications for metal having an elastic limit of 27,000 
lb. per sq. in. (fepec. 104 .) W e must introduce a factor 2 to allow for the fact that 
both bearing surfaces are curved. Compare equations (29) and (30). Thus we obtain 


from which 


p ^rm 


27,000 - 13,000\ 
^ 20,000 X 2 / 


600d, 



24 in. (72 in. in DP53) 


This example poir '.,8 out clearly the extreme conservatism involved in the use of bearing 
formulas derived oy the mathematical theory of elasticity. This theory always gives the 
maximum poire or line stress which may cover such a minute area that it is not a very 
serious factor in design. A slight flow will relieve this stress in most instances. It becomes 
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DPSl, A knife-edge hearing of a test ing machine carries a load of SO lb. per lineal in. If 
the knife edge is in reaHltj rounded to a radius of what elastic limit must be 
prorided for a safety factor of d.O/ 




Equation (^. 9 ) 5 , 


V SO X S0f)0G,000 „ 

== 

For a factor of safety of ^.O the minimum elastic limit should he lOOfiOOjf/d 
which may be obtained with high carbon steel. 


DPS2. Find the allowable load on a 6” roller {12'' long) bearing on a thick steel plate 
when 8r is limited to 20^000§lo". 


Equation {29) Sc = O.4I8 


20,000 - 0.418 


fp X 80,000,000 

20,000 - o. 4 i 8 \r ^ ^ — • 

\ 8.0 

/ 20,000 \2 

^ " \()4tH X 316o) ~ 

Total W = 13 X 230 = 27601 


DP 53, Two cast steel rockers 12" long must carry a total hearing load of 60,000§. Find 
the radius to which the bearing surfaces of the rockers must be turned if th( 
maximum bearing pressure is limited to 27 ,fXX)jf / n" . 


p = 60,000 ^ 12 = 5000§/". 


Equation {SO) Sg = O.4I8 \^pE 


When Ri = R2, Sc — O.4I8 • 


Ri -j- R2 


Hence, 27,000 - O.4I8 


/o.4i8y 

R = 800,000,000,000 ( — — ) = 72". 

\27,000j 


2 X SOOO X 30,(XX),a)0 



A 7 

\ / 

\ / 

V 1 


Kemarks: The required radius by AREA spec, is 24"; § 166. 
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significant, however, when repetition can produce fatigue cracks that actually start in 
just such limited areas. Only rapidly moving bearings would need to be designed to meet 
the conservative procedure of DP53. 

Plate Design 

156. Theory of Plate Stresses. The plate or slab Ls a structure that 
resists bending in more than one direction. Like beams, plates may have 
simply supported or fixed edges. We will give the stress formulas to cover 
both types of support for circular and rectangular plates uniformly loadc'd. 
These data come from the writings of S. Timoshenko; additional cases 
may be studied in his Theory of Elasticity or in Applied Elasticity by 
Timoshenko and Lesscls. Also see Stress and Strain^ R. J. Roark. 

Case 1. Circular Plate — Uniform Load — Simply Supported Edges, 
The maximum stress occurs at the center. If W is the total load, t is the 
plate thickness and jx is Poisson's ratio, we may write ^ 

(33) Max. 6- - ^ (3 + m). 


Case 2. Circular Plate — Uniform Load — Clamped or Fixed Edges, 
Although fixed edges are seldom exactly achieved, practical conditions 
may approach this ideal. The maximum stress occurs at the edge in a 
radial direction. This stress is 


(34) 


Max. s = 


.W 

lirP 


The tangential stress at the edge is 
(35) s 


3Wn 

47r<2 


Case 3. Rectangular Plate — Uniform Load — Simply Supported Edges, 
In his book Formulas for Stress and Strain, R. J. Roark has expressed the 
maximum stress in convenient form. The load per unit of area is w, the 
shorter span is 6, the thickness of the slab is t, and the ratio n is h/a, the 
shorter span divided by the longer, Poisson’s ratio is taken as 0.3 to obtain 


(36) 


Max. s = 




4/Hl + 1.61a*) 


For a square plate we may write 
(37) Max. s 


0.2H7u>5^ 


Case 4. Rectangular Plate — Uniform Load — Clamped or Fixed Edges 
The maximum stress occurs at the center of the long edge. It is expressed 
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by the equation 

(38) 


Max. s = 


wh^ 

2V^(l + 0.623n«) ’ 


For a square plate we obtain 

(39) Max. s 


O.ZOSwh^ 


This stress is greater than the stress in the same plate when simply sup- 
ported. At the center of the short edge the stress is approximately 


(40) 


8 


wb^ 


At the center of the plate the controlling stress is 

® “ 4«»(3 + in*) ’ 

157. Plate Design. Examples DPbby DP5^. Circular plates occur as ends 

to pressure drums, cylinders, and tanks, and also as manhole covers. When flat ends are 
designed less conservatively than in DP54, they will still carry the load but there may be 
noticeable bulging. The bulging produces a domed head, thereby developing direct 
stresses that aid in reducing the flexural moment. Ordinary design properly does not 
depend upon such inelastic deformation. 

Cast iron floor plates and manhole covers must be designed for flexural resistance at 
relatively low working stresses. The example DP55 shows the proper procedure. 
Ribbed plates are common and they may be designed to provide the same moment 
resistance (that is, moment of inertia divided by extreme fiber distance) as the solid plate. 
The ribs should be placed in compression since the larger area (for cast iron) is needed at 
the tension fiber. 

The battledeck floor designed in DP56 is a satisfactory floor, particularly for ware- 
house use. It carries heavy loads well, but it is slippery unless covered. Note also that 
it is not fireproof. It becomes evident in the design that the plate is stressed nearly to 
the same amount whether the edges are simply supported or clamped. 


Buckling of Plates 

158. Buckling of Flange and Web Plates. The possible buckling of 
the flange plates and web plates of girders or of the cover plates and 
diaphragms of compression members is a very important consideration. 
These matters are studied in detail by S. Timoshenko in his Theory of Elastic 
Stability, A few of the simpler results obtained there will be given below. 
Reference should be made to the original source for other edge conditions 
and for special studies of stiffened plates. 

General Formula Defining Critiad Buckling Stress. We will give in 
general terms the expression for the critical unit stress that starts buck- 
ling and then we will need tables of constants fc that apply for special 
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DPS4, The flat plate in the end of a pressure drum miLst resist an internal pressure of 
lOOfIn''. The drum is 10" in diameter. Consider the plate to have fixed edges 
and obtain its thickness for a maximum stress of 22flOO-jH 

, , SW 
Equation {34) s = - — - • 

4'irt^ 


HencCf 


t = 



l 3{100 Xtt X 25) 
47r X 22,000 


DPSS. A cast iron floor plate covers an opening 30" X ^0". It carries a load of 14^ fin' 
or If In" nearly. What should be the thickness to hold the tensile stress down to 
10,000fln"? 

3wb^ 

Equation {36) s = » 


10,000 = 


4H1 + l.OM) 

3 XI X30^ 

4t\l + 1.61 X 0.6^) ' 


From which. 


\ 40,000 X l.So 



(a) P/an (b) Secfion 


DPS6. A battledeck floor plate spans 6' between stringers and 10' between floor beams. 
If the design load is 200fln' and the working stress is 20,000fld\ find the plaie 
thickness. Since the edges are continuous but neither free nor fixed, we will use an 
average thickness between those given by equations {36) and {38). 

I iSob* 

E^ion (36) t = Vi5;^(/ +T6^ 

= 0 . 40 ". 

I whi _ / 1.39 X 

40 , 000(1 +0.6’«Sn«) ~ \ 40 , 000 ( 1 . 01 )' 

= 0.3S". 


Equation {38) t = 
Use a %" plate. 



DESIGN SHEET 51 



DS52 BUCKLING OF GIRDER WEB ENG. DEPT. L.G. 


DPS7. Determine the factor of safety against weh wrinkling that exists in a plate girder 
where h/t = 170, The stiffeners form square panels. 

Actual shear = GOOOf/a". 

Allowable fiber stress — 20fiO0^lu” . 

For shear alonCy the critical stress is deter- !-■ ^ 

mined for a value of k of 9.4 as shown by y r 

Case 5 of Table 25. X ^ -- X f 


1* tv 

1J(1 - m2) \hj A, . i 

o.J, X ^./.r X 3n,no(),()Oo J ! ~ 

13(1 - 0.00)170"- ^ — - J~ 

= SS301 

Actual shear 9000 

= = 0 . 68 . 

Critical shear 8830 

Then, for flexure, when Sa/s, cr. = 0.7, we obtain a value of k of 17. 
Table 25.) 

Hence, the critical flexural stress is 

^ 17X3.1.r- , XSO.Oa> , ^ ^ 

U{1 - 0.09)170^- 


(Case 6, 


- i6,oa.)ifiD". 



Remarks: If the flange fiber stress reaches the allowable of 20,000§ln'\ the maximum 
web stress unit jyrobably exceed 16,000§/n" somewhat. However, the fact should be 
considered that the flanges tend to fix the web plate along two edges. This restraint 
increases the critical stress considerably. This may explain the fowl that the critical 
shear found here {8830) is so much lower than the allowable of 13,000 permitted by 
AISC specifications. 
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stresses, particular loadings, and different edge conditions. The general for- 
mula for the critical stress is 

“ 12(1 -'vAb) ■ 

In this formula is Poisson\s ratio, which will usually be taken as 0.3, t is 
the thickness of plate, and h is the length of the loaded edge. The critical 
stress may be an axial compressive stress, a flexural stress, or a shearing 
stress. The same formula controls all three types of critical stresses. 
The values of k vary with the edge condition and also with the plate 
shape, or with a/h (sec Table 25). In the special case of flexure combined 
with shear, the critical shearing unit stress is first determined (Case 5) 
and the ratio of the actual unit shearing stress to this critical unit shearing 
stress is evaluated. From this ratio we can select the new value of k (Case 
0 from Table 25) which defines the critical flexural stress. In each case, 
of course, we must finally introduce a factor of safety of about 2.0 to de- 
termine the allowable stress. 

Stress Concentration 

159. Influence of Stress Raisers. It has been shown by the theory of 
elasticity that changes of cross-section, holes, and all other discontinuities 
increase stresses greatly. On the other hand, a slight plastic flow will 
usually reduce or even eliminate tlu'se stress concentrations. However, it 
is well for the structural engineer to be acquainted with theoretical upper 
limits of stress for he will need to consider this influence when repeated 
stresses are involved. 

Stress Increase at a Hole. A simple punched or drilled hole is a stress 
raiser of serious proportions. 

Case 1. Simple tension or com pression member, 

P 

(43) Smax. = 3.S = 3 — • 

The stress distribution on the net section is illustrated by 
Fig. 143. 

Case 2. Equal biaxial stresses — both tension or both com- 
pression. 

(44) Smax. “ 2.*?. 

Case 3. Equal biaxial stresses — one tension ami one corn- 
pression. 

(45) Smax. ~ 4s. 

Comer Fillet as a Stress Reducer, For the special 
case of an angle where the ratio of leg length to thick- 


I I I I I I I I I I I I I 




^mox'^A 


Fig, 143. Stress on 
Net Section of 
Plate. 
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TABLE 25 

Coefficients for Critical Buckling Stress* 



o 






♦ 

simple , 
Supports 


1- 2 ^ 


3 

Clomped 

^ Simple ^ 
Supports 
Clomped 



-I ^ B 1 

1 


3 

Free 

^ Simple „ 

Supports 
Clamped 



Case 1 

where compressive stress is critical 
a/6 0.2 0.3 0.4 0.6 0.6 0.7 

k 27.0 13.2 8.41 6.25 6.14 4.53 
a/6 0.8 0.9 1.0 1.1 1.2 1.3 1.4 

k 4.2 4.04 4.0 4.04 4.13 4.28 4.47 


Case 2 

where compressive stress is critical 
a/6 0.4 0.5 0.6 0.7 0.8 0.9 1.0 
k 9.44 7 69 7.05 7.00 7.29 7.83 7.69 


Case 3 

where compressive stress is critical 
a/6 1.0 1.1 1.2 1.3 1.4 1.5 1.6 1.7 

k 1.70 1.56 1.47 1.41 1.36 1.34 1.33 1.33 

a/6 1.8 1.9 2.0 2.2 2.4 

k 1.34 1.36 1.38 1.45 1.47 


1 - 


Case 4 



\ 

♦ " 

^ Simp/e ^ 

t 1 

Supports 



♦ JL 


where bending stress is critical 
a/6 0.4 0.5 0.6 0.67 0.75 0.8 0.9 1.0 

k 29.1 25.6 24.1 23.9 24.1 24.4 25.6 26.6 
a/6 1.5 
k 24.1 


Case 5 


where shear is critical 


0/6 

1.0 

1.2 

1.4 

1.5 

1.6 

1.8 

2.0 

k 

9.4 

8.0 

7.3 

7.1 

7.0 

6.8 

6.6 

a/b 

2.5 

3.0 






k 

6.3 

6.1 







I- 


o 





♦ f 

. S/mpfe , ♦ 
Supports ♦ 



f 


Case 6 

where bending stress is critical for values of 
a/6 > 0.6 < 1.0 

«,/s. cr. 0.0 0.2 0.3 0.4 0.5 0.6 0.7 

k 26.0 25.0 24.0 23.0 22.0 20.0 17.0 

«,/«* cr. 0.8 0.9 1.0 

k 14.0 10.0 0.0 

Values of k are approximate but satisfactory for 
comparison. The critical value of the unit shear 
(«« cr.) is obtained from Case 5. 


» See Theory of EUtatic Stability, S. Timoshenko, 1936 ed. 

In some cases m » 0.25 has been used in computing k and in other cases y, ^ O X How- 
ever, the influence of y is not great enough to make this discrepancy serious. 
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ness was 5.5, Roark, Hartenberg, and Williams* report the following fac- 
tors of flexural stress concentration determined experimentally for vary- 
ing fillet radii (see Fig. 144). 

R 

- = 0.125 0.15 0.20 0.25 0.30 0.40 0.50 0.70 1.00 

t 

k = 2.50 2.30 2.03 1.88 1.70 1.63 1.40 1.26 1.20 

In other words, the comer stress varies from 1.2 to 2.5 
times the stress calculated by the flexure formula and 
decreases as the radius of fillet is increased. 


Torsion of Beam Sections 



160. Beam Stresses Produced by Torsion. Torsion of 
rolled beams produces shear directly and flexure seconda- 
rily. Since the beam will also be carrying loads that pro- 
duce bending moment, it will already be resisting web shear 
and flange stresses. The combined flange or web stresses control the 
design. 

Flange Flexure, The illustration Fig, 145 shows how lateral flange re- 
actions are developed by torsion. These reactions occur at the ends of 

the span. If h is the depth be- 
tween the centroids of the flanges, 
we may write 

(46) R = (T = Pe, Mg. 145). 

Evidently, the reaction R occurs 
at each end of the span. The 
corresponding distributed lateral 
flange loading (taken as uniform) 
will be found by dividing the end 
reaction by one half of the span. 

^Reactions R Occur at Each End of Beam, 



Fig. 144. 
Fillet as a 
Stress 
Reducer. 


Fig. 145. Lateral Forces Caused by 

Torsion. (47) 


w 


T 

Lh 


In this expression, w is the lateral load per foot i*cting on either flange. 
We may designate the flange thickness by E and its width by b. Then its 
section modulus is l/6tV and its fiber stress produced by torsion will be 

* Engineering Experiment Station Bulletin, No. 84, University of Wisconsin, 1938. Also, 
see Stress and Strain, R. J. Roark, McGraw-Hill, 1938. 
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approximately 

(48) 


yrh 

/toreion - ^ - ^,^ 2 ' 


This fiber stress is to be added directly to the flexural fiber stress / caused 
by bending.* 

Web and Flange Shear. An approximate method of analysis devised 
by W. B. Campbell may be vuscd for 1 -beam.s and wide flange beams. The 
general formulas are 


(49) 


Tl 

= — for the web shear, 


and 

(50) 


Th 


for the flange shear. 


In these formulas the value of J may be found from the expression 
(51) J = OAdi^ -h 0.8 /iH5 - 0. 

As elsewhere, t is the web thickness, h the average flange thickness, h the 
flange width, and d the depth of the beam. When the unit web shear is 
found by the aid of formula (49), it is to be added 
to the web shear at the juncture with the flange as 
found from the VQ/ft (or V/ht) formula. The 
flange shear fi*om toreion (equation 50) is not in- 
creas('d appreciably by the shear that accompanies 
flexiii’e, which is always small for tin? flange. 

161 . Torsional Center for a Channel. A channel 
loaded along its upper flange acrtually twist, ^ iis it 
deflects. In order to avoid such torsion or to (wal- 
uate its effect, we must locates the torsional c('nter 
through which a load can be applied without 
twisting the section. According to Seely, this 



Fig. 


146. Elimination 

OF T 0 R.SION. 


eccentric distance is approximately 


(52) 




1 + 


QAf 


In this formula, 61 is the extension of the flange beyond the web, is the 
web area, and A / is the area of one flange. See Fig. 146. 

* Equation (48) applies only to beams with end connentions that will resist to^rque. The 
wind connections of building frames provide such resistance. Th(! flange stress will be smaller 
for beams with light end connections, but the distortions and the web stresses will be increased. 
However, formulas (47) to (.51) are conservative in most instances. See Transactions, ASCB. 
1936, paper by Lyse and Johnson. 
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162. Design for Torsion. Examples DP58, DA59. The example DP58 illustrates 
the method of checking a wide flange beam section for its resistance to both torsion and 
direct flexure. It is important to note that under torsion the maximum shearing stress 
may be in the flange instead of the web. The problem />P50 shows rather clearly the 
serious eccentricity of load that will occair when a load is applied centrally to the flange 
of a standard channel. We would find a high flange stress if we applied equation (48) to 
such a case. 


PROBLEMS 

182. A 21WF50 section is stressed to 20,000 lb. i)er sq. in. at the extreme fiber and 
has an average web shear of 10,000 lb. per stp in. Find the maximum direct stress and 
maximum shear at the juncture of web and flange which is 13^ in. from the extreme fiber. 

A ns. 22,100 and 18,300 lb. per sq. in. 

183. Obtain the information of Problem 182 for four points nctween the neutral axis 
and the flange and plot curves for maximum direct stress and for maximum shear. 

184. Design an anchor rod at A ISC working stresses to resist a tension of 40,000 lb. 

and a cross shear of 10,000 lb. There are no threads. A ns. l^^i-in. diam. 

185. A knife-edge bearing carries a load of 200 lb. per lineal in. The safe bearing 
value is 200, (K)0 lb. per s(i. in. Find the radius to which the edge must be rounded. 

Ans. 0.026 in. 

186. Select bridge rollers by AHHA .specifications and working .str(»sses to carry a 
total end reaction of 300,000 lb. Then check your design by the tlu'ory of elasticity. 

187. A cast iron cover plate for a circular floor opening is 48 in. in diameter and 

carries a total uniform load of 175 lb. per s(|. ft. Determine its thickne.ss for a tension 
working stress of 12,000 lb. per .sq. in. Edges are simply supported. Repeat for clamped 
edges. Ans. 0.27 in., 0.21 in. 

188. Select a battledeck floor plate to .span 6 ft. between floor joists and 18 ft. be- 
tween floor girders by use of A I SC working .stresses. Edges may be considered clamped 
since they are welded to the beams. 'Fhe load is 100 lb. per sq. ft. 

Ans. 0.3 in., use plate. 

189. The cover plate for a column is supposed to have a thickness of VJo times the 
distance between rivets if it is to be stressed to 17,000 lb. per sq. in. Determine the criti- 
cal buckling stress if the panel shape factor a h is 1.0. (lase 2, Table 2.a is applicable. 

.1 ns. 1 30,000 lb. per sq. in. 

190. Repeat DPIu for h i = 160, actual shear of 5000 ib. per stp in., allowable fiber 
stress of 18,000 lb. per se[. in., and ju -- 0.25. 

191. Find the radius of weld fillet at a right angle corner that will reduce the flexural 

stress concentration to about 25 per cent. The plates to be joined by welding are of 2-in. 
thickness. Ans. 1.4 in. 

192. Locate the torsional center for the 18-in., 42.7-lb. channel. 

Ans. in, behind web. 

193. Load an 18-in., 45.8-lb. channel as a beam on a span of 18 ft. so that its flexural 
stress from ordinary bending wull bo 12,000 lb. per stp in. The load is uniformly dis- 
tributed. Determine the combined fiber stre.ss if the load position is in line with the 
center of the web. Equaticn (48) is applicable. Use an average flange thickness for 

163. Applicability of Theoretical Formulas. The use of theoretical 
formulas given in this chapter must be tempered by a knowledge of test 
results. When stresses combine into a maximum stress or a maximum 
shear, we normally expect to let this theoretical maximum condition con- 
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DPSS. A 12WFS6 beam section with heavy end connections undergoes a flexural moment 
of 460y000"§ and a torsional moment of 20^000” §. The vertical shear is lOjOOOf, 
Check this section by A I SC spedflcations and select another if it is unsatisfactory. 
The beam spans 18^-0” . 


Beam Stresses: 


Flexural stress — 


450,000 


9800§ln'\ 


to, 000 

Average unit iveh shear — = 26S0i/o''. 

0.305 X 12.24 

Torsion Stresses: 

Equation {51) J = 0.4dt^ -f 0.8{t\)\h — 0 

= 0.4 X 12.24 X 0.805^ -f 0.8 X 0.54\6 26) 
= OA 4 0.79 = 0.98. 


Web shear from torsion, Equation {49) 

Tt 20,000 X 0.805 
" ~ J ~ 0.98 


65fU)§/ir. 


Total web shear -= 2680 + 6560 = 9240§/d'\ 

, . Th 20,000 X 0.5/, , , 

tlange shear from torsion — — = = ll,600§/n . 


„ ,,,, ^ STL 8 X 20,000 X 18 X 12 

Equation {48) f torsion — — 

H Jjtr 4 X 11.7 X 0.54 X 6.56^ 

- 12,000§/d'. 

Total fiber stress = 9800 + 12,000 = 21,800jfin". 

Since this stress is more than 20,000, the 12WF40 section will be used. Its 
under flange will effectively reduce torsion stresses. 


DP 59, Locate the torsional center for a 15''S3.9§ channel. 
Equation {52) 

<A 

I+Al I + 

6Af 6X1.95 


Torsion 
Center ^ 



Distance from back of flange to load point — 0.99 — '* 

0.2 ^ 0.79' \ {Web thickness ^ 0 . 40 ".) A load applied j 

at the center of the flange would have a torsional lever arm 

of 0.79 + 1.70 -- 2 . 49 ". ' 

Remarks: If loaded centrally and not provided with lateral restraint, the channel would 
be seriously stressed by torsion. 
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trol the design. The only escape from this necessity is in a few instances 
where the existence of such combined stresses is allowed for by a reduced 
working stress. Thus the allowable rivet shear reflects the knowledge that 
hot driven rivets resist initial tension and that the combined shear is 
greater than the average unit shear. 

Bearing stresses found by theoretical analysis are point or line stresses 
that may not be very significant when the load is not repeated rapidly. 
In machinery design, .such highly localized .stresses may result in ultimate 
failure. This observation also applies to .stress concentrations at holes 
and at changes of cross-section as well. The neglect of high localized 
stresses presupposes a slight pla.stic flow which is only permissible if the 
load is static or is repeated infrequently. 

Theoretical formulas for plate stresses are a good guide to design. Of 
course, the maximum stress occurs only at a point or along a line, but this 
stress is not reduced greatly at a short distance away. It is therefore a 
significant stress. The buckling formulas for plates arc as logical as the 
Euler formula for columns. They apply properly to thin plates but not 
to thick ones. The web of a plate girder may have a depth-thickness 
ratio of 170 which is equivalent to an L/r value of 590, for comparison 
with limitations on column formulas. 

Torsion of structural sections has long been neglected in design. The 
theoretical formulas presented here are approximate because the actual 
coefficients of rolled sections are quite complex, but nevertheless, the re- 
sults are useful. The illustrative problems show that torsion may be a 
serious factor in producing beam failures. Design including the effect of 
torsion need not be particularly difficult or tedious. 
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DESIGN OF PLATE GIRDERS 

164. Plate Girders for Use in Buildings. Whore heavy loads must be 
carried for spans above 40 ft. and for nearly all spans over 60 ft., it will 
be found that the largest rolled girder sections are usually too small. 
Hence, a built-up girder or a truss must be used. The designer has the 
choice of welded or riv(4ed construction. The welded girder is quite com- 
mon for use in buildings. Its use in bridge design has been delayed by a 
lack of information about the impact resistance of weld metal. Tests have 
demonstrated that the proper kinds of welds do possess excc'llent resistance 
to impact. We can expc'ct, therefore, that welded bridges will b(*come as 
common as riveted ones. 



Courtesy C. M. St. P. & P. R.R. Co, 

Fig. 147. Attractive Plate-Girder Bridge. 

Th^ weight of a welded girder is considerably less than the weight of 
a riveted girder (about 15 per cent less). The reduction in weight comes 
from the following changes: 

1. The full gross area of the tension flange is available, while rivet 
holes must be deducted from the tension flange of a riveted girder.* 

2. One sixth of the web area may be considered as a part of each 
flange. This allowance is but one eighth for a riveted girder because of 
rivet holes in the web. 

♦ Recent specifications for building girders {AISC, given in § 215) do not require the de- 
duction of rivet holes. It remains to be seen whether this specification is accepted by all 
authorities. 
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3. The effective depth of a welded girder ls greater than the effective 
depth for a riveted girder becaase the center of gravity of the flange is not 
lowered by down-turned angle legs. The flange may consist of plates only. 

4. Stiffener plates are used in place of stiffener angles so that the 
weight of the angle legs in contact with the web is saved. 

5. There is no need for filler plates under the stiffener angles, as used 
in riveted girders. 

Plate-Girder Theory, Since the basic, assumptions and the theory of 
plate-girder design have been discaLssed in detail in Chapter 6 of Vol. 1, 
Theory of Modern Steel Structures, the reader is merely referred to that 
source for such background information. The theory of the plate girder 
is also presented in other standard textbooks. 

Welded Girder 

165. Design of a Welded Building Girder. 

Problem. A welded girder is to be designed to carry a concentrated 
load plus a uniform load. These are static loads obtained from heavy 
equipment placed in an industrial building. The ends of the girder are 
supported on concrete pilasters. The compression flange is supported 
laterally against buckling. 

Data. 

Span = 50 ft.-O in. 

Depth. Not limited. 

Concentrated center load = 67,000 lb. 

Uniform load = 2750 lb. per ft. not including the weight of the girder. 

Impact. No allowance for impact. 

Working Strefisea, 

Flexure. 20,000 lb. per sq. in. where flanges are supported laterally. 

Fillet welds. 13,600 lb. per sq. in. shear on throat (special welding). 

Specifications. 

AISC specifications for Buildings, § 215, p. 396. 

AWS Code for Fusion Welding in Buildings, § 217, p. 420. 

165a. Design of the Web and Stiffeners. 

Depth of girder. Taken at Yio of the span or 5 ft.-O in. 

Web depth = 58 in. (Economical depths range from to K 2 of the span.) 

The weight of the girder is estimated at 200 lb. per ft. 

End shear = (67,000 ^ 2) -f (25 X 2950) = 107,3001b. 

Web thickness = 107,300 (13,000 X 58) = 0.143. (Spec. 10.) 

Minimum web thickness = 58 -i- 170 = 0.34. (Spec. 42.) Use ^'^-in. web. 

Unit web shear = 107,300 -r- (58 X 0.375) = 4930 lb. per sq. in. 

Need for Stiffeners. If h/t is equal to or greater than 70, intermediate stiffeners are 

required wherever h/t exceeds 8000/ V7,. 

Near the reaction point, 8000/ = 8000 4- V4930 = 114. (Spec. 45.) 

Value of /i/< =» 58 4- 0.375 = 155. Hence, stiffeners are needed. 



270 


DESIGN OF MODERN STEEL STRUCTURES 


Stiffener spacing 


(Spec. 45) 

Ss yi h 


270,000 X 0.375 __ 


4930 


= 65 in. 


Stiffeners will be placed at 58-in. spacing which is the clear depth of the web. They will 
be used throughout the length of the span. 

Stiffener plates for girders of ordinary depth should be made about as wide in inches 
as the depth of the girder in feet. Accordingly, 5* in. stiffener plates will be used. The 
thickness will be made >12 of the width to meet Spec. 17 conservatively, or, ^ = 5^2 = 
0.415 in. Use 5 X plates placed in pairs on opposite sides of the web. See 

Fig. 148 for details. 



Strength of Stiffener Welds. At 13,600 lb. per sq. in. on the throat, the value of a fillet 
weld in Hshear or tension is 1200 lb. per lineal in. per H in. of fillet. This means that a 
546-in. weld has a value of 3000 lb. per lineal in., a 5^^-in. weld has a value of 3600 lb., 
etc. Intermittent w’elds are used where the full length of fillet is not required. The 
minimum intermittent length of weld is 2 in. and these 2-in. welds should not be spaced 
more than 4 in. in the clear. 

Welding stiffeners to web. It has been common practice to rivet stiffener angles to 
the web with 54-in. rivets at about 5-in. centers. A 54-in. rivet in double bearing on a 
54-in. web has a value of 11,200 lb. Four }4-in. fillet welds will be used in connecting 
each pair of stiffener plates to the web. These welds have a value of 4 X 2400 = 9600 
lb. per lineal in. The equivalent of the rivet strength requirement is 1.4 in. of weld in 
6 in., but the minimum intermittent weld of 2 in. of fillet in each 6-in. length will be used. 

End Stiffeners. The reaction to be transferred into the web is 107,300 lb. The 
stiffeners act as a column whose height is usually taken at one half of the depth of the 
web. This is a stiff short column for which the allowable stress is nearly the maximum 
of 17,000 lb. per sq. in.; 107,300 -r- 17,000 = 6.32 sq. in. of area. It is wise to furnish 
about 54 of this area or 4.2 sq. in. in one pair of end stiffeners because it is not unlikely 
that one pair wrill receive more than one half of the total reaction. (An even distribu- 
tion of end reaction could only be obtained by use of a pin connected end bearing.) Use 
two pairs of intermediate stiffeners as end stiffeners. The area furnished by each pair 
is 4.38 sq. in. Place the end stiffener plates not more than 6 in. apart. 

Welding end stiffeners to web. A reaction equal to 54 X 107,300 lb. or 71,600 lb. 
must be transferred into the web by one pair of stiffeners. The length of 54-in. weld 
required is 71,600 - 5 - 2400 = 30 in. The length furnished by 4 intermittent welds 
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minimum size (J^-2-6) in the 58-in. depth of the web is 77 in. Accordingly, the weld 
used on the intermediate stiffener is also ample for the end stiffeners. 

Stiffeners under Concentrated Load. The stiffeners to be placed under the concen- 
trated load will also be two pairs of intermediate stiffeners. Since the inte»*mediate load 
is less than the end reaction, the arrangement of stiffeners used at the end reaction will be 
amply strong. These stiffeners should be spaced far enough apart to support the load 
properly. (See Fig. 149.) 

165b. Design of the Flange {assuming lateral support). 


Maximum moment 


= 


000 X 50 2950 X 50" 

4 8 


^ 12 = 21 , 100,1 


,000 in-lb. 


Approximate effective depth. Assumed as depth of web -|- 1 in. = 69 in. 
Flange area required = 21,100,000 (59 X 20,000) = 17.9 sq. in. 

Effective area of web = H X M X 58 — 3.6 sq. in. 

Area in flange plates = 17.9 — 3.6 = 14.3 sq. in. 


24WrQ4 



Fig. 149. Load Seat. Fig. 150. Cross-Section. 



Flange Section. Use one 14 X J^-in. flange plate and one 12 X M-m. cover plate. 
The gross area furnished is 14.75 sq. in. 

Gross moment of inertia. 

Web = K 2 X .58* X 0.375 = 6,100 in.^ 

14 X ys-in. plates = 2 X 8.75 X 29.31* = 7520 X 2 = 15,040 
12 X )4-in. plates = 2 X 6 0 X 29.87* = 5360 X 2 = 10,720 

Total I = 31,860 in.^ 

„ 21,100,000 X30.12 

True fiber stress = ^ = 19,900 lb. per sq. in. 

31,860 

The flange as selected above will be used. (See Fig. 150.) 
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Cvi-off Point of Cotter Plate. The net moment of inertia of the web and of the 14-in. 
plates is 21,140 in.^ The allowable moment is 


20,000 X 21,140 
29.62 


14,300,000 in-lb. 


The bending moment at the quarter point is 13,400,000 in-lb. The 12-in. cover plate 
could be cut off at that point but in Fig. 151 it is shown extending to the support. 

Flange Welds. The purpose of the flange welds is to resist the horizontal shear 

between web and flange or between com- 
ponent parts of the flange. The shear per 
lineal inch may be found by the exact 



formula, -y- , or 


by the approximate 
formula, V/h where 


V = total shear at the section, 

/ = gross moment (jf inertia of the 
cross-section, 

Q — stati(‘al moment about the neu- 
tral axis of the area of flange 
outside of the section on 
which shear is being calcu- 
lated, 

h == depth between top and bottom 
welds. 


Weld 


Shear = -y == 


and flange. 
(14.75 X 29.5) = 


betwcMiii web 
W,300 ^ 

31,860 

1400 lb. per lineal in. A ?{fi-in. intermit- 
tent weld 2 in. long, spaced 4 in. in the 
clear on each side of the web, produces a shear value of 2000 lb. per lineal in. This is 
ample resistance. Note that these calculations are changed if the cover platen is cut off 


at the quarter point. 

Weld between two flange plates. Shear = 


VQ __ 107,300(6 X 29.87) 
I ” 31,860 


= 604 lb. per 


lineal in. The minimum }^-in. intermittent weld of 2 in. length, spaced 4 in. in the clear, 
offers strength far in excess of the reciuireinent. 

Approximate formula. Note that the shear between flange and web as given by the 

107 300 

approximate formula is — = 1850 lb. per lineal in. This value is greater than the 

58 

exact shear of 1460 lb. and, accordingly, it would produce a safe design. The shear 

0 

between plates could be approximated as y — -- X 1850 = 750 lb. per lineal in., also a 


safe value. 

165c. Bearing for Concentrated Load. A short length of 10WF33 beam section 
makes an excellent bearing block for the concentrated load. This section is welded to the 
top flange and its web bears directly over the web of the girder while its flanges bear 
directly dver the stiffeners. The detail is shown in Fig. 149. 






Courtesy Eng. News-Record 


Fig. 152 . Welded Column Cap and Girder 
Connections. 


This rather complex welded connection formed a part of the sup- 
porting structure of the coal bunker for the Mercury Steam-Electric 
Station of the General Electric Company. A plate girder with 
welded stiffeners extends to the right. 
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Bearing Jar End Reaction, A sole plate 12 in. wide and 6 in. long will localize the 
bearing pressure and transmit it properly into the end stiffeners. Since the girder rests 
upon concrete, a bearing plate 16 in. X 12 in. is required to keep the bearing pressure 
bdow 600 lb. per sq. in. Plates 1 in. thick are ample because the cantilever extension of 
the base plate beyond the sole plate is only 3 in. The detail is shown in Fig. 151. 

Riveted Girder 

166. Design of a Riveted Girder. 

Problem. Redesign the girder designed in § 165 by changing to riveted 
construction. Follow AISC specifications but reduce effective section for 
rivet holes. 


Data, 

Span = 50 ft.-O in. 

Concentrated center load = 67,000 lb. 

Uniform load = 2750 lb. per ft. applied by a floor slab to the upper flange. 
Impact. No allowance for impact. 

Working Stresses. 

Follow AISC specifications, § 215, p. 396. 

166a. Design of the Web. 

Depth. Taken at Ho of the span or 5 ft.-O in. Angles placed 60.5 in. back to back. 
End shear = 107,300 lb. 

Web thickness. Minimum thickness where 6-in. angle legs are used is (GO — 1 1 .5) 
170 = 0.285. Use H 6-in. web. 

Web shear = 107,300 - 5 - (60 X 0.312) = 5750 lb. per sq. in. 

166b. Selection of Flange Section (assuming lateral support). 

Effective depth. Taken at depth of web or 60 in. 

Maximum moment = 21,100,000 in-lb. 

Required net area = 21,100,000 (20,000 X 60) = 17.6 sq. in. 

Area furnished by web = HX60XH6 = 2.34 sq. in. 

Net area of fiange = 17.6 — 2.34 = 15.26 sq. in. 



Angles. Use two 6 X 6 X H-in. angles. Deduct 
two H-ln. holes for %-iii. rivets from each angle. Net 
area = 9.75 sq. in. 

Cover plate. The net area to be furnished by the 
cover plate is 15.26 — 9.75 = 5.51 sq. in. A 14 X 
H-in. cover with two H-in. holes deducted furnishes 
a net area 6.12 sq. in. but a Ke-ln. cover is inade- 
quate. 

Cut-off Point for Cover Plate. With the cover cut off, 
the section is capable of resisting a moment of (17.6 — 
5.51) X 60 X 20,000 = 14,500,000 in-lb. The moment 
at the quarter point is 13,400,000 in-lb. and the cover 
plate will be cut off there. The more usual procedure 
is to plot the moment diagram and determine the 
location of the point where the bending moment is 
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14,500,000 in-lb. Then the cover is cut off at 1 ft. from this point toward the end of 
the beam. 

Checking Stress in Flange, The fiber stress in the flange will be checked by the com- 
putation of the net moment of inertia of the section. Rivet holes will be deducted from 
both the tension and compression flanges and the neutral axis will be retained at the 
mid-height. 

Moment of inertia of gross section. 

Web = H2 X 5^6 X 603 ^ 5 620 in.-* 

Angles about gravity axis = 80 

Angles transferred to N.A. = 5.75 X 4 X 28.63 = 18,800 

Cover plate about N.A. = 7 X 2 X 30.53 = 13,040 

Total gross I = 37,540 in.^ 

Moment of inertia of rivet holes. 

Web = 2 X X K6)(2.53 + 7 53 + 12.53 + 

17.53 ^ 22.53 + 27 . 752 ) = 980 in.^ 

Down-turned legs of angles = 4( X }^) X 
27.753 = 1350 

Out-turned legs and cover plate = 4(J| X 1) X 
30.253 = 3210 

5540 in.^ 

Net moment of inertia = 37,540 — 5540 = 32,000 in.^ 

^ Me 21,100,000 X 30.75 

Fiber stress. / = — = = 20,300 lb. per sq. in. 

1 o^iUUU 


Remarks. The reduction of gross moment of inertia by the moment of inertia of 
holes in both tension and compression sides of the beam may seem overly conservative. 
However, if holes are deducted from the tension flange only, the upward movement of 
the neutral axis must be considered, and the extreme fiber distance must be increased 
(c is increased about If the fiber stress be computed in this way, it will again be 

found to be approximately 20,000 lb. })er sq. in. The AISC specifications permit the 
entire neglect of rivet holes. (Spec. 41.) The corresponding maximum fiber stress 
based upon gross moment of inertia is only 17,300 lb. per sq. in. 

166c. Stiffeners. Standard stiffener angles for use with 6-in. flange angles are 
5 X 3 X 5"^ in. They are used in pairs on opposite sides of the web and are riveted to 
the web with %-in. rivets at 5-in. centers. Filler plates 3}^ X 3^ in. must be used 
between flange angles under the stiffeners or else the stiffener angles must be crimped 
around the flange angles. The practice of crimping stiffeners is considered objectionable. 

Maximum spacing of interior stiffeners. 


270,000f 3 


Sst/h ~ 


270,000 X 0.312 3/5750 X 0.312 


== 48.7 in. 


End Stiffeners. The end stiffeners act as a short column ; the required area is 107,300 
-r 17,000 = 6.32 sq. in. Two-thirds of this area should be furnished by one pair of 
stiffener angles since the bearing on the two pairs may not be equal. 6.32 X % = 4.22 
sq. in. Use 5 X 3 X Js-in. angles which furnish 5.72 sq. in. per pair. 

Bearing on outstanding angle leg. Only the outstanding leg can be in bearing on the 
flange angles. (Because of the curved fillet on the inside of the flange angles, the leg of 
the stiffener angle in contact wdth the web must be cut short.) Bearing stress = X 
107,300 + (9.25 X 0.375) = 20,700 lb. per sq. in., which is quite low. 
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Rivets to web. The rivets connecting the end stiffener angles to the web must trans- 
fer the end reaction into the web through bearing. The value of a J^-in. rivet in double 
bearing on a web is 9370 lb. Each pair of stiffener angles must contain (% X 

107,300) -5- 9370 = 8 rivets. Rivets will be used at 5-in. spacing as for intermediate 
stiffeners. The use of 11 rivets justifies acceptance of loose fills. (Spec. 27.) 

Stiffeners at Concentrated Load. Two pairs of 5 X 3 X ?^-in. stiffener angles will be 
used here. In Fig. 154, the stiffener angles at the center should be turned back to 
back so that their outstanding legs will be under the load. 



Fig. 154. Riveted Girder. 


166d. Rivets Between Flange Angles and Web. 

Rivet value. The vfiluc of J^-in. rivets in double bearing on a ?i 6-in. woi) is 9370 11). 
Rivet spacing. The approximate formula for rivet spacing to be used here is 

Vs = Rh. 

V = total vertical shear (107,300 lb.). 

8 = rivet spacing. 

R = rivet value (9370 lb.). 

h = depth between lines of rivets (60.5 — 2 X 3.5 = 53.5). 

Hence, we may write 

Rh 9370 X 53.5 _ .... 

s = — = — — = 4.7. Use a 4-in. rivet spacing. 

V lU# 

Resultant rivet shear. The vertical shear per rivet for a floor load of 2750 lb. per 
lineal foot resting on the upper flange is 2750 X 4.0 4- 12 = 920 lb. The horizontal 

, Vs 107,300 X 4.0 . y — — - 

shear per rivet is — = — — 8100 lb. The resultant shear is V 930* + 8100* 

h 53.5 

= 8150 lb. per rivet. The effect of the vertical shear is negligibly small. 

Rivet details. Use the rivet spacing of 4 in. between the end and the quarter point. 
A 6-in. spacing is sufficient between the quarter points and the center of the girder. 

Rivets between Angles and Cover Plate. Two rows of ^-in. rivets will be used at their 
maximum spacing of 6 in. A check on the horizontal shear will show that this spacing, 
which is the greatest permitted by some specifications, provides excess resistance to 
shear. 

166e. End Bearing and Bearing under Concentrated Load. These detai.s might be 
the same as those for the welded girder of § 165. The only special requirement would be 
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the use ot a few countersunk rivets through the flange at the end and possibly at the 


concentrated load. 

167. Weight Estimates of Riveted and Welded Girders. 

Riveted Girder, 

Web. 60 X 5^6 in., one piece, 51 ft.-O in. long = 3,260 lb. 

Angles. 6 X 6 X ^ in., 4 pieces, each 51 ft.-O in. long = 4,000 

Covers. 14 X H in., 2 pieces, each 25 ft.-O in. long = 1,190 

Stiffener angles. 5 X 3 X H in., 32 pieces, each 4 ft.-llj^ in. long = 1,570 

Filler plates. 3J^ X Yi in., 32 pieces, each 4 ft.-}^ in. long = 780 


Total = 10,800 lb. 

Unit weight = 212 lb. per ft. 

Welded Girder, 

Web. 58 X Y in., one piece, 51 ft.-O in. long 
Flange plates. 14 X 5^ in., 2 pieces, each 51 ft.-O in. long 
Cover plates. 12 X 3^ in., 2 pieces, each 25 ft.-O in. long 
Stiffener plates. 5X^6 in., 28 pieces, each 4 ft.-lO in. long 

Total 

Unit weight = 174 lb. per ft. 

Comparison of Weights, The welded girder weighs 18 per cent less 
than the riveted girder. Its cost, however, probably would not be as much 
as 18 per cent less than the cost of the riveted girder because welding has 
usually cost more than punching holes and driving rivets. 

PROBLEMS 

194. Redesign the riveted girder of § 166 using AISC specifications and apply 
Spec. 41. 

195. Redesign the welded girder designed in § 165, but change the span to 40 ft. -6 in; 
Compute the weight. 

196. Redesign the riveted girder designed in § 166, but change the span to 40 ft.-6 in. 
Compare the weight of this girder with the weight of the similar welded girder from 
Problem 195. 

197. Design a welded girder of 60 ft.-9 in. span to carry a uniform live load of 4000 lb. 
per ft. of span. Helect a channel as a flange section to be strengthened by the use of a 
welded cover if necessary. The flanges have adequate lateral support. Turn the channel 
flanges in. Design by use of the AASIIO specifications. Allow for impact. Compute 
the weight. 

198. Design a riveted girder to replace the welded girder of Problem 197. Compare 
its weight with the weight of the welded girder. 

199. Design the w’eb at the section of maximum shear and the flanges at the section 
of maximum moment for a railway plate girder of riveted construction wliere the span is 
80 ft.-O in. The structure is of the deck type. Assume the dead load including the weight 
of two girders to be 1600 lb. per ft. of bridge. The equivalent uniform live load for maxi- 
mum moment is 7500 lb. and for maximum shear is 9300 lb. per ft. of track. Use the 
AREA specifications. Let the flanges be supported laterally at panel points 16 ft. apart. 
This is a single track structure. 

200. Redesign the girder of Problem 199 for welded fabrication. Use AREA and 
AW<S specifications. 


= 3780 lb. 
= 3040 
= 1020 
= 1010 
= 8850 lb. 
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201. Design a building girder to span 48 ft.-6 in. and to carry a total load including 
its own weight of 3000 lb. per ft. The depth is limited to 42 in. Design for both welded 
and riveted construction and compare the weights. Assume that the top flange is sup- 
ported laterally and follow the A I SC and AlTiS specifications. 

202. Design a riveted girder to support a flat roof for a span of 80 ft. Use a depth of 
8 ft. back to back of angles. The load on the girder is 1500 lb. per ft. Follow the AASHO 
specifications. The weight of this girder may be compared with the weight of the riveted 
truss from Problem 216, for the data are identical. 

203. Redesign the girder of Problem 202 for fabrication by arc welding. Since the 
loading is light, a depth of less than 8 ft. may be preferred. 

168 . Plate-Girder Design. The plate girder is one of the most common 
fabricated steel structures. Its design should therefore be simplified as 
much as possible so that designers will continue to take advantage of its 
wide usefulness. The welded girder is designed rapidly because its gross 
section is effective. Also, its simple cross-section makes it possible for the 
designer to guess at the effective depth without the possibility of serious 
error. Some specifications permit the gross cross-section of the riveted 
girder to be considered effective. The neglect of rivet holes in the tension 
flange is difficult to justify theoretically. Design procedures neglecting 
the effect of rivet holes should be considered as experimental until ade- 
quate tests are reported to justify the entire neglect of rivet holes in beams 
and girders. 

Until a few years ago the plate girder was considered to be uneconomical 
for spans above 100 ft. A recent girder span, the approach to Cleveland\s 
Main Avenue bridge, has a length of 271 ft. The Connecticut highway 
department has designed a 300-ft. girder span for the new Hartford bridge 
over the Connecticut River. Even though a plate-girder bridge proves to 
be heavier than a truss bridge of equal strength, it may be chosen because 
of several advantages: its fabrication and erection costs are less per pound 
of weight, it can be erected more rapidly than a truss, and its appearance 
is in harmony with modern architectural design. 



CHAPTER 12 


ROOFS FOR INDUSTRIAL BUILDINGS 

169. Design of Roofs for Industrial Buildings. The roof covering for 
an industrial building such as a shop, foundry, car bam, warehouse, or for 
a gymnasium is usually of light weight self-supporting material such as 
corrugated steel or corrugated asbestos. These materials will span from 
2 to 5 ft. between purlins. The purlins support the roof loads between 
tmsses which in turn are supported upon columns or masonry walls. 

170. Roof Loads. Industrial building roofs must be designed to carry 
their own dead load plus the snow load and wind load. 

Dead Load. The weight of the roof includes the weights of covering, 
purlins, tmsses, and bracing. 

Weight of Corrugated Steel, For a load of about 40 lb. per sq. ft. of 
roof surface, the following thicknesses of cormgated steel are recommended 
where the depth of cormgation is in. 

No. 22 gage (U. S. standard), wt. 1.5 lb. per sq. ft., span 3 ft.-6 in. 

No. 20 gage (U. S. standard), wt. 1.8 lb. per sq. ft., span 3 ft.-lO in: 

No. 18 gage (U. S. standard), wt. 2.3 lb. per sq. ft., span 4 ft.-6 in. 

For 30 lb. per sq. ft., decrease to the next even gage number. 

For 50 lb. per sq. ft., increase to the next even gage number. 

Weight of Corrugated Asbestos, For a load of from 30 to 40 lb. per sq. 
ft. of roof surface, the following thicknesses of cormgated asbestos are 
recommended where the depth of cormgation is at least 2J^ in. 

J^-in. thickness, wt. 3 lb. per sq. ft., span 4 ft.-O in. 

H-in. “ “ 4 lb, per sq. ft,, span 5 ft.-O in. 

5^-in. “ 4H lb. per sq. ft., span 6 ft.-O in. 

Weight of Steel Purlins, The unit weight varies from 2 to 4.5 lb. per 
sq. ft. of roof surface. The low value applies for light loads and short 
spans between roof trusses, while the larger value applies for heavy wind 
or snow loads and long spans between trusses. 

Weights of Roof Trusses, For roof tmsses of from H to pitch, the 
weight usually varies from 2 to 3.5 lb. per sq. ft. of roof surface where 
the span is 40 ft. For longer spans, add a pound for each 10 ft. up to 
80 ft. For flat roofs, add from lb. to 1 lb. to the above figures, and 
for very steep roofs, reduce these values from lb, to 1 lb. 
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Fig. 155. EREcmoN op an Industrial Building. 
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Weights of Struts and Diagonal Bracing, The bracing may be assumed 
to add from 1 to 2 )b. per sq. ft. of roof surface to the dead load. The 
lower value will apply for trusses of short span for which there is little or no 
bracing in the plane of the lower chords. 

Snow Load. The snow load varies from 0 to 50 lb. per sq. ft. of roof 
surface. For roofs from H to 34 pitch, a snow load of 15 to 20 lb. is com- 
mon in the central states and from 5 to 10 lb. in the southern states. These 
values may be halved for very steep roofs and doubled for flat roofs. They 
are all given in pounds per square foot of roof surface. 

Wind Load. Maximum wind loads vary for different parts of the 
(country and are usually specified in the building code.* A load of 20 lb. 
per sq. ft. on a vertical surface is a common value for low structures, while 
30 lb. per sq. ft. is usually recommended for higher structures and for struc- 
tures that are unprotected by near-by buildings. 

The wind pressure P in pounds per square foot on a vertical surface 
may be changed into normal pressure Pn in pounds per square foot of in- 
clined surface by the straight line formula. 


pe 


ru 

Pn = — (where 6 is the angle of inclination in degrees). 
45 


Riveted Truss Design 


171. Design of a Roof for a Gymnasium. The procedure developed 
for the design of this roof will apply to the design of any roof supported 
by simple tmsses. 

Problem. Design a Fink type roof truss with purlins and bracing to 
serve as a roof for a small gymnasium. The truss is to be supported upon 
brick bearing walls. Make a detail drawdng of the structure. The design 
is controlled by a City Building Code which specifies special working 
stresses but otherwise accepts the A ISC specifications. 

Data. 

Dimensions of building to outside of walls. 37 X 50 ft. 

Clear height desired = 20 ft. 

Wind pressure = 20 lb. per sq. ft. on a vertical surface. 

Snow load == 30 lb. per sq. ft. on a horizontal surface. 

Type of construction. Riveted steel structure. 

Allowable Stresses. (City Building Code) 

Tension = 18,000 lb. per sq. in. 

18 000 

Compression = , not to exceed 15,000 lb, per sq. in. 

^ 18,000r* 

Rivet shear = 13,500 lb. per sq. in. 

Rivet bearing = 24,000 with single shear and 30,000 with double shear. 

♦ A most complete set of recommendations on Wind Stresses was made by Subcommittee 
31 of the ASCE, See Proceedings, ASC E, June 1939, pp. 969-1000. 
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171a. General Design. 

Thickness of walls. 12 in. bearing walls are required by nearly all building codes and 
will be used here. 

Span of roof truss = 37 ft.-O in. less 1 ft.-O in. = 36 ft.-O in. 

Spacing of roof trusses. The economic spacing of short span roof trusses usually is 
between 15 and 20 ft. Two end trusses and two interior trusses will be used. The spac- 
ing will be 16 ft.-3 in. 



Roof covering. 14-in. corrugated asbestos roofing will be used to cover the roof and 
the gable ends of the building. This material is capable of spanning 4 ft.-O in. between 
purlins and as much as 6 ft.-O in. between girts. 

Pitch of roof. The height of the roof will be made J4 of the span or 9 ft.-O in. This 
is a 14 pitch. 

Bracing. Diagonal bracing will be used in the plane of the upper chords. Two 
longitudinal struts will be used as near as possible to the one-third points of the span in 
the plane of the lower chords. 

Type of roof truss. A Fink roof truss will be used with the upper chord divided into 
four equal panels. The panel length is 5 ft.-J4 In. An eave overhang of 2 ft.-6 in. is 
allowed. (See Fig. 156.) 

Arrangement for Transportation. In order to ship the trusses to the site by truck, 
it is necessary to fabricate them in three parts and then to connect the parts in the field. 
The truss is divided up as shown in Fig. 157, which makes necessary the arrangement of 
field connections at L2, Lt and I/4. 



ROOFS FOR INDUSTRIAL BUILDINGS 


283 


171b. Weight Estimate and Loadings. Dead Load. 

Roof covering. K-in. corrugated asbestos weighing 3 lb. per sq. ft. of roof surface 
will be satisfactory. 

Insulation board. insulation board weighing 13^ lb. per sq. ft. is attached to 

the under side of the purlins. Purpose, to improve the inside appearance of the roof and 
to reduce heat loss. 



Fig. 157. Field Connections. 


Purlins. Steel purlins at 4-ft. centers to carry medium loads for a medium span 
length of 16 ft. are estimated to weigh 3.0 lb. per sq. ft. of roof surface. 

Roof trusses. Estimated at 2.0 lb. per sq. ft. of roof surface. 

Struts and bracing. Adequate bracing will weigh about 1}^ lb. per sq. ft. of roof 
surface. 

Total dead weight — 3-fl3/^ + 3 + 2-hlM = 11.0 lb. per sq. ft. 

Dead weight per panel = 11.0 X 5.03 X 16.25 = 900 lb. This load is to be con- 
sidered as acting at the upper chord panel points. 

Snow Load. 

Ix)cation. The building is assumed to be in the central part of the United States. 

Snow load on a horizontal surface = 30 lb. per sq. ft. 

Snow load on a roof of 34 pitch = 20 lb. per sq. ft. of roof surface. 

Panel concentration *= 20 X 16.25 X 5.03 = 1640 lb. 

Wind Load. 

Location. Unexposed location protected by surrounding buildings. 

Pressure on a vertical surface = 20 lb. per sq. ft. 

Pressure on a roof of 34 pitch. 34 pitch makes an angle of 26°-40' with the hori- 
zontal plane. 

Pd 20 X 26 6 

Pn — — = — “ 11.8 lb. per sq. ft. of roof surface. 

45 45 

Panel concentration = 11.8 X 16.25 X 5.03 = 960 lb. 

171c. Design of Purlins. Purlins on a sloping roof must resist bending in two planes, 
perpendicular and parallel to the plane of the roof. Reference has been made in this book 
to the bending of unsymmetrical sections, but space does not permit offering a study of 
other than the simplest purlin section here. Accordingly, the purlins will be selected 
from among the smaller beam sections, which are the only rolled sections that are sym- 
metrical about both major axes. For this section (and for channels) the true fiber stress 
can be found merely by computing the fiber stresses caused by bending in the two 
principal planes, and by adding these stresses algebraically. Loads are assumed to act 
through the center of gravity of the section in order to avoid reference to torsion. See 
Fig. 158. 

Loadings to he Considered. Two combinations of load must be considered: (1) dead 
load plus full snow load, and (2) dead load plus one half snow load and full wind load. 
The purlin spacing for computing these loads will be taken as 4 ft. 
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Dead load on a purlin = 7.5 X 4.0 X 16.25 = 490 lb. (7.5 lb. per sq. ft. is the 
weight of purlins, roofing, and insulation board.) 

Snow load on a purlin = 20.0 X 4.0 X 16.25 = 1300 lb. 

Wind load on a purlin = 11.8 X 4.0 X 16.25 = 770 lb. 

Components of Dead Load and Snow Load, 

Dead load perpendicular to roof = 490 X 0.89 = 440 lb. 

Snow load perpendicular to roof = 1300 X 0.89 = 1160 lb. 

Dead load parallel to roof = 490 X 0.45 = 220 lb. 

Snow load parallel to roof = 1300 X 0.45 = 580 lb. 

Maximum Loading. The total dead load plus snow load per purlin taken per- 
pendif'^dar to the roof is 1600 lb. while the component of load taken parallel to the 

roof is but 800 lb. This latter load is so great that one 
sag rod must be used per bay. The loading to be used 
will consist of dead load plus full snow load, because, 
when wind is considered, the snow load is reduced 50 per 
cent and all working stresses are increased 33H per cent 
at the same time. The point of maximum stress in the 
purlin will occur either at the center of the span due to 
bending in a plane normal to the slope of the roof or else 
near the quarter point of the span caused by flexure in 
both planes. The wind load is not large enough to in- 
fluence the section of the purlin. Sag rods provide 
reactions parallel to the roof midway between trusses. 
Hence, a sag rod is not stressed by wind. 



Bending Moments — Neglecting Continuity, 

1600 X 16.25 X 12 


Moment at center of purlin = 


8 


= 39,000 in-lb. 


Moment at quarter point about major axis of purlin == 0.75 X 39,000 

- 29,300 in-lb. 


Moment at quarter point about minor axis of purlin = 


400 X 8.12 X 12 
8 


(neglecting continuity) = 4870 in-lb. 

Trial Section. Try a 5-in., 10-lb. standard I-beam for which the values of the section 
moduli are 4.84 and 0.82 respectively. This is the shallowest section that will provide 
the minimum required depth of of the span. (Some codes require span.) 

Maximum Stress. 

At center of span = 39,000 4- 4.84 = 8000 lb. per sq. in. 

At quarter point = (29,300 -J* 4.84) -j- (4870 0.82) = 12,000 lb. per sq. in. 


Deflection Perpendicular to Roof. 


^ 1600 X 16.25» X 1728 

384 ^ 30,000,000 X 12.1 


■ 0.43 in; 


This deflection is not excessive, and, since the 5-in. purlin meets the requirement that the 
depth shall not be less than J^o of the span, it will be used. 
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Check on Assumed Weight. 

7 purlins at 10 lb. per ft. = 70 lb. per ft. of roof. 

Weight per sq. ft. = 70 ^ 22.6 = 3.1 lb. 

The estimated weight was 3 lb. per sq. ft. 

Connection to Roof Truss. Purlins may be bolted to the roof trusses with at least two 
J^-iri. bolts at each connection. Field rivets are preferred. 

17 Id. Design of Sag Rods. 

Tension in sag rod. The combined purlin reaction on one side parallel to the roof 
produces the design stress in the sag rod. (7.5 + 20)0.45 X 8.12 X 22.6 = 2270 lb. 
(7.5 lb. is the weight per sq. ft. of purlins, roofing, and insulation; 20 lb. is the snow load.) 

Net area required = 2270 18,0(X) = 0.126 sq. in. 

Size used. The diameter required to furnish this area is Ke in. Adding He in. to 
allow for stress concentration at the root of the thread makes the required minimum 
diameter H in. A H“in. non-upset rod furnishes a diameter of 0.507 in. at the root of the 
thread. This is the smallest sag rod commonly 
used. A detail of the sag rod connection at 
the ridge is shown in Fig. 159. 

17 le. Analysis of Stresses. The stress 
analysis for a k"ink truss is often performed 
graphically because of the numerous sloping 
members. Stress diagrams for dead load and 
for wind load are shown in Fig. 160. The Fig. 159. Sag-Rod Connection. 
stresses for snow load are obtained by multi- 
plying the dead load stresses by the ratio 1640/900. In the analysis of wind stresses, 
the right-hand reaction is assumed to resist all of the horizontal component of the wind. 
Accordingly, two wind stress diagrams were drawn: (1) for wind from left, and (2) for 
wind from right. It happens in this structure that the maximum stresses for the left 
half and right half of the truss are identical. 

17 If. Maximum Stresses. The dead-load, snowMoad, and wind-load stresses are 
combined for the maximum stresses in Table 26. Three combinations are to be con- 
sidered: (1) dead load plus full snow load, (2) dead load plus full wind load plus one 
half snow load, and (3) wind load minus dead load for a member that reverses. No 
meml^er in this truss has a reversal stress. The final column of Table 26 gives an alter- 
nate design stress caused by a uniform vertical load of 31 lb. per sq. ft. of roof surface 
(D.L. plus Snow Load). The stresses as given by this alternate loading are sufficiently 
close to the maximum stresses to be satisfactory for design purposes for many roof trusses. 
For tlie particular truss which is being designed here, these alternate stresses actually 
control tile design, for in no case is the exact maximum stress 33H per cent larger than 
the alternate stress (stress caused by dead load plus snow load), and by Spec. 6 and 
Spec. 7, one is allowed to increase the working stress when wind is considered in the 
analysis. Accordingly, the alternate stresses caused by dead load plus full snow load 
(31 lb. per sq. ft. of roof surface) will be used* with normal working stresses for the design 
of members and connections. 

17 Ig. Design of Truss Members. Design details for members and connections are 
summarized in Table 27. Most members are composed of one or two minimum angles, 
2 X 2 X in. The minimum thickness of H in. is controlled by Spec. 15; the 2- in. 
leg being required to hold a 5^^-in. rivet. All rivets and bolts will be made % in. Gusset 
plates He in. thick will be used to increase the values of the rivets in bearing for double 
angle members even though H-in. gussets would be stiff enough for this light truss. 




Fia. 160. Stress Diagrams for a Fink Roof Truss. 
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(c) Stress Diagram 
Wind from Left 



TABLE 26 — Stresses in Members op the Fink Roof Truss of Fig. 160 
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TABLE 27 — Summary of Design of Gymn asium Roof 
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• 3930 with eccentricity; 9500 without. 
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Double angle members of symmetrical section will be used in all except the light- 
est stressed members. Single angle members are objectionable for they tend to twist the 
truss by producing an eccentric force at the joint. All end connections will be designed 
wherever reasonable to develop the full strengths of the members. This procedure is 
required by nearly all specifications although many designers use only enough rivets to 
develop the calculated stress for light members. The saving is usually about one rivet 
in each connection which hardly seems justified when one considers the added strength 
and rigidity that can be obtained by the added cost of a few rivets. 

TABLE 28 


Values op 5^-in. Rivets 



Working Stress (lb. per sq. in.) 


Rivet Values (lb.) 

Ttpb 

Shear 

Single 

Bearing 

Double 

Bearing 

Single 

Shear 

Double 

Shear 

Single 

Bearing 

>i-in. 

Metal 

Double 

Bearing 

%d-in. 

Metal 

Power driven shop 
rivets 

13,500 

24,000 

30,000 

4140 

8280 

3750 

5860 

Hand driven field rivets 
or unfinished bolts 

10,000 

16,000 

20,000 

3070 

6140 

2500 

3910 


17 Ih. Design of Lower Chord Members. The lower chord will be field spliced at L 2 
and Lt and, accordingly, LoLi and LiLj may be made of one section and LtLi of another. 
Member LoLi has rivet holes deducted from the vertical legs only. Members L 1 L 2 and 
LJLn have rivet holes deducted from both legs to allow for the splice connection. Mem- 
bers LoLi and ULn are 5 ft.-7)^ in. long (673^ in.) while member LiL^ is 13 ft.-6 in. 
(162 in.) long. 

Member, LoLi. 

Maximum stress = 17,760 lb. tension. 

Minimum section. Two angles 2 X 2 X 34 in. placed back to back on opposite 
sides of a single gusset. 

Net effective section. Two holes must be deducted since connections are only to the 
vertical legs. The full net area is considered effective for angles placed in this manner. 
(Spec. 85.) 

Net area = 2 X 0.94 — 2 X 0.19 = 1.50 sq. in. 

Value of member = 1.50 X 18,000 = 27,000 lb. 

Radius of gyration about the horizontal axis = 0.61. 

Slenderness ratio = 67.5 -5- 0.61 = 110. 

End connection. Rivets are in double bearing on the Ke-ia. gusset. Rivet value = 
5860 lb. 27,000 5860 = 5 rivets. 

Member LaLt. 

Maximum stress = 15,240 lb. tension. 

Minimum section. Two 2 X 2 X 34'in. angles. 

Net effective section. Four holes must be deducted from the gross area because of 
the splice connection. The full net area is considered effective as for the member LoLi, 

Net area = 2 X 0.94 — 4 X 0.19 = 1.12 sq. in. 

Value of member = 1.12 X 18,000 = 20,200 lb. 

Slenderness ratio. Same as LJLi, 

End connection. The end connection for this member will be worked out when the 
joint L% is demgned. 
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Remarks. Since two 2 X 2 X angles are satisfactory for both LoLi and L 1 L 2 , 
this section will be used for the double-length member. 

Member LiLt. 

Maximum stress » 10,160 lb. tension. 

Unsupported length = 162 in. This member usually is controlled by the require- 
ment that its L/r value about the horizontal axis shall not exceed 200. A member of this 
stiffness will not sag. 

Minimum radius of gyration about a horizontal axis = 162 -5- 200 = 0.81. 

Required minimum section. Two 2}^ X 2 X }4-in. angles placed with the 2-in. legs 
outstanding furnish a radius of gyration of 0.78 about the horizontal axis. This angle 
will be accepted since the next larger angle is 3 X 2>^ X in. which far exceeds the 
requirement in both strength and stiffness. 

Net area == 2 X 1.06 — 4 X 0.19 = 1.36 sq. in. 

Value of member = 1.36 X 18,000 = 24,500 lb. 

End connection. The end connection for this member will be worked out when the 
joint L? is designed. 

171 i. Design of the Upper Chord. The entire upper chord will be made of one sec- 
tion. Any saving that might be made possible by changing the sizes of the members 
would be overbalanced by the cost of a splice and by a loss in the lateral stiffness of the 
structure. 

Length for Buckling. In a vertical plane the length for possible buckling is a panel 
distance or 5.03 ft. The top chord is supported in its own inclined plane by the purlins. 
Accordingly, the unsupported length in this plane is the purlin spacing or a maximum of 
4 ft. 

Trial Section. Try two 3>^ X 2>^ X }4rm. angles with the legs turned 

downward. Gross area is 2.88 sq. in. Gross moment of inertia about the horizontal axis 
is 3.6. Extreme fiber distances are 1.11 and 2.39 in. 

Allowable Stresses. At the joint U 2 where the fiber stress may become a maximum, 
the member can buckle laterally over an unsupported length of 36.75 in. The radius of 
gyration for the angles placed Jfe iii- back to back is 1.06 in. 

18 000 

/ = 16,800 lb. per sq. in. 

•' 36.75^ ^ 

^ 18,000 X 1.06* 

Use the maximum allowable value of 15,000 lb. per sq. in. Midway between panel 
points the allowable stress is determined from an unsupported length of 60.37 in. between 
joints and a value of r of 1.12 in. 

^ 18,000 . . 

^ “ 60 I 7 * — “ p®*' “• 

^ 18,000 X 1.12* 

Use the maximum allowable value of 15,000 lb. per sq. in. 

Location of Maximum Stress. From the purlin loads and the purlin spacing as shown 
in Fig. 161, it is evident that the theoretical maximum moment occurs at Lo. The 
maximum direct stress occurs in UiLq, but the stress in U 1 U 2 is nearly as great and, 
hence, the combined stress in UiU 2 will also be studied. It is important to note that 
negative moment over a support produces a larger compressive fiber stress than an equal 
positive moment at the center of the span because the extreme fiber distance to the com- 
pression edge is much greater for negative moment. 
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Bending Moments, In continuous beams the bending moments may be computed 
by balancing moments as described in Vol. 2, T?ieory of Modem Steel Structures. The 
moment curve of Fig. 161 is an approximate one obtained by balancing moments with 
two-place numerals. It is satisfactory for use in design except that the moments at the 
joints may be reduced to the moments near the ends of the gusset plates. Apply the 
factor % from Fig. 161 because DL -J- SL controls. 

Negative moment at Lo * 19,200 X % = 17,100 in-lb. (unreduced). 

Negative moment at Ui * 13,400 X % = 11,900 in-lb. (unreduced). 

Maximum moment under any load ==9100 X % = 8100 in-lb. 

Dead Load, 1(2 Dnow Load, and Wind Load 



Fig. 161 . Upper Chord Moments. 


Combined Stresses, P/A 4 - Me/ 1. 

^ r . u. j 19,890 17,100 X 2.39 

At Lo the combined stress ~ - - H — = 18,300 lb. per sq. in. 

2.88 3.6 

However, this is a theoretical stress that is reduced to a safe value by the influence of 
the gusset plate. 

A.rr .u u- ^ . 1S'750 , 11,900 X 2.39 , , 

At U 2 the combined stress = ■ ■ 4 — *= 14,400 lb. per sq. in. 

2 .c^ 0.0 


Again, the influence of the gusset will greatly reduce the stress. 
Under the purlin in the panel U 1 U 2 the combined stress is 


18,750 8100 X 1.11 

2.88 3.6 


9000 lb. per sq. in. 


Note the use of the smaller extreme fiber distance to the most heavily stressed fiber 
directly under the purlin. This stress may be increased if the purlin connection is made 
by loose bolts that do not fill the holes. Nevertheless, it will still be within safe limits. 
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End Connection. The rivets are in double bearing on the gusset. 

Rivet value = 5860 lb. The maximum direct stress is 19,800 lb. (UiLq). 

Number of rivets == 19,890 -j- 5860 = 4 rivets. However, the connection for UiLq 
must also resist bending caused by the purlin loads. The number of rivets will be 
increased to 6 in order to fill out the gusset plate and provide moment resistance. 

171 j. Selecting Web Members. Web members will consist of single or double angles 
according to the magnitude of the stress and the length of the member. 

Members MiL^ and U^Mi. 

Maximum stress = 7620 lb. tension. 

Minimum section. Two angles 2 X 2 X M in. 

Net area for one hole deducted from each angle = 2 X 0.94 — 2 X 0.19 = 1.5 sq. in. 

Value of member = 1.50 X 18,000 = 27,000 lb. 

Slenderness ratio = 11.25 X 12 -f- 0.96 = 141 (take r about axis of symmetry since 
L is the double length). This slenderness ratio indicates that vibration will not occur. 

End connection. Rivets at L 2 are in double bearing on the y\%-\n. gusset. Rivet 
value = 5860 lb. 27,000 4* 5860 = 5 rivets required. 

Members V Jjx and U 2 M 1 . 

Maximum stress = 2540 lb. tension. 

Minimum section. One angle 2 X 2 X (Actually, double angles are used. 

Fig. 171.) 

Effective area = (0.94/2 — 0.19) -j- 0.94/4 = 0.52 sq. in. Effective area is net area 
of connected leg plus one half of gross area of unconnected leg. (Spec. 85.) 

Value of member = 0.52 X 18, (XX) = 9350 (eccentricity neglected; see UiLi). 

Slenderness ratio = 67.5 -j- 0.61 = 111 (applies for the member U 2 M 1 ; taker about 
the horizontal axis). 

End connection. Rivets are in single bearing on the K-in. leg. Rivet value = 3750 
lb. 9350 4- 3750 = 3 rivets required. 

Members V\Li and 

Maximum stress = 22S0 lb. compression. 

Minimum section. One angle 2 X 2 X M in. 

Effective area = 0.75 X 0.94 = 0.705 sq. in. 

Slenderness ratio = 30.2 4 - 0.39 = 77.4 (using ininiinum r). 


Allowable stress = 


18,000 


1 + 


77 . 4 '^^ 

18,000 


13,5(K) lb. per sq. in. 


Value of member = 13,500 X 0.705 = 9500 lb. without eccentricity. 
Eccentricity of load = 0.59 in. 

Allowable eccentric load. 


p = = 13..W0 X 0.94 ^ 

' 1 + ec/r* 1 + (0.59 X 1.41/0.61*) 

See equation (5), p. 238. 

End connection. Rivets are in single bearing on the leg. Rivet value = 3750 
lb. 3930 4- 3750 = 2 rivets required; 3 rivets are used as the minimum connection. 
Member U 2 L 2 . 

Maximum stresf? = 4570 lb. compression. 

Minimum section. Slenderness ratio requires two minimum angles, 2 X 2 X in. 
Gross area = 2 X 0.94 = 1.88 sq. in. 

Slenderness ratio = 60.2 4 - 0.61 = 98.7. 
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Allowable stress = * 11,700 lb. per sq. in. 

1 

^18,000 

Value of member = 11,700 X 1.88 = 22,000 lb; 

End connection. Rivets are in double bearing on the Rivet value 

6860 lb. 22,000 5860 = 4 rivets required. 



Pig. 162 . Interior Joint of Building Truss 
WITH Lateral Truss Connection. 

Remarks. Single angle members were used for UiL\y UzM\y U 2 L 1 and U 2 M 1 . It is 
common practice to design the sub-struts UiLi and f/sMi as single angles, but the tension 
members U 2L1, and U 2 M 1 are usually made of double angles. This is the arrangement 
shown on the truss drawing. Fig. 171. For a truss of much longer span or for one designed 
for heavy loads, all members should be of symmetrical sections; 

171k. Design of Joints. The number of rivets in the end of each member has been 
determined on the assumption that all rivets are power driven shop rivets. Since this 
building will need but few field connections, and field rivets require power equipment, it 
may be desirable to use unfinished bolts for field connections. (Spec. 31.) A shear of 
10,000 lb. per sq. in. and a single bearing value of 16,000 lb. per sq. in. are allowed for 
rough bolts. In order to haul the trusses to the site by truck, it is necessary to divide the 
truss into three parts: left half, right half, and the member LzLz. Field connections are 
required at U 4, Lj and L3. The minimum number of rivets in any connection will be set at 
three although A I SC specifications permit the use of two rivets in light structures. 
(Spec. 23.) 

Joints Ui and Uz. This joint is shown in Fig. 163. Clearly, the 3 rivets in the mem- 
ber UzMi must be balanced by at least 3 rivets through the top chord and gusset plate. 
These rivets are spaced 3 in. apart in order to obtain a reasonable moment resistance. 
Purlins placed between joints, and other causes, produce moments at the joints. 

Joint Li. The gusset plate must be riveted to the bottom chord with sufficient rivets 
to resist the maximum possible combined horizontal thrust of the members UJj\ and 
C/jIa. (See Fig. 164.) Of course, SV « 0. 
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Value of UiLi = 3930 lb. 

Horizontal component of UiLi = 3930 X 0.45 == 1770 lb. 

Value of UiLi = 9350 lb. 

Horizontal component of U 2 L 1 = 9350 X 0.60 = 5600 lb. 

Total thrust = 5600 + 1770 = 7370 lb. 



Fig. 163. Detail at Ui or Uz. 


Connection. Rivets are in bearing on the gusset. Rivet value = 5860 lb. 

7370 5860 = 2 rivets required. The minimum number of 3 rivets will be used. 

Joint Ml. The gusset plate must be riveted to the member U 4 L 2 for exactly the 
same resistance that was found necessary at the joint Li. (See Fig. 165.) 



Fig. 164. Detail at Ly. 


Joint 11%. The summation of stresses in the members UzLi^ U 2 L 2 y and U 2 M 1 , taken 
parallel to the upper chord is zero (see Fig. 166). The summation of stress for these 
members taken perpendicular to the upper chord shows a resultant normal thrust of 2280 
lb. which is balanced by the downward thrust of the loads at this joint. One rivet would 



296 


DESIGN OF MODERN STEEL STRUCTURES 


carry this load, but the detail shown in Fig. 166 is arranged to meet the common require- 
ment that the rivet spacing shall not exceed 6 in. Many building codes now permit a 
wider spacing of rivets. 

Joint Li. Specifications have often recommended that chord members be spliced 
at some distance away from the joints of a truss. The reason is that a splice at a joint 

makes use of the gusset plate as a sp)lice plate. 
This use is objectionable if the gus.set plate itself 
( 44 ^ is not carefully analyzed and designed to function 
as a splice plate. Of course, the joint splice do(\s 
save rivets and extra shop work and is therefore 
economical. Accordingly, we will give due care to 
the analysis of stresses in the gusset plate and make 
use of it a.s a splice plate. Its analysis will be (con- 
sidered under the heading Checking the Gusaeis on 
the following page. 

The design of this joint involves the design of 
a simple splice in a tension member. The lower 
chord member is broken here and is spliced by 

Fig. 165. Detail at M\. means of the gusset plate and a horizontal splice 

plate. (Sec Fig. 167.) This splice plate will also 
be used as the connection plate for a longitudinal strut. 

Value of the lower chord member LiLz = 20,200 lb.; I^Lz - 24,5(X) lb. 

Placing rivets. The greatest value that (*an be obtained from the lower splice plate 
is the value of th(} outstanding horizontal legs of the lighter member, which happens to 
be equal to 10,000 lb. 

Member L\Li. Place 2 shop rivets through the vertical legs and 4 field bolts tlirough 
the horizontal legs. 

Value of connection = 2 X 5860 4" 4 X 2.500 = 21,700 lb. (A %Ax\. shop riv(‘t at 
30,000 lb.* per sq. in, bearing on a Jio-in. plate = 5860 lb.; a J^i-in. field bolt at 16,000 
lb. per sq. in. bearing on material == 2500 lb.) 

Member L 2 L 3 . Place 4 shop rivets through the horizontal legs and 3 field bolts 
through the vertical legs. Value of member = 24, .500 lb. 




Fig. 166. Detail at U%, 




297 


ROOFS FOR INDUSTRIAL BUILDINGS 


Value of connection = 4 X 2500 + 3 X 3910 = 21,700 lb. (A ^-in. shop rivet at 
a reduced value of only 16,000 lb. per sq. in. bearing on J^-in. material = 2500 lb. ; 
a H-in. field bolt at 20,000 lb. per sq. in. double bearing on a Kc-in. plate = 3910 lb.) 
The 4 nhfip rivets are credited vrith the bearing value of field bolts because the other end of the 




(c) Critical Loads on Gusset at Lg 


Fio. 107. Dktail at — Tension Splice. 


[ilaUi is uonne(!ted with only an c(|iial number of field bolts. The eonnection value is 
slightly less than the value of the member, but it is considered satisfactory sinue the 
2j/<2-iii- 1«K was used only for stiffness, its stress actually being smaller than the 

stress in LJj 2 . 

Checking the Gussets. The gusset plates of a truss resist direi^t stress, shear, and 
flexure. ITsually, 5iG-in. gussets are adequate for a light truss, but, for safety we will 
check the gusset at L2 shown in P1g. 167. The diagonal forces shown in Fig. 167(c) are 
maximum web stresses. The shear along the section a-a cannot exceed the sum of the 
horizontal components of these stresses, or 5090 lb. Along W? the shear is 4070 lb. 

Unit shear on a-a = % X 5090 (^6 X 113^) = 2100 lb. per sq. in. 


Unit shear on h-b = ^ X 4070 X 11) = 1770 lb. per sq. in. 

(For a rectangular section the maximum unit shear is % times the average.) 

Direct Stress and Flexure. Since this gusset forms only a part of the lower chord 
splice, an assumption must be made if its analysis is to be isolated from the analysis of 
the horizontal splice plate. This assumption is that the splice plate joins the horizontal 
angle legs and that the gusset splices the vertical legs of the chord angles. Therefore, we 
show a force of 10,000 lb. acting to the left as the maximum force that can be delivered 
to the gusset by L 1 L 2 . Since four maximum stresses would not be in equilibrium, the 
stress in LiLi is computed by statics to lie 10,000 — 5090 = 4910 lb. Hence, on the 
section h-b we have a force of 4910 -f 3050 = 7960 lb. applied at an eccentricity e of 
in. from the mid-height of the section. (The fact that the chord stresses are not 
exactly in line will be neglected here.) 


-7 = 7960 (11 X Hg) 

A 

m _ 7960 X X 5^ 
/ "■ K2 X ^6 X IV 


■ 2300 lb. per sq. in. 
= 5500 lb. per sq. in. 


Total = 7800 lb. per sq. in. 
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This estimated stress would be increased by a consideration of the fact that there is a 
rivet hole on the section but it is evident that the gusset is understressed in tension, 
compression, and shear. If the stresses had appeared serious, we might have decided 
that it would also be necessary to analyze the entire splice (gusset plus horizontal 
splice plate) as a T-section. See D84. Of course, such stress calculations are merely 
reasonable estimates because the beam formula does not apply accurately to deep sec- 
tions. Also, there are other cross-sections than a-o or 6-6 that might control, and other 
load conditions might prove critical. These should be studied. 



U4Mt 


Fig. 168. Detail at C/4. 

J&mi U 4. This joint will be designed for field bolts since it is desirable to make it 
symmetrical. (See Fig. 168.) 

Value of member UiMi = 27,000 lb. 

Value of field bolts in bearing on the plate at 20,000 lb. per sq. in. = 3910 lb. 

Number of bolts required ~ 27,000 3910 = 7 bolts. 

Value of member UzUa- This member was designed for compression plus bending. 
Direct compression = 16,490 lb. 

Number of bolts required = 16,490 3910 = 5 bolts. This number will be 

increased to 7 to provide excess resistance to the moment produced in the upper chord 
by the purlins. These bolts would not develop the value of the member in direct com- 
pression, but this is not necessary because the member will always have to resist flexure. 

Joint I/O. The number of rivets required in the lower chord member LqLi has already 
been determined to be 5, and the number through the upper chord member UiLo has 
been set at 6. (See Fig. 169.) 

End reaction caused by dead load = 4050 lb. 

** ** by snow load = 7400 lb. 

** by wind load *= 2790 lb. 

Maximum end reaction for shoe design = 4050 4- 7400 = 11,450 lb. 

Rivets through shoe angles = 11,450 ^ 5860 - 2 rivets. Use 3 rivets as shown in 
the detail, Fig. 169. Use two 3 X 3 X ?4-in. shoe angles, 8 in. long. 

Bearing on masonry = 11,450 -i- (8 X 6.37) = 225 lb. per sq. in. (The bearing 
plate is 8 in. long by 6^ in. wide.) This is sufficiently low for bearing on a good brick 
wall. 
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Bearing plate. The thickness is determined by flexure ae a cantilever. 

The thickness of angles should not be considered as a part of the depth of the bearing 
plate because the rivets joining the two together will not be designed for horizontal shear. 
225 X 3* 

Moment = = 1020 in-lb. per in. 

A 


Section modulus 


= 0.057 = d2/6. 


Depth = d = V6 X 0.057 = 0.59 in. 

Use a 5^-in. bearing plate rivet(‘d with 4 countersunk rivets to the J^-in. angle legs. 

Allowance for expansion. (100°F. is ample.) 36 X 12 X 100 X 0.0000065 = 
0.28 in. 

Slotted holes. Use a slot of length equal to the diameter of the anchor bolt plus 
about twice the expected expansion to allow for poor setting of the bolt in the masonry. 
A slot X IJi in. will be used to accommodate a ^-in. anchor bolt. 

Location of shoe. Place the shoe with its center directly under the intersection of 
the lower and upper chords so that there will be no moment of eccentricity introduced 
by the vertical reaction. 

Bed plate on masonry. A bed plate, 10 in. X 12 in., is bolted to the masonry to 
provide a surface upon which the shoe can slide. The thickness of this plate is also made 



171 1. Design of Diagonal Bracing. Diagonal bracing will be used in the plane of the 
upper chords. The purlins will perform the function of struts. Two pairs of crossing 
diagonals will be used in each outside bay on each side of the roof. These diagonals brace 
the trusses together in pairs, and the action of the purlins as continuous struts completes 
the necessary upper chord bracing. The purpose of this bracing is to stiffen the structure 
since the diagonals have no calculated stresses. There will be no diagonal bracing used 
in the plane of the lower chords for this small structure. If vibration due to heavy 
machinery had been anticipated, such extra bracing could readily have been added. 
Diagonal bracing in a vertical plane along the centerline or along the sloping plane from 
1/4 to L 2 would be useful during erection and such bracing resists wind pressure on the 
end of the building. 
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of Angles. Minimum angles 2 X 2 X 34 will be used. 

Slenderness ratio. The angles will be clamped near their points of crossing to a 
purlin. (Clamps require no holes and do not weaken the purlins.) Accordingly, their 

unsupported length is + 16.252) = 9.6 ft. L/r = — ^ — = 189 (r is taken 

0.61 

for the horizontal axis since the value of L/r is computed to determine the tendency 
toward sagging; L/r < 250). 



Fia. 170. Details of Lateral Bracing for the Truss of Fig. 160. 


Use of flats. Angles will project downward and interfere with the insulation board 
Uiat is to be placed against the bottom flanges of the purlins. Laterals composed of 
23^ X Ji-in. flats would overcome this difficulty. Such laterals should be clamped or 
wired to each purlin to prevent sagging. 

Er\d Connectio7is. The diagonals should be connected to the undersides of 34-in. 
lateral plates riveted to the undersides of the top chords of the roof trusses. Three 
Ji-in. bolts will be used at each connection even though the calculated wind stresses 
would be negligible. Where the angle diagonals cross each other, one must be (ait and 
spliced with a H-m- plate which Is also riveted to the continuous diagonal. Details for 
the lateral bracing are shown in Fig. 170. 

Vertical Bracing. It is desirable to introduce diagonal bracing at least in the eri^^ 
bays between pairs of trusses for squaring the structure during er(?ction. Pairs of cros.s- 
ing diagonals (2 X 2 X 34"i>^' angles) should be used in a vertical plane along the midspan 
of the trus.ses. The calculated stresses in the diagonals caused by wind on the end of the 
building will be small. Two bolts are ample for the end connections of the 

diagonals. 

171m. Design of Struts. Two continuous struts will brace the lower chords of the 
roof trusses together at the joints L 2 and L3. No diagonal bracing is needed in the plane 
of the lower chords for a small roof truss. 

Stiffness. The maximum value of L/r permitted for secondary compression members 

is 200 (Spec. 13). Therefore, r = = 0.98. 

zuu 

Section Used. A 3 X 234 X }4"ln. angle riveted to a 4-in., 5.4-lb. channel makes a 
strut having a minimum radius of gyration of 0.99. The weight is 9.9 lb. per ft. The 
gross area is 2.87 sq. in. The allowable stress is 5600 lb. per sq. in. 

Value of inem^r = 2.87 X 5600 = 16,100 lb. 

End connection. The strut should be bolted to the connection plate at each truss 
joint with at least three 54-in. field bolts. 

17 In. Detailing the Structure. Reasonably complete design details of this roof are 
given in Fig. 171. Instructions for structural detailing are given in § 219. A few impor- 
tant items will be mentioned here. 
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Stitch rivets. These are used with washer fills for all double angle members. The 
maximum spacing of stitch rivets in tension members is 3 ft.-6 in. In compression 
members stitch rivets are placed close enough so that the L/r of one angle between rivets 
will not exceed % of the L/r of the member as a whole. (Spec. 37.) This requirement is 
fulfilled by a maximum spacing of about 2 ft. 

Rivet spacing at joints. The detailing is made to conform with the required spacing 
as given in Specs. 34, 38, and 39. 

Dimensions. All rivets are located and all dimensions are complete from center to 
center of joints. Each group of partial dimensions is covered by an overall dimension. 

Minimum connections. Three rivets are used Ihtc for the minimum riveted connec- 
tion. As stated in Spec. 23, conneiitions with only 2 rivets are reasonably common 
for light structures. The design presented here is a first-class stru(;turc. 

Joints. All gage liiu?s intersect at the joints. At the shoes, the gage lines of the 
chords intersect over the center of the reaction. 

Field and shop rivets. All field rivets or field bolts an; indicated by showing open 
holes (black). Rivet heads and o{)en holes are made slightly smaller tlian their true 
scale for better appearance on the drawing. 

Slope of members. Slopes are given beside the members for the convenience of the 
shop detailcr in laying out the plates. 

Sizes. Outside scaled dimensions of plates and the lengths of all members are given 
on the plate for the purpose of ordering material. 

Notes. Unusual details as well as any special requirement of construction are best 
covered by lettered notes on the sheet. 

17 lo. Final Computation of Dead Weight. The dead weight will be computed per 
bay and will then be divided by 730, the number of square feet of roof surface per bay. 

Purlins. 14 purlins 16,25 ft. long at 10 lb. per ft. = 2270 lb. This is equivalent 
to a weight of 3.1 lb. per sq. ft. of roof surface. 

Bracing, 

Diagonals. 8 pieces 19,1 ft. long at 3.2 lb. per ft. = 490 lb. 

Struts. 2 pieces 16.25 ft. long at 9.9 lb. per ft. = 322 lb. 

Total = 812 lb. 


Weight of bracing per sq. ft. of roof surface = 812 730 = 1.1 lb. 

Truss. 

Top chord. Two 31^ X 2^4 X H'^n. angles; 45.0 ft. at 9.8 lb. = 441 lb. 

Bottom chord. Two 2 X 2 X 34-in. angles; 22.1 ft. at 6.4 lb. = 141 lb. 

‘‘ Two 23^ X 2 X 34-in. angles; 13.5 ft. at 7.2 lb. = 98 lb. 

Web. Two 2 X 2 X 3'4-in. angles; 30.2 ft. at 6.4 lb. = 193 lb. 

One 2 X 2 X 34-in. angle; 28.6 ft. at 3.2 lb. = 92 lb. 

Truss members = 965 lb. 

Gussets. About 20 sq. ft. of plate; 20 X 12.5 = 250 lb. 

Rivet heads, lateral plates, ring fills, etc. = 95 lb. 

(Details add about 10% to weight of members) 

Total weight of one truss = 1310 lb. 


Weight of trusses per sq. ft. of roof surface = = 1.8 U). 

7 oU 

Roof Covering ami Insulation. 4.5 lb. per sq. ft. of roof surface. 

Total Dead Weight. 3.1 -f 11 -h 1-8 + 4.5 = 10.5 lb. p(;r sq. ft. of roof surface. 
Estimated Dead Weight. 11.0 lb. per sq. ft. of roof surface. 
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Remarks. The weight estimate used in computing dead load stresses was close 
enough to the computed weight so that a revision in dead load stresses is unnecessary. 
The drawing of this roof truss, Fig. 171, gives the design details. This is a student draw- 
ing, but, a similar commercial drawing, Fig. 171o, is presented for comparison. It would 
be possible to fabricate the truss from such a sheet, but it is more common to produce 
one or more sheets of shop details. The shop details show each member and each plate 
separately with all shop dimensions given. When shop details are to be made up, it is 
not necessary to show all dimensions on the general drawing of the truss. 

Welded Truss Design 

172. Design of a Welded Roof Truss for a Gjrmnasium. 

Problem. Redesign the roof truss from § 171 for fabrication and 
erection by arc welding. 

W(yrking Stresses . Use the same working stresses for main members that were used in 
the riveted design, § 171. Shear on the roots of fillet welds will be limited to 11,300 lb. 
per sq. in. to agree with the low allowable stresses for truss members. 

Cmtimenis. The stress analysis does not need to be performed again and many of the 
members will be used unchanged from the riveted design. Because of the small space 
available for welding, it is found to be impossible to develop the full strengths of the web 
members at the welded joints. The lengths of weld shown on the detail drawing (Fig. 
172) are in each case capable of developing more than twice the actual stress in the web 
member, and this is thought to be sufficient. The chords are welded to produce a resist- 
ance equal to the value of the member. 

Type of Welded Design. The top chord and bottom chord angles will be turned with 
legs in the form of a U-section or channel section. The web members will be of smaller 
angles, also with legs turned in, and they will fit into the U-sections of the chords. The 
upper chord will have 23^in. in-turned angle legs tack welded together to form a 5-in. 
channel. With J^-in. angles, the inside width will be 4 in. The bottom chord must also 
have 2}^in. in-turned angle legs. The web members will all have 2-in. in-turned angle 
legs tack welded % in. apart. These angles will then be 4^ in. back to back, which 
allows H in. of clearance when they are inserted into the chords. 

Minimum Angles. For welded design there seems to be no need to limit the mini- 
mum angle leg to 2 in. This limitation is necessary in riveted work because a 2-in. leg 
is required to hold a J^-in. rivet which is the smallest structural rivet in common use. 
Accordingly, angle legs will be allowed in the welded design where they are ade- 

quate to meet the required slenderness ratio. A minimum thickness of J^-in. should be 
maintained in both riveted and welded work. 

172a. Design of Members. 

Top Chard. The upper chord will have exactly the same section as the riveted struc- 
ture, that is, two angles 3)^ X 2J^ X in* However, the short legs will be turned in 
and tack welded together while in contact. 

Bottom Chard. The entire lower chord will be made of 2J^ X X Ji-in. angles. 
The long legs will be turned in and tack welded together while in contact. In order to 
use this section, the center member LsLs wrill have to be supported at the center by a 
hanger, as shown in Fig. 172. 

Gross area of angles = 2 X 0.94 = 1.88 sq. in. 

Maximum stress (LoLi) = 17,760 lb. tension. 

Value of member * 1.88 X 18,000 « 33,800 lb. 
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Slenderness ratio (LJLi) ■* 81 ^ 0.41 * 198. 

VeJue of field splice =» 17 X 2000 = 34,000 lb. 

(Use 17 in. of J^-in. weld on each side of joint). 

Tendon Web Members. The highest stressed web member is UaMi. A similar 
member {U 2 M 1 ) has the greatest horizontal length, 5 ft.-7J^ in. Two 2 X IH X Ji-in. 
angles will be used if satisfactory. Ix)ng legs are turned in and tack welded together at a 
spacing of % in. apart. 

Gross area of angles = 2 X 0.81 = 1.62 sq. in. 

Maximum stress {UaMi) *= 7620 Ib. tension. 

Value of member = 1.62 X 18,000 = 29,100 lb. 

Slenderness ratio {U^Mx) = 67.5 4- 0.43 = 157. 

Value of welded connection = 10 X 2000 = 20,000 lb. (10 in. of }^-in. fillet) 

Sub-StrulSf U\Li and UzM\. These members will be made of two 2 X 1}^ X 
angles. 

Gross area of angles = 2 X 0.81 =* 1.62 sq. in. 

Maximum stress = 2280 lb. compression. 

Slenderness ratio = 30.2 4- 0.43 = 70. 

18 000 

Allowable stress = = 14,100 lb. per sq. in. 

^ 18,000 

Value of member = 1.62 X 14,100 = 22,9001b. (eccentricity neglected) 

Value of welded connection « 9 X 2000 = 18,000 lb. (9 in. of fillet) 

Web Compression Member, UtLi. The L/r requirement controls the design of this 
member. Two 2 X 2 X angles are required as in the riveted structure. 

Gross area of angles = 2 X 0.94 = 1.88 sq. in. 

Maximum stre.ss = 4570 lb. 

Slenderness ratio = 60.4 4- 0.61 = 99. 

18 000 

Allowable stress = ^ = 11,700 lb. per sq. in. 

^ ^ 99* t M 

^ 18,000 

Value of member = 11,700 X 1.88 = 22,000 lb. 

Value of welded connection = 11 X 2000 = 22,000 lb. (11 in. of Ji-in. fillet) 

172b. Design of Joints. The design of joints is made clear by a study of the sheet 
of welded details. Fig. 172. This sheet should be studied in connection with the standard 
welding symbols for draftsmen adopted by the American Welding Society and given in 
Fig. 56. The system used here is to weld one web member to the chord, and then to 
weld the second web fnetnber to the first and possibly also to the chord. This detail has the 
advantage of permitting a considerable amount of weld to be placed in a small space. 
It also seems reasonable that the transfer of stress is better effected by this arrangement 
than by one where both diagonals are w’elded only to the chord. The reason is that a 
part of the stress passes from one web member into the other without going through the 
chord. Of course, we must consider the matter of stress transfer in order to proportion 
the lengths of weld properly. There must be sufficient length of weld connecting the two 
web members to the chord to take care of the change in chord stress and to transfer any 
load acting normal to the chord into the web members. The w^eld between the web 
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members must be satisfactory to care for the direct transfer of stress, or else the excess 
stress must be considered to be transferred from one web member to the other through 
the chord. 

Joints Ui and Uz. Sub-struts are welded to the upper chord with 9 in. of }i-in. 
fillet. 

Joints L\ and L^. The tension diagonals UiL\ and A/iLo are welded to the chord 
with 10 in. of I'i-in. fillet, and the members U\L\ and are welded to the tension 
diagonals and to the chord with 10 in. of Ji-in. fillet. 

Joint M\. The diagonal UiM\ is welded to the back of member UaMiLz with 4 in. 
of Ji-in. fillet. The sub-strut UzMi is welded to the back of f with 0.1 2 in. of 

34-in- fillet, and UzM\ is welded to f '3A/1 and to L\MiLi with 03 2 in. of l^-in. fillet. 

Joint The tension diagonals U2M1 and r^Li are each welded to the upf)er chord 
with 9 in. of M-in. fillet. Then the compre.ssion member r>1^2 is butt welded to the 
diagonals (diagonals and struts are separated >4 in.) and the same weld connects the 
strut U2L1 to the chord. The combined length of these butt welds is S in. There are 
two extra 1 34-in. fillet welds connecting U2L2 to the chord. 

Joint C. The hanger U4C is welded on the outside of the bottom chord, and also of 
the top chord, with o in. of J^-in. fillet. 

Joint f "4. The diagonal U4M1 is welded to the iipjx'r chord with 10 in. of !4-in. fillet. 
The two sections of the upper chord are butt welded together all around the inside with a 
3i-in. flu.sh butt weld for a length of 12 in. The members sin mid be separated about 
34 in. l)efon^ welding, 'rhis joint is capable of developing the strengths of the iruMnlx'rs 
in compression. 

Joint Lo. The upixjr and lower chords are butt wel(h‘d together at La with two 5-in. 
lengths of butt welds. The members should be separated at least 34 in. before welding to 
obtain a good butt weld through the entire thickness of the metal. This joint will be 
strong enough to develop the full resistances of the members. 



172c. End Bearing and Bracing. "Fhe end f miring for this truss is extremely simple. 
A sole plate, fi X 54 X 9 in. is welded to the bottom of the lower chord. The (cantilever 
pn^jection is but 2 in. and the 54-in. plate was found satisfactory for a 3-in. projection 
in the riveted design. The bearing pressure is 11,450 -r (♦» X 9) = 212 lb. j>er sep in., 
slightly less than in the riveted design. The base plate is made 9 X 54 X 12 in. I^etails 
of slotted holes, etc., are similar to those used in the riveted design. 

Diagonal Bracing and Struts. The lateral bracing and struts may be the same sec- 
tions that were used in the riveted structure. The struts will Ije welded to the lower 
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chords with 6 in. of 34-in. fillet at each connection. The diagonal bracing will be welded 
to the bottom flanges of alternate purlins, connections being made direr^tly to the truss 
chords if possible. At least a 4-in. length of 34"*^. fillet should be used at each lateral 
connection. A detail is shown on the drawling, Fig. 172. Welded diagf)nals will need to 
l)e 3 in. longer than the riveted laterals of Fig. 171. A welded plate connection similar 
to the riveted detail of Fig. 170 will be used where the laterals intersect. I.K)ngitudinal 
bracking may have bolted connections. 

Purlins. The purlins are unchanged from the riveted design. They will be welded 
directly to the upper chords with 6 in. of fillet per connection. A sjKJcial arrange- 
ment mu.st be made for purlins that act as members of the upjK^r chord system of bracing, 
'riiese purlins must be bolted to each truss <luring erection in order to s(iuaro the building. 
If convenient, bolt holes may be punched through the purlin flange; but, to save the cost 
of carrying the [)urlins to a punch, it is preferable to weld on small plates previously 


punched to match with .similar plates welded to the upper chord of the truss. The 
detail for this truss, using plates and clip angle.s, is shown in J^g. 173. 

172d. Weight of the Welded Roof Truss. 

Top chord. Two 3‘ i X 2>^ X 34-in. angles; 40.2 ft. at 9.8 lb. = 394 lb. 

Bottom chord. Two 232 X U i X 34-in. angles; 37.4 ft. at 0.4 lb. = 240 lb. 

Web. Two 2 X 134 X 34-in. angles; 54.9 ft. at 5.6 lb. = 308 lb. 

Two 2 X 2 X ?. 4 -in. angles; 10.0 ft. at 6.4 lb. = 64 lb. 

Hanger. Two 13i X 1 ’2 X 34-in. angles; 9.0 ft. at 4.7 lb. = 43 lb. 

Kave extension. Two 2 X 2 X ’.f-in. angles; 4.7 ft. at 6.4 lb. = 30 lb. 

Lateral plates. 4 X 34 X ♦) in.; 6 i)lates at 2 lb. = 12 lb 


Total weight of one truss = 1091 lb. 

Hk.mahks. .Mthough the weight of weld metal has not bf*^! included here, it is 
(‘vident that the weiglit of the welded tru.ss would be less than the weight of the riveted 
truss de.signed in § 171. The weight of the riveted trus.s wa.s 1215 lb., not including the 
weight of rivet heads. The saving in weight is of small importance and might naulily 
be overbalanced by a slightly greater cost of welding over riveting. No attempt should 
be made to form an opinion as to the relative costs of welded and riveted .structures 
from the information <jbtained from these designs. The comparison would not lye valu- 
able since these trus.se.s contain too many members of minimum section where stress did 
not control the design. The welded structure would show to greater advantage if the full 
grovss .sootions of its tension members could be utilized. Present practice indicates that 
the saving in weight obtained by welding about compensates f(»r the greater cost of weld- 
ing over riveting and places the two structures on a com(K4itive basis. A great deal 
defH'nds upon the designer. A clever designer can arrange for many parts of a welded 
.structure (purlins for in.stanco) to be shipped directly from the mill or warehouse to the 
job, thus saving the shoj) cost. Where such methods are employed, the welded job may 
show considerable economy. 


PROBLEMS 

204 . Redesign the roof of § 171 to carry a wind pressure of 30 lb. per sq. ft. on the 
verti(;al surface and a snow load of 40 lb. per sq. ft. on the horizontal surface or 30 lb. per 
sq. ft. of roof surface for a roof of 3i pitch. Use riveted constructit>n and A I SC working 
stresses. 

205 . Redesign the welded roof truss of § 172 using split l)eam sections for the chord 
members. Compare the weight with the weight for the design with U-section chords. 
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206. Redesign the roof truss of Problem 204 using welded construction and Unsection 
chords. Follow working stresses. See §55. 

207. Redesign the roof truss of Problem 204 using welded construction and split 
beams for chord sections. Compare the weight with the design obtained in Problem 206 
Use AISC specifications and highest AWS working stresses. 

208. Design a riveted roof truss for a gymnasium similar to the type designed in 

§ 171, but for these changed conditions: Outside dimensions of the building = 70 X 140 
ft. Wind load = 30 lb. per sq. ft. of vertical surface. Snow load = 5 lb. per sq. ft. of 
roof surface. Use corrugated asbestos roofing which permits a purlin spacing of 

6 ft. Keep the distance betwetm roof trusses under 20 ft. Allow for diagonal bracing 
in the planes of both the upper and lower chords. Use a Fink truss of }4 pitch 
designed for AREA working stresses. 

209. Redesign the roof truss of Problem 208 for welded construction. Use your own 
judgment in the selection of type of section for the chords. 
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Problem 213. Problem 215. 


210. Design a flat roof to span 60 ft. and to carry a total vertical load of 75 lb. per 
sq. ft. of horizontal projection. This load includes the weight of snow, of concrete slab, 
and of waterproof covering. Use the Warren type of roof truss of riveted construction 
as shown in the illustration. Place purlins only at the panel points. Space trusses 20 ft. 
apart. A field splice is required in order to reduce the length to 40 ft. for shipping. 
Assume that the roof is protected from the wind by a breast wall and that wind pressure 
may be neglected. Use 1941 AASHO working stresses. 

211. Redesign the roof truss of Problem 210 for welded fabrication. Follow AWS 
specifications; use the highest working stresses allowed for ductile welds. 

212. Design a welded roof truss of Pratt type to replace the riveted Warren truss of 
Problem 210. The type of truss is illustrated. The purlin spacing is limited to 5 ft.-O in. 
in order to use a 214‘^n. precast roof slab. 

213. Design a riveted saw-tooth roof where each truss has a span of 30 ft. The total 
vertical load is 40 lb. per sq. ft. of horizontal projection for the combined effect of wind 
and snow. Place the trusses 16 ft. apart. Outlines of the roof trusses are as illustrated. 
Use a ^in. corrugated asbestos roof and keep the purlin spacing under 6 ft. In laying 
out the truss, place one set of diagonal members perpendicular to the slope of the roof. 
Use any city building code. 
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214. Redesign the roof truss of Problem 213 for fabrication by arc welding. 

215. Design a light roof to shelter the bleachers of an athletic field. The bleachers 
are placed beside a gymnasium building so that the roof must slope only in one direction. 
Details are shown in the illustration. Place the trusses 18 ft. apart. Design for a total 
vertical load of 15 lb. per sq. ft. of horizontal projection to care for the combined effect 
of snow and wind. Design the purlins, roof truss, and column. Detail the connections to 
the masonry wall and to the top of the column. Arrange for statically determined reac- 
tions and reverse any diagonals found to be in compression. Select riveted or welded 
construction according to your judgment as to the type of fabrication best fitted to this 
extremely light structure. Follow AISC specifications. 

216. Design a riveted roof truss of 80-ft. span and 9-ft. constant depth back to back 
of flanges to carry a uniform load of 1500 lb. per ft. of truss. Divide the truss into 8 
panels of 10 ft. each and use a Pratt web system. It is suggested that the lower chord be 
made of two angles placed on opposite sides of a single gusset and that the top chord be 
made of two such angles and a cover plate. Select specifications. 

217. Redesign the truss of Problem 216 for fabrication by arc welding It is sug- 
gested that the chords be made of wide flange beam sections with the flanges turned ver- 
tically. The verticals may be made of angles or of a beam section welded inside of the 
chords. The diagonals may be made of angles or channels wielded on the inside or out- 
side of the chord flanges. Compare the w’eights of the riveted and welded designs. 

173. Other Roof Structures. Roofs for industrial buildings take on 
new and different forms with each advance in the construction art. Weld- 
ing has made possible the use of rectangular or polygonal roof arches at 
low cost. Wide flange beam sections may be split, bent, and rewelded to 
form structures of almost any shape. The clean-cut modern appearance 
of indeterminate frames as contrasted to the rather cluttered appearance 
presented by a roof truss has encouraged architects to make use of such 
continuous structures. The roof tru.ss, however, is still the most economi- 
cal structure for medium spans and ordinary roof loading. 



CHAPTER 13 


DESIGN OF A LOW TRUSS HIGHWAY BRIDGE 

174. Low Truss Bridges. These structures have long been in common 
use as highway spans from 50 ft. to 100 ft. in length. They are of either 


'1 



Courtesy C. M. St. P. A P, R.R. Co, 

Fig. 174. Skew Trusses with Upper Chord Bracing. 


Pratt or Warren type and of parallel or of curved chord construction. 
There are no sway frames, upper laterals or portal bracing in a low truss 
bridge. Hence, the floor beams and vertical posts must be fastened to- 
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gether rigidly to form stiff U-frames that prevent lateral movement of the 
upper chord. Two types of floor systems are in common use. The floor 
system with concrete slab, floor beams, and stringers has panel lengths 
from 12 to 20 ft. and the stringers usually are spaced from 3 to 5 ft. apart. 
By subdividing a Warren truss, panel lengths may be halved, stringers 
omitted, and the slab designed to span longitudinally between floor beams. 
The latter type seems to be preferred. The total weight of steel for the 
two bridges is not greatly different, but the stringerless bridge is the more 
rigid structure. 

175. Design of a 72-ft. Low Truss Highway Bridge. A low truss bridge 
will be designed for a span of 72 ft. to carry a 20-ft. concrete pavement.* 
The live loading is H-20. A stringerless bridge will be selected for maxi- 
mum rigidity. An arrangement of eight panels at 9 ft.-O in. seems most 



/■5TT 


20 - 0 " 


Fig. 175. Low Truss Highway Bridge. 


satisfactory. A curved chord truss presents a better appearance and its 
use may result in a slight economy of material. The height at the center 
usually is between and % of the span. A center height of 9 ft.-6 in. 
will be used, the height at the hip joint being 7 ft.-6 in. A Warren truss 
with verticals meets all of these requirements. A preliminary layout is 
shown in Fig. 175. In the cross-section, the distance center to center of 
trusses is given as 22 ft.-lO in. This spacing allows 1 ft.-5 in. from face 
of curb to center of vertical. The curb is 9 in. wide and the vertical is 
estimated to be a 10-in. beam section which allows 3 in. clear between 
the outside of the curb and the face of the vertical. This space is neces- 
sary to allow for the lateral overhang of the end post cover plate and to 
meet the clearance requirement of Fig. 241. 


17Sa. Allowable Stresses — Special Code Requirements. 
Tension = 16,000 lb. per sq. in. 


Compression = 


16,000 


1 4- 


j L/ry 

13,500 


but nut to exceed the value when L/r *= 40. 


Bending on extreme fiber = 16,000 for beams and plates, 

= 24,000 for pins. 

Shear on gross section of girder w^ebs = 10,000. 

Shear on shop rivets = 12,000. Shear on field rivets = 10,000. 

Bearing on pins and shop rivets = 24,000; on field rivets = 20,000. 

* A roadway of 22-ft. width is required by 1941 A.A.S.H.O. specifications, p. 418. 
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Bearing on expansion rollers and rockers in pounds per lineal inch » 600d. 

Steel castings may be stressed to 75% of these values. 

Bearing on concrete masonry = 600 lb. per sq. in. 

Concrete beams and slabs. « 18,000, fe « 800 lb. per sq. in. n « 15. 

The allowable stresses listed above are considerably lower than those permitted 
by the American Association of State Highway Officials and by most State Highway 
Specifications. However, much design work is done for cities and for foreign countries 
that may have special code requirements. It is therefore desirable for the designer to 
become familiar with more than one set of allowable stresses. Note, for example, the 
different working stresses above for shop and field rivets. Modern codes often allow 
the same working stresses if the rivets are “power driven.” As an exercise, the follow- 
ing design may be revised for 1935 or 1941 AASHO working stresses. 

175b. Slab Design. The distribution width for a truck wheel is usually specified 
as a function of S and W where S is the span in feet and W is the width of the tire, 
that is, 20 in. or 1 .67 ft. For example, read Spec. 68 {AASHO). However, the effective 
width through the central section of the slab is limited physically to a maximum o. 
4J^ ft. by the proximity of the adjacent wheel loads as is shown by Fig. 176. To allow 
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Fia. 176. 

Effective Width at Center. 



for clearance, the center of the outside wheel must be placed 1 ft.-6 in. from the face 
of the curb. Hence, the effective width at the edge is 5 ft. -3 in. as shown in Fig. 177. 
The action of the curb as a beam will be neglected except that it is assumed to be able to 
carry its own w'eight. 

Center Strip. The depth of slab * is estimated at 1 in. per foot of span or 9 in. ; 20 lb. 
per sq. ft. is allowed for a future wearing surface. The maximum positive moment f 
occurs near the center of the end span. Without reference to continuity this moment 
may be approximated as folio w's. H-20 loading — Spec. 56. 

D.L. moment per ft. = He X 132.5 X 9* X 12 =» 8,100 in-lb. 

76,700 

28,600 

113,400 in-lb. 

The maximum negative momeni f occurs over the first interior support. It may be 
approximated as follows. 

♦ Shear may influence slab depth, but we will not consider it here. By 1941 AASHO 
specifications, shear is neglected when slab is designed to resist moment. 

t Maximum moment coefficients are subject to revision depending upon positions of 
expansion joints, type of live loading, and fixation at end of slab. Those coefficients used 
should not be considered to represent special conditions without investigation. 


L.L. 

Impact “ 


“ “ (PL/5) 

50 


16,000 X 9 X 12 


5 X4.5 


“ “ (irns - 


(Spec. 62.) 
Total 
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D.L. moment per ft. (Ho^L*) = Ho X 132.5 X 9* X 12 = 12,900 in-lb. 


L.L. 


<f U tt 


{PL/8) = 


16,000 X 9 X 12 
8 X 4.5 


•»■>*« 

113,400 


Positive steel area = 

Negative steel area = 


18,000 X 0.87 X 7.5 
78,800 


18,000 X 0.87 X 7.5 


= 48,000 
= 17,900 

Total = 78,800 in-lb. 

= 0.96 sq. in. per ft. 

Use ?4-in. <t> at 5J^-in. spacing. 

= 0.67 sq. in. per ft. 


Maximum compression = 


2 X 113,400 


0.4 X 0.87 X 12 X 7.5* 


Use 5^-in. <l> at 5J^-in. spacing. 
= 965 lb. per sq. in. 


aooVo- 



The resistance of the negative steel must be considered since the calculated stress ex- 
ceeds the allowable compressive concrete stress of 800 lb. per sq. in. 

Moment resisted by compressive steel. (See Fig. 178.) 

M = 6000 X 0.67 X 6.0 = 24,000 in-lb. 

Net moment == 113,400 — 24,000 = 89,400 in-lb. 


2 X 89 400 

lYue compressive stress in concrete = ^ 4 ^ 0 ~ 87 Xl2 X 7 5* 


760 lb. per sq. in. 


Edge Strip. The depth at the edge can be made about in. less than at the center. 
Since a crown of 1.0 in. is commonly used, either the center depth must be made in. 
more than necessary or the additional crown can be produced by varying the thickness 
of topping. The computations below are for a depth at the edge of 8 H in. and for an 
effective width of 5 ft.-3 in. 

The maximum positive moment occurs near the center of the end span. We will 
approximate its value as follows. 


D.L. moment per ft. = Ke X 126.5 X 9* X 12 = 7,700 in-lb. 


L.L. 


ti 


Impact 


“ (PL/5) 

it it f 50 

\9 -4- 125 


16,000 X 9 X 12 
5 X 5.25 



* 65,700 


= 24,500 


Total 


= 97,900 in-lb. 
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The maximum negative moment occurs over the first interior support. Its approx* 
imate value is obtained as follows. 

D.L. moment per ft. — Ko X 126.5 X 9® X 12 == 12,300 in-lb. 


L.L. “ 

“ “ (PL/8) 

16,000 X 9 X 12 

8 X 5.25 

= 41,100 

Impact ** 

» .< / 50 

= 37.3%) 

= 15,300 

\9 -h 125 


^ Total 

= 68,700 in-lb, 


Positive steel area 


Negative steel urea 


97,900 

18,000 X 0.87 X 7.0 


== 0.89 sq. in. per ft. 

I^se 4> at 5J^-in. spacing. 


68,700 

18,000 X 0.87 X 7.0 


0.63 sq. in. per ft. 

Use 4> at 53^-in. spacing. 



Moment resisted by compressive steel = 5570 X 0.67 X 5.5 = 20,600 in-lb. (See 
Fig. 179.) 

Net moment = 97,900 - 20,600 = 77,300 in-lb. 


^ . 2 X 77,300 

Compression stre.ss in concrete, fc = — — ^To 

0.4 X 0.87 X 12 X 72 


760 lb. per scp in. 


22 -/ 0 ^- 22 . 84 ' 


, 4.67' 6.0' 3.0' 

6.0' 3.17', 

r ^ * 

/6A /aw ) 

. *1 

'm. VI 6 K 



t /290 /b per ft 

D.LR.- /4,8001b. 
LLR.-29.800tb. 


Fio. 180. Loading for Maximum Moment. 


175c. Design of the Floor Beams. The span of the floor beam must be taken 
from center to center of the vertical posts, or 22 ft.-lO in. (Spec. 81.) The dead load 
may be taken as a uniform load over the entire span of 22 ft. -10 in., ecpial to the weight 
of the beam itself plus the maximum weight of the slab with topping. '^Phis pro(!edure 
adequately compensates for neglecting the concentrations of load produced by the curb. 
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The Interior Floor Beam. This Ixiam must be designed to carry the entire weight 
of the rear wheels of two 20-ton trucks. (Spec. 67 and Spec. 58.) 

Maximum moment. The placing of the live load for maximum moment is shown 
in Fig. 180. The dead load of 1290 lb. per ft. includes an allowance of 100 lb. per ft. 
for the weight of the floor beam. The maximum moment occurs under the wheel load 
nearest the center of the span. 

1290 X 10.672 

D.L. moment = 14,800 X 10.67 — ^ = 84,200 ft-lb. 

L.L. “ = 29,800 X 10.67 - 16,0(K) X 6 == 222,000 

Impact “ - = arz/o) = 77,^ 

' Total = 384,000 ft-lb. 


Required section modulus = 


384,000 X 12 


= 288. 


16,000 

Selection. A 301FF108 beam section is the most economical, but a 27TTF114 section 
will be used to lower the floor level. Either beam furnishes a s(M*tion modulus of 299.2. 

End shear. The allowable end shear on this beam at 10,0(K) lb. per sq. in. of web 
area is over two times the maximum end shear of 61,800 lb. This end reaction is found 
when the outside wlu'el is so placed that the distance from its center to the face of the 
curb is 1 ft. -13 in. 

Selection of the End Floor Beam. There is a smaller dead load carried by an end 
floor beam than by an interior floor beam. Considering the effect of continuity which 
reduces the dead load reaction of the concrete deck to ^lo of the reaction for an interior 
beam, and alhjwing 100 lb. per ft. for the weight of the beam itself, we find the total 
dead load to l)e 0.4 X lEK) + 100 = 576 lb. per ft. This is less than 50 per cent of 
the dead load for an interior beam. 

D.L. moment (^AwL'^ is nearly exact) } s X 576 X 22. 83^ = 37,600 ft-lb. 

L.L. “ (same as for an interior beam) == 222,000 

Impact “ = 37.3%^ = 82.900 


Section modulus = 


342,500 X 12 


Total = 342,500 ft-lb. 


= 257. 


16,000 

Section. A 271TF98 beam section furnishes a modulus of 255.3. This beam is of 
the same depth as the interior beam, which simplifies details. It fulfills the AASHO 
specifications and will be used. However, many designers prefer to use the same beam 
selected for the intermediate floor beams. Thus, we allow for an increased impact caused 
by the roughness whicdi frequently exists at the joint between floor slab and road slab. 
175d. Estimate of the Dead Weight of the Bridge. 

Weight of concrete deck = 2520 X 72 = 181,500 lb. 

Weight of roadw'ay surface = 20 X 20 X 72 = 28,800 

Weight of floor beams = 114 X 22 X 7 + 98 X 22 X 2 = 21,800 

Weight of trusses and bracing == L(250 -|- 4.5L) = 

72(250 -f 4.5 X 72) == 41,400 

Weight of handrail (20 lb. per ft.) = 20 X 72 = 1,500 

Total = 275,000 lb. 


Dead load per foot of bridge = 275,000 ^ 72 == 3800 lb. 


Dead load panel concentration on one truss = 


3800 X 9 


= 17,100 lb. or 17.1 kips. 
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175e. Live Loading for Truss Design. The equivalent H-20 loading (two 20-ton 
trucks) is shown in Fig. 181(a). (Spec. 58.) The uniform load is the same for the 
determination of shear or moment, but the concentrated load is 18,000 lb. for computing 
^ ^ . , moment and 26,000 lb. for computing 

Concen trated Load per one shear. Both the uniform and concen- 

trated loads are considered movable and 
both must be increased for impact. 

Uniform Load(€40lbper ft of Ipn^ 

roadway width of 20 ft. is 2 ft. more 

(a) Equiva lent Loading, H-ZO. of two traffic lanes, 

eccentricity of loading must be con- 
sidered. The more serious condition 
represented by either specification given 
I * I , below must be allowed to control. 

(Spec. 59.) 


18,000 

26,000 

4.S’\ . 


4.5_J.Q142 


12 60 ttx per ft of Bridge 1. Each traffic lane loading (9-ft. 

■ P ] width) shall be considered as a 

unit, and the number and posi- 
^ ■ , ■ tion of the loaded lanes shall be 

^ - su(!h as will produce maximum 

(b) Lone Loo ding stress. This specification is met 

by placing the loads as shown in 
Fig. 181(6). 

19,600 19,600 ^ \ , 

2BJ200 28,200 2. The roadway shall be considered 

jjP* 5' I m* I 5* i41* ^ loaded over its entire width 

^ I with a load per foot of width 

w^i39Q lb per fi of Bridge equal to of the load of one 

traffic iane when reduced 1% for 

‘ ‘ " ■■■n each foot of roadway width in 

, ■ - ,, excess of 18 ft., but not to ex- 

U ^ ceed 25% reduction. This reduc- 

(C) Rood way Loading is 2% for a 20-ft. roadway 

-o- A T and the loading is shown in Fig. 

Fig. 181. Application of Loadings. 181(c) 

If we determine the left-hand reaction Ooad on the truss) from either Oi- the sketches 
(6) or (c) of Fig. 181, we find that the uniform load per foot of truss becomes 695 lb. 
and the two concentrations on the truss are 

19,600 lb. for moment and 28,200 lb. for shear. i9,600ib. tor Moment 

7 f • * c on, . Live Load for Design 

175f. Analysis of Stresses. The stress t 

analysis for dead load and live load will not ^ ON Truss. 


w^i390lbper ft of Bridge 


^ 22,84' 

ic) Roadway Loading 

Fig. 181. Application of Loadings. 


iQjSOOib. for Moment 
ZS^OOib. for Shear 
' ' 695 lb per ft. of Truss 

Live Load for Design 
Fig. 182. Loading on Truss. 


be performed in detail here. When we compute live load stresses, we place both 
the uniform load and the concentrated load to produce maximum stress. The jjer- 
centage of impact is determined from the loaded length covered by the uniform load 
when placed for maximum. (Spec. 62.) The conventional method of loading is to be 
used. Figure 183 and the accompanying stress table show the dead load stresses, the 
live load stresses, and the combined stresses. 
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175g. Wind or Lateral Forces. The wind force on the truss is taken at 30 lb. per 
iq. ft. on times the area of the structure as seen in elevation. (Spec. 64.) The 
truss members, handrail, gussets, etc., cover approximately 40% of the entire elevation 
of the truss. Taking the average depth at 8.5 ft., we find this area to be 3.4 sq. ft. per 
ft. of truss. To this value must be added 1.5 sq. ft. to account for the side elevation of 
slab and curb. The total is 4.9 sq. ft. per foot of truss; this value is increased by 50% 
to allow for the second truss and curb. 

Wind force per foot of truss = 30 X 1.5 X 4.9 = 220 lb. 

Wind force per foot of truss acting on the live load = 21^ lb. 

Total = 420 lb. per ft. 
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(o) Truss Stresses 



Fia. 183. Design Stresses for Highway Bridge Truss. 


This value is greater than 50 lb. per sq. ft. on the unloaded structure and hence 
will control. (Spec. 64.) Wind stresses for design of the lateral system are shown in 
Fig. 183. These are maximum stresses by the conventional method. No wind stresses 
are sliown for the struts (floor beams) or for the chords (lower chords of truss) since 
these stresses are negligibly small. Working stresses for main members may be in- 
creased 25% when lateral forces are considered. (Spec. 69.) Hence, lateral forces do 
not affect the design of the lower chords or the floor beams of low truss bridges, even 
though these members act as parts of the lateral system. 

175h. Selection of the Sections for Truss Members. It is desirable that as many 
members as possible be selected of beam sections since these members require no fabrica- 
tion except cutting to length and punching rivet holes for the end connections. No 
stay plates, diaphragms, or lacing bars are needed. Ordinarily, it is possible to use 
beam sections for all web members. The top chord in most pony trusses is built up 
from two channels and a cover plate. (Spec. 117.) The lower chord can be made of 
channels, angles, or possibly from a beam section. Beam sections of 8-in., 10-in., and 
12-in. depths are available in numerous weights. The 8-in. beams are satisfactory as 
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TABLE 29 

Stress Table for Truss op Fig. 183 


Member 

Dead 
Load j 

I.iVE Load 

Impact 

Per 

Cent 

Impact 

Stress 

Combined 

Stress 

Design 

Stress^ 

Uniform 

Cone. 

Total 


+ 71.9 

4-26.5 

4-20.6 

4-47.1 1 

25.4 

4-12.0 

4-131.0 



4-131.0 

cd^ 

4-121.8 

+44.8 

4-34.9 

+79.7 

25.4 

4-20.3 

4-221.8 



4-221.8 

BC-CD 

-109.4 

-40.3 

-31.3 

-71.6 

25.4 

-18.2 

-199.2 



-199.2 

DE 

-129.7 

-47.5 

-37.1 

-84.6 

25.4 

-21.5 

-235.8 



-235.8 

aB 

- 93.4 

-34.4 

-38.6 

-73.0 

25.4 

-18.6 

-185.0 



-185.0 

Be 

-f 47.7 

4-19.6 

4-25.3 

4-44.9 

28.0 

4-12.6 

4-105.2 



4-105.2 

cD 

- 18.6 

-12.4 

-18.7 

-31.1 

29.4 

- 9.2 

- .58.91 

1 

J 

f- 67.4 

cD^ 

- 13. 0« 

4- 5.6 

4-16.6 

4-22 2 

35.0 

4- 7.8 

+ 17.01 

f 

1 

1+ 25.5 

De 

4- 11.7 

4-10.9 

4-19.4 

4-30.3 

31.1 

4- 9.5 

4- 51.51 

i 

1 

14- 61.5 

De^ 

4- 8.2“ 

- 6.6 

-14.6 

-21.2 

32.9 

- 7.0 

- 20. OJ 

f 

1 

[- 30.0 

Bhd-Dd 

4- 17.1 

4- 6.3 

4-28.2 

4-34.5 

35.0 

4-12.1 

1 4- 63.7 



4- 63.7 


®70^ of the D.L. stress. (Spec. 82.) 

^ When reversal occurs, 50% of the smaller combined stress is added to each to obtain the design stresses. 
(Spec. 82.) 

'■Reversal; that is, the truss is live-loaded from the left to attempt to reverse the sign of the design 
streas. 


web members for truss spans up to about 80 ft. if the structure is designed for medium 
loads, but 10-in. sections will be used in this truss because of the heavy live loading. 

175i. Compression Chord Members, Top Chord Member I)E, The length of the 
member is 9 ft. or 108 in. The maximum allowable stress for a compression member 
corresponds to an L/r value of 40 for which the allowable stress becomes 14,300 lb. 



X 

\e-l.54' 


L 

k 0.57' 


Fig. 184. Top Chord DE. 


lof^ 


.J 



S''CP/S 75* 

* Subject to Revision 

-A 

y 


per sq. in. Accordingly, the minimum value of r for this member to justify this allow- 
able stress is 108/40 = 2.7 in. The minimum value of r for the typical upper chord 
section of two channels and a cover plate is approximately % of the depth of the channel. 
Hence, the smallest channel is probably 8/3 X 2.7 = 7.2 in. and an 8-in. channel will 
be tried. The width of cover plate can be varied considerably, but, to provide a section 
with a high degree of lateral rigidity for //-15 loading, it is satisfactory to allow a uridih 
in inches of Ho ihe span in feet plus 9 in. This width may be decreased 1 in. for //-lO 
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loading and should be increased 1 in. for /I-20 loading. This rule suggests a 17-in. cover 
plate here. 


Area required (gross) = 235,800 4- 14,300 = 10.50 sfj. in. 

. - • 1 j / \ [cover plate 17 X ■''«in. = 6.37 sq. in. 

Area furrushed (gross) = g ^ ^ 

Total = 17.35 sq. in. 


This cross-section is shown in Fig. 184. The distance back to back of channels, 10 in., 
is the nominal depth of a 10-in. beam plus the thickness of twoj^-in. gussets. This 
width will have to be varied slightly to care for the actual depth of the beam selected 
for the web members. 

Eccentricity, e = (6.37 X 4.19) 4- 17.35 = 1.54 in. 

Moment of inertia about the x-x axis. 

Plate 6.37 X 2.652 = 44.7 

Channels 2(43.7 + 5.49 X 1.542) ^ 113.6 

Ix-x = 158.3 


Moment of inertia about the y-y axis. 

Plate K 2 X ?8 X 172 = 153.5 

Channels 2(2.0 + 5.49 X 5.952) 393 5 

/v~y = 547.0 

Radii of gyration. 


Tx-x 


Ty—y 


4 

4 


158.3 

17.35 


547.0 

17.35 


3.02 in. 


5.60 in. 


Note that Vy^y is more than 1.5 times rx_r, fulfilling Sj>ec. 117. 

Maximum value of L/r = 9 X 12/3.02 = 35.7. Since this value is under 40, the 
allowable stress is 14,300 lb. per sq. in. and the section is satisfactory. 

Top Chord Member BC-CD. This member is identical with the member DE except 
that a thinner cover, or channels of lighter weight, (tan be used. 


Area required (gross) 
Area furnished (gross) 


= 199,200 4- 14,300 = 13.9 sq. in. 

^ fcover plate 17 X Js in. = 6.37 sq. in. 
I2 [s; 8 in.-13.75 lb. = 8.04 


Total = 14.41 sq. in. 


The section is shown in Fig. 185. 


Ix-x = 134.0; = 3.05. 


Again, L/r is less than 40 and the allowable stress is 14,300 lb. per sq. in. 

End Pont — a/i. This member also must Ixj identical with the top chord except 
for a reduction in weight. The next lighter weight of channel is the 8-in., 11.5-lb. sec- 
tion. The web thickness is only 0.22 in. for this section which is objectionably thin 
although it is frequently used. It would seem more reasonable to retain the 13.5-lb. 
channels and to reduce the cover plate to the minimum thickness of in. The 
effective width of cover is 40/ plus the width outside of the rivet lines, that is, 
40 X Jfe 4- 3.5 = 16 in. (Si^ec. 87.) 
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11.7 X 12 

Approximate radius of gyration *= 3.0, L/r = — = 46.8. 

o.u 

16,000 

Allowable stress = rr-r: = 13,750 lb. per sq. in. 


1 + 


46.8^ 

13,500 


185,000 

Approximate area required = — = 13.5 sq. in. 


Area furnished 


13,750 

fplate = 16 X 5^6 = 5.00 (effective) 

\channels = 2 X 4.02 = 8.04 


Total = 13.04 sq. in. 
The section is shown in Fig. 186. 

/,_x = 126.0; rx-x = 3.1. 

11.7 X 12 

The slenderness ratio = — = 45.2. 


3.1 


Allowable stress 


16,000 


1 +: 


45.2* 


= 13,900 lb. per sq. in. 


13,500 

Capacity of member = 13.04 X 13,900 = 181,000 lb. 



This is 4000 lb. under the actual load and the member is unsatisfactory. The 
cover will be increased to % in. which makes this member identical with the member 
BC^D. 

175j. Diagonal Web Members. Diagonal Be, This is a tension member carrying 
a stress of 105»200 lb. 

Required net area = 105,200 ^ 16,000 * 6.6 sq. in. 

A 10TrF33 section offers a gross area of 9.71 sq. in. 

Net area with four 1-in. holes out of flanges * 9.71 — 4(1.0 X 0.433) = 7.98 sq. in. 
A 10PrF29 section offers a gross area of 8.53 sq. in. 

Net area with three 1-in. holes out of flanges *= 8.53 — 3(1.0 X 0.50) = 7.03 sq. in. 
(A deduction of 3 rivet holes is sufficient with proper arrangement of rivet spacing.) 
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The choice between these sections will depend upon the sections chosen for the 
other web members. All web members must be approximately of the same depth. The 
depth of the lOTTFSS beam section is 9.75 in. and the depth of the \0WF29 beam is 
10.22 in. 

Diagonal cD. The design stresses for this member are a compression of 67,400 lb. 
and a tension of 25,500 lb. The compression stress controls the design. The member 
will be a 10-in. beam section. 


13.1 X 12 

The 10Tri^33 section has a minimum r of 1.94; L/r = = 81.0. 

1.94 

16,000 

Allowable compressive stress = — — = 10,750 lb. per sq. in. 


1 4- 


8P 

13,500 


P 67 400 

Actual stress = ^ - " = 6940 lb. per sq. in. 

13.1 X 12 

The 10TrF29 section has a minimum r of 1.34; L/r = — — = 117. 


Allowable compressive stress = 


16,000 


1 + 


117 ^ 

13,500 


7950 lb. per sq. in. 


Actual stress == — 
A 


67,400 

8.53 


= 7900 lb. per sq. in. 


Diagonal De. The design stresses for this member are a tension of 61,500 lb. and a 
compression of 30,000 lb. ICither stress may control the design. A beam section that 
is satisfactory for tension will be selected and checked for compression. 

Required net area = 61,500/16,000 = 3.84 sq. in. 

A 10irF21 section offers a gross area of 6,19 sq. in. 

Net area with four 1-in. holes out of flanges = 6.19 — 4(1.0 X 0.34) = 4.83 sq. in. 

13 1 X 12 

Minimum radius of gyration = 1.25; L/r — — ^ = 126. 

1.25 


Allowable compressive stress 


Actual stress = — 
A 


30,000 

6.19 


16,000 


1 -f 


126 ^ 

13,500 


7350 lb. per sq. in. 


4840 lb. per sq. in. 


This section is considerably understressed both in tension and in compression, but all 
special 10-in. beams of lighter weights have narrow flanges (4 in.) which will not carry 
K-in. rivets. 

175k. Tension Chord Members. Lower Chord M ember y al>l)c. The design stress 
for this member is a tension of 131,000 lb. A beam section as a bottom chord member 
does not furnish a simple connection for the lateral bracing and, therefore, will not be 
considered. Two angles placed outside of the gusset plates with the longer legs turned 
down form a satisfactory member. 

XT . 131,000 ^ ^ . 

Net area required = ■■ = 8.2 sq. in. 

16,000 ^ 

Two 6 X 4 X Ks-ln. angles furnish a gross area of 10.62 sq. in. 
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Details will be arranged so that but 2 holes need be deducted from each angle. 
The full net section is effective. (Spec. 85.) 

Net area = 10.62 — 4(1.0 X 0.56) = 8.38 sq. in. 

9 X 12 

Slenderness ratio = L/r = ^ — — = 57 (under 200, Spec. 84). 



Fig. 187. Bottom Chord al-ile. 


Lower Chord M ember j cA-de. The design stress for this member is a tension of 
221,800 lb. A desirable section can be formed of 4 angles, 2 of which are the same as 
those us(>d for the member al>-hc. The angles arc placred as shown in Fig. 187. 

221,800 

Net area retpiired = - = 13.85 aq. in. 

16,000 

Net area of two 6 X 4 X angles - 8.38 

Difference = 5.47 sq. in. 

Tm'O 6 X 4 X / 8-in. angle's fiirni.sh a gro.ss area of 7.22 sq. in. 

Net area = 7.22 - 4(1.0 X 0.375) = 5.72 sq. in. 


1751.. Vertical Web Members. Hangers Bb ami l)d. These members resist a direct 
tension stress of 63,700 lb. They also must be designed to resist a bending moment 
at the top of the floor beam produced by a lateral force on the top chord. This force 
is determined from the expression 150(A -h P) where A is the cros.s-sectional area of 
the top chord in square inches^ and P is the panel length in feet. (Sjjec. 116.) 

Force on top chord = 150(17.35 -f 9) =* 3950 lb. 

The lever arm for this force is the depth of the truss minus the depth of the floor 
beam and minus the gage distance for the 6-in. angle leg of the lower chord. (The 
floor beam rests on top of the lower chord.) 

Maximum moment = 3950(9.5 X 12 — 27 — 2.25) = 335,000 in-lb. 

Section. Try a 101FF33 section. Reduce the gross area for 2 holes out of one 
flange, and, according to the usual procedure in girder design, reduce the moment of 
inertia by two holes out of each flange. 

Net area = 9.71 - 2(1.0 X 0.433) = 8.85 sq. in. 

Net moment of inertia = 170.9 — 4(1.0 X 0.433 X 4.65^) = 133.4. 


Fiber stress = -7 t 

A I 


63,700 335,000 X 4.87 

8.85 133.4 


19,500 lb. per sq. in. 


This stress is not excessive since a 25% increase in working stress is allowed when the 
calculated stress is produced by a combination of D.L. , L. L. , and lateral forces. (Spec. 69.) 

Vertical Members Cc and Ee. These members are not stres.sed as heavily as the 
members Bb and Dd, (in fact, they carry no calculated direct stress) but, to simplify 
details, the same sections are used. 
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175m. Remarks on the Selection of Web Members. All web members should be 
approximately of the same depth in order to avoid the use of fillers. Hence, a 10TFF29 
section (10}^-in. depth) cannot be used for a diagonal when the lOWFSS section 
(9Ji-in. depth) is required for the vertical hangers. Either the verticals would have 
to be 101^/^45 sections (lOj^-in. depth) or else they could be made of built-up sections, 
(10 X 5i6-in. web and 4 angles 4 X 3 X ^6 in.). A better arrangement is to use the 
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10TFF33 section for all tlic diagonals and verticals. The \0WF2l section (9j8-in. depth) 
could be used for the diagonal Dc, but the 10TFF33 section is shown on the drawing. 
Clusset plates will be placed OJs in. apart, which leaves Js-in. clearance for easy in- 
sertion of all web members. The influence of this change upon the design calculations 
*s negligible. 

175n. Lateral Diagonals. The maximum stre^ss in a lateral diagonal is 16,800 lb. 
tension. The minimum angle allowed is 3 in. bj^ ‘iU in. (Spec. 113.) 

Net area recpiired = 16,800 16,000 = l.Oo stp in. 

2.09 2.09 

Net efTective area of a 3} i> X 3^2 X J^ie-in. angle = - h (1.0 X 0.312) 

4 2 

= 1.25 sq. in. (Spec. S5.) 

Slenderness ratio = 14.6 X 12 -i- 1.08 = 163. (Laterals are connected to floor 
beams at their intersection.) Note use of r about a horizontal axis. Explain. 

l^his slenderness ratio is not excessive for a tension member. Hence, there will 
be no objectionable sagging of the laterals. 

175o. Design of the Joints. The rivets will be Jg in. The top (jhord will be field 
spliced at the joints B and I). The lower chord is field spliced just to tlie right of the 
joint c. This splice could be placed to the left of the joint c more conveniently, hut the 
center member would need to be more than 40 ft. in length, which is the usual length 
of a freight car. Chisset plates are to be shop riveted to the chords. The riveted joints 
will be designed to develop the /a// strengths of the members. (S|)ec. 98.) Gusset plates 
will be of the minimum thickness allowed — J s in. (Spec. 86.) 

Joint B. Each member meeting here must be conne(?ted to the gusset plate for 
its full value. 
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Member aB. All rivets pass throuRh the channel wehs, and bearing on the web 
(0.303 in. thick) controls the design (field rivets). 

Value of a J^^-in. field rivet in bearing on a 0.303-in. web = 5300 lb. 

Value of member = 14.41 X 13,800 = 199,000 lb. 

Number of rivets = 199,000 5300 = 38 rivets. 


Member BC. Bearing on the web again controls the design (shop rivets); 


Value of rivet in bearing on a 0.303-in. web = 6370 lb. 
Value of member = 14.41 X 14,300 = 206,000 lb. 

Number of rivets == 206,000 -j- 6370 = 32 rivets. 



Member Be. Single shear controls the design (field 
rivets). 

Value of rivet = 6010 lb. 

Net value of member = 7.98 X 16,000 = 128,0001b. 

Number of rivets = 128,000 6010 = 22 rivets. 

Member Bb. This member is designed for both 
tension and flexure. Hence, the connection needs to be 
designed for the direct tension only (63,700 lb.). 

Rivet value ~ 6010 lb. as for Be. 

Number of rivets = 63,700 6010 =11 rivets 

(12 rivets are used). 


Fig. 


189. Detail at th?: 
Joint C. 


Details. The arrangement of rivets at the joint is 
shown in Fig. 188. 

Joint C. There are no calculated stresses to be resisted at this joint. The detail 
shown in Fig. 189 forms a satisfactory connection. 

Joint D. The field connection for the meml)er CD can be obtained by increasing 
the number of shop rivets in BC at the joint B by 20 per cent (39 rivets). 


Member DE. Single shear controls the design (shop rivets at 7220 lb. per rivet). 

Value of the member = 17.35 X 14,300 = 248,000 lb. 

Number of rivets = 248,000 7220 = 34 rivets. 


Member cD. Single shear controls the design (field rivets). 

Value of member = 10,750 X 9.71 = 104,500 lb. 

Number of rivets = 104,500 -r- 6010 = 18 rivets. This number of rivets is 
more than adequate to meet the requirements of Spec. 82. 

Member De. Single shear controls the design (field rivets). 

Value of member. The end connection must develop the sum of the tension 
and compression stresses for any member which undergoes reversal, that is, 
51,500 -f 20,000 = 71,500 lb. (Spec. 82.) 

Number of rivets = 71,500 -f- 6010 = 12 rivets. However, 14 rivets are shown in 
Fig. 190 as required by the shape of the gusset. 

Member Dd. Same as Bb at the joint B — 12 rivets are used. 

Details. The arrangement of rivets at the joint D is shown in Fig. 190. 


Joint c. This joint will be considered in connection with the splice in the lower 
chord. The 6 X 4 X 91 e-in. angles are continuous for the full length of the lower 
chord and will be spliced immediately to the right of the joint c. The 6 X 4 X J^-in. 
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angles are required through the four center panels only; they will be riveted to the 
gusset plates at c for their full value. 



Member cd. These rivets act in single shear and they must be field rivets. 

Net value of two 6 X 4 X J^-in. angles = 5.72 X 16,000 = 91,500 lb. 

Number of rivets = 91,500 6010 = 16 rivets into the gusset plates. 

Additional rivets. The 4 extra shop rivets shown through the gusset in Fig. 191 
are used to fill out the length of the gusset and to form a connection to the 
lower chord that will resist the sum of the horizontal components of the 
diagonal web members. The 14 rivets connecting the lower chord to each 
gusset are adequate to resist the horizontal components of the diagonal mem- 
bers. The diagonals, considered together, have 20 rivets through each gusset 
plate. Approximate horizontal component = 0.7 X 20 = 14 rivets. 

Splice in the 6 X 4 X /le-in. Angles. A J^-in. plate, 18 in. wide placed across 
the 4-in. legs offers more than enough area for splicing them. Two 51^^ X 5^-in. plates 
placed inside of the 6-in. legs complete the splice. All rivets are field driven and act 
in single shear. (See Fig, 191.) 

Net value of two 6 X 4 X HqAu. angles = 8.38 X 16,000 = 134,000 lb. 

Total number of field rivets = 134,000 -j- 6010 = 22.3. Use 23 rivets. 

Rivets through 6-in. legs = X 23 = 14. 

Rivets through 4-in. legs = X 23 = 10. 

Details. The arrangement of rivets at the joint c and in the lower chord splice is 
shown in Fig. 191. 

Joint e. Fourteen rivets are placed in each diagonal member. These diagonals 
cannot operate simultaneously at maximum capacity (one in tension and the other in 
compression) but such an assumption is on the safe side. Hence, the number of field 
rivets required to attach each gusset plate to the lower chord will be 14 X 9/13.1 = 10 
rivets. As shown in Fig. 192, we have used 8 shop rivets and 2 field rivets. 

Gusset Plate Design. The gusset plates function in transferring stress from one 
member to another. Double gussets for short spans are usually in. thick. Much 
thicker gussets are necessary for long heavy trusses. As a minimum study we will 
check the vertical shear and the flexural stress for the gusset at the joint c. (See Fig. 191 .) 
Evidently, it is conservative to check the gusset for applied forces equal to the values 
of the riveted connections. For convenience, the controlling rivets (groups Be and cd) 
are given values of 6010 lb., the single shear value of a field rivet. The forces to the 
right in Fig. 191(6) control ma.\imum moment and those shown to the left produce 
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maximum shear. The stresses for the diagonal cD and for the chord cd would be pro- 
duced by a uniform loading. For the forces from Fig. 191(6) we have 

Maximum unit shear on section y-y (parabolic variation) =» 

1.5 X 42,300 4- (0.375 X 23.5) = 7,200 lb. per sq. in. 


Unit direct stress on y~y = (54,000 — 5700) ^ (0.375 X 23.5) = 5,500 lb. per sq. in. 

48,300 X 7.75 X 11.75 


Unit flexural stress on y-y = 


M 2 X 0.375 X 23.5» 


- 10,800 


Total = 16,300 lb. per sq. in. 


Even though a net section along the vertical line of rivets had been used, the unit 
stress would still have been reasonable. There seems to be no possibility that any 
combination of applied forces would overstress 
this gusset since the forces u.^e(l are much 
larger than the actual maximum strc.sses in 
the members. There may be some question as 
to the proper choice of eccentricity e in Fig. 

191(6). However, since the upper line of rivets 
was taken as the working center line of the 
lower chord, it seemed proper to mejisure the 
eccentricity from this lino. 

175p. Floor-Beam Connections. The end 
floor-beam connection resists vortical shear 
alone while the connection for an interior beam 
must resist both shear and moment. The con- 
nection for an interior beam will be designed 
first, and if it is not excessively heavy, the 
.same connection will be used on the end floor 
beam to simplify details. 

Interior Floor-Beam Connection. 

Maximum end reaction = 61,800 lb. 

Lateral force at C.G. of top chord =3950 lb. 

(Spec. 116.) 

Moment about mid-height of floor beam = 

M = 39.50 X 98.0 = 387,000 in-lb. 

Trial connection. The standard end con- Fig. 193. Floor-Beam Connection. 
nection shown in Fig. 193 will be tried. 

Vertical shear per rivet through web of be4im = 61,800 8 = 7720 lb. 

Moment of inertia of rivet group al>out it.s center (each rivet is considered as a 
unit area) = 2(1.5* -f 4.5* + 7.5* -f 10.5*) = 378. 

Me 387,000 X 10.5 „ 

= = 10,700 lb. per rivet. 

OlO 



Horizontal shear caused by flexure = 


Direct horizontal shear = 3950 -t- 8 = 500 lb. per rivet. 

Resultant rivet shear. (See Fig. 194.) 

R = Vll,200* + 7720» = 13,600 lb. per rivet. 

Allowable rivet shear. These are shop rivets act ing in bearing on the 0.57-in. beam 
web. Their allowable shear is 12,000 lb. i)er rivet, which may be increased 25% to 
‘15,000 lb. for the effect of combined loads. It should be realized that the lateral force 
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really acting at the top chord is much smaller than 3950 lb. Hence, the computed rivet 
shear is a measure of stiffness rather than strength. 

Connection to the Vertical Post. The rivets connecting the clip angles to the vertical 
post act in single shear to resist the end reaction of the floor beam and in tension to 

resist the moment produced by the lateral force on the 
top chord. Since all hot driven rivets carry a high ini- 
tial tension, whi(^h was considered by those who deter- 
mined the working stress in shear, it is unnecessary to 
consider combined stresses. However, both the shear 
and tension must be kept within their respective allow- 
able limits. 

Single shear per rivet = 61,800 ^ 16 = 3860 lb. 
Effective crosvs-section for flexure. Use sectional 
area of J^-in. tension rivets above the neutral axis and 
bearing area of 4-in. angle legs below. The neutral axis is located at the center of grav- 
ity of the cross-section by trial. (See Fig. 195). 

Moment of inertia. 

Bearing area = 2(K X 4 X 4.5^) = 243 in.^ 

Rivet areas = 2 X 0.6(32 + 6^ + 9* + + 15^ + IS^) = 981 

Total / = 1224 in.-* 


7720 


Reversible Force 
J0JO0*5qO ‘U200 



R-I3}f00lb. 


Fig. 194. Resultant Rivet 
Shear. 


Bending moment about N.A. = 3950 X 105.5 = 416,000 in-lb 

^ . , . , ^ Me 416,000 X 18 

Tension stress m upper nvet = — = 

^ I 1224 


= 6100 lb. per sq. in. 


Allowable tension. Rivet tension is limited to one half of the working stress in single 
shear or 5000 lb. per sq. in. for field rivets. (Spec. 97.) However, this working stress 
may be increased to 6250 lb. per sq. in. for combined 
loading .which includes the effect of lateral forces. 

The standard end connection (shown in Fig. 

193) is satisfactory and will be used. The angles 
used will be 4 X 3J^ X in., 2 ft.-Oin. long. This 
thickness of metal is recpiired to resist flexure 
caused by the pull of the tension rivets. The same 
detail will be used for all floor-beam connections. 

Observation will show that most designers extend the 
connection angles above the top of the floor beam. 

This detail makes possible the use of thinner connec- 
tion angles. 

175q. End Bearing and Joint a. The number 
of rivets required in the members aR, a5, and in the 
floor-beam connection can be detennined from pre- 
vious computations. A short piece of 101FF33 beam 
section placed between the gussets opposite the 
floor-beam connection serves the purpose of a dia- 
phragm and also assists the gussets to provide a suffi- 
cient thickness of metal for bearing on the pin. 

Study the drawing. Fig. 196, and the photograph. 

Fig. 197. 

Selection of the Pin. Gross end reaction is computed for a dead load of 1900 lb. 
per ft. of truss, a uniform live load of 695 lb. per ft. of truss, and a concentrated 



Fig. 


195. Floor-Beam Connec- 
tion TO Post. 
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live load of 28,200 lb. The impact percentage is 25.4. Hence, R == 1900 X 36 4 - 
1.254(28,200 + 695 X 36) = 1:35,400 lb. 

Shear in the pin is one half of the gross end reaction = 135,400 2 = 67,700 lb. 

Average unit shear in a 3}4-in. pin == 67,700 9.6 == 7050 lb. per sq. in. 

Bending moment in pin = 67,700 X 1.31 = 88,800 in-lb. (See Fig. 196.) 

Tvu . . . 88,800 X 1.75 

Fiber stress m pm = — = q 549 ' ^ 354 == 21,100 lb. per sq. in. 

Bearing on pin = 67,700 + (3.5 X 0.875) = 22,200 lb. per sq. in. (See Fig. 196.) 

The 3J^-in. pin is not overstressed and will Ixi used. (See page 309.) 

Rocker. 

Allowable bearing (OOOd; Spec. 70) = 600 X 16 = 9600 lb. per lineal in. 

Length of rocker = 135,400 9600 = 14.1 in. A length of 21 in. is used to provide 

ample space for •anchor bolts. (See Fig. 196). 



Fia. 196. Rocker Detail at the Reaction. 


Moment in pillow. When the ends of a beam uniformly loaded overhang by 35% of 
the clear span, as in Fig. 196, the maximum moment is wL^ /li). 


135,400 12.372 

wL^/Hj = — - - - X — — — = 61,500 m-lb. 


21.0 


16 


Bending stress in rectangular beam 8 in. wide and 2 in. thick. / = 


61,500 X 1.0 X 12 


8 X22 

- 1 1 ,500 lb. per sq. in. ( 12,000 is allowable for cast steel, see § 175a.) Hence, the stress 
in the pillow (lower part of rocker casting) is satisfactory since its moment of inertia is 
considerably greater than that of the 8 -in. X 2-in. rectangle. 

Standards. The vertical standards as shown in Fig. 196 are made 1)4 in. thick. 
The allowable stresses for cast steel arc ^4 of the allowable stresses for rolled steel. 
(Spec. 71.) Hence, a thickness of IM in. is ample since a J^-in. thickness of rolled 
steel was found satisfactory for bearing on the pin. The standard is far understressed 
as a column. 


Bearing Block. 

Width required for bearing on concrete masonry = 135,400 -i- (600 X 21) = 10.8 in. 
Use 11 in. as shown in I'ig. 196. 
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135 400 

Thickness required for flexure. Bending moment at center line = — 'A 

2 

187,000 in-lb. 

Section modulus = 187,000 -h 16,000 = 11.7. 

Required thickness. Hhd" = 11.7; d = ^ ^ ~ V6) ~ 

Use a rolled steel plate; 21 in. X 11 in. X 2 in. 



Courtesy C. M. St. P. & P. R.R. Co, 
Fig. 197. Expansion Support at Lei-’t, Fixed Pedestal at Right. 


Fixed End. The fixed pedestal is similar to the roirker except that its height must lie 
equal to the height of the rocker plus the thickne.s.s of the base plate. It must provide a 
(taring area 21 in. X 11 in. A thickneas of 1 Yz in* i« found to be satisfactory for the flat 
base with stiffeners. The standards are made 1J4 in. thick. (See Fig 196.) 

175r. Lateral Connections. 

Maximum stress in a lateral = 16,8(X) lb. 

Value of member — 1.25 X 16,000 = 20,000 lb. with unincreased working stress. 

Value of a %-in. field rivet in bearing on the angle leg = 5470 lb. with unin- 

creased working stress. Since stresses for the member and also for the rivets are not 
increased for wind allowance, the design of the connection will be correct. 

Number of rivets = 20,000 - 5 - 5470 = 4 rivets. 

It is not always considered necessary to develop the full value of laterals and other 
secondary members where excess area is used to provide stiffness. Many designers would 
use 3 rivets here. (Spec. 113.) 

Lateral plates. plates are used throughout. 

175s. Truss Details. Details for this truss are shown in Fig. 198. Spacing of 
rivets, edge distances, and other such details are arranged to conform to the specifica- 
tions of the American Association of State Highway Officials. A few details need special 
consideration. Instructions for structural detailing are given in § 219. 




PLAN OF TOP CHORD 
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Stay Plates. The thickness of stay plates, to avoid possible buckling, cannot exceed 
J^o of the distance between rivet lines. (Spec. 103.) The maximum distance between 

15.6 

rivet lines occurs on the lower chord and is 15% in. t = == The lengths of 

50 

Itay plates must conform to Spec. 103. 

Lacing Bars. Single lacing can be used on the upper chord since the distance between 
rivet lines is but 13% in. (Spec. 104 limits this distance to less than 15 in. for single 
lacing.) 

Shear to be resisted for the member DE. (Spec. 104.) 


V 


P / 100 L/r\ 

100 VL/r + 10 100/ 


248,000 / 100 108/5.6 \ 

100 \108/5.6 + 10 100 / 


= 8900 lb. 


Shear per lacing bar for single lacing = 8900/2 == 4450 lb. (Spec. 104.) 
Stress per bar (placed at 60° with member) = 4450/0.866 = 5150 lb. 

1 3 62 

Thickness of bar ()4o of length) = Ke in. 

13 62 

Slenderness ratio L/r = — — = 124. 

0.866 X 0.29 X 0.44 

16 000 

Allowable compression = i24^ ~ ~ 7470 lb. per sq. in. 

^ 13,.500 

Actual stress (2}^i X Jie-in. bar) = — — _ 52 OO lb. per sq. in. 

2.2o X 0.44 

Knd connection. One ^i-in. shop rivet has a value of 5300 
lb. in single shear. Use one ? 4 -in rivet at each connection. 

Slenderness ratio for channel between connections = 13.62 
-T- (0.866 X 0.60) = 26. (Spec. 104.) 

175t. Net Section of Lower Chord. Only 2 r'v^ct holes were 
deducted from eai^h lower chord angle. (There are 3 gage lines 
spaced for clearance as shown in Fig. 199.) The rivet stagger must 
be arranged so that this condition will be fulfilled. The deduction 

is controlled by the formula X ~ I — — - • (Spec. 106.) 

4gh 



Special Gages. 


Assume the stagger to be 2 in. 
22 


X = 1 - 


X = 1 - 


4 X 5 X 1.0 
22 


= 0.80 


= 0.55 


4 X 2.25 X 1.0 
Total deduction = 1.35 + I 
= 2.. 35 holes. 


Assume the stagger to be 2} 2 in. 

2.52 


X = 1 - 


= 0.69 


X = 1 


4 X 5 X 1.0 
2.52 

4 X 2.25 X 1.6 
Total deduction = 0.99 + 1 
= 1.99 holes. 


0.30 


A stagger of 2%-in. is satisfactory and will be used between the first 2 rivets. The 
stagger (*an then be decreased to 2 in., since the total stress on the net section has been 
reduced by the value of the first rivet. ’'Phis arrangement applies at the joint a as may 
be seen in Fig. 198 where a diaphragm necessitates rivet holes on three gage lines. At 
the joints b and d the stagger is shown as lyi in. Actually, it would be desirable to 
increase this value to 2 in. since the floor-beam connection requires three gage lines to be 
used in one of the chord angles. 
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PROBLEMS 

218. Redesign the highway bridge truss of § 175 for the standard working stressei 
of the American Association of State Highway Officials as given in Spec. 70. 

219. Redesign the highway bridge truss of § 175 for //-15 loading and working 
stresses taken from the 1941 AASHO specifications. 

220. Design a highway bridge truss to meet these requirements: (a) low truss type, 
(6) span 80 ft. -3 in., (c) clear roadway width 24 ft.-O in., (d) iL-20 loading, (c) AASHO 
specifications and working stresses from § 216, (f) roadway to be of untopped concrete 
supported on stringers. 

221. Design a light industrial roadway bridge of low truss type for H-10 loading 
and a 65-ft. span. The roadway width is 18 ft.-O in. The flooring is of planks 3 in. thick. 
Use a horizontal upper chord and a floor system with stringers. Use the working stresses 
allowed by the A I SC specifications but follow the AASHO requirements in other 
respects as given in § 216. 

222. Set up general conditions regarding the terrain of a stream crossing and design 
a low truss highway bridge to fit these conditions. Follow your state highway specifi- 
cations or other local codes. 

176. Conclusions Regarding Truss Bridge Design. The low truss type 
of highway bridge was chosen to illustrate the general problem of truss 
bridge design because it can be presented rather briefly. The through 
truss bridge is used for longer spans. It has more members, but its design 
is not particularly more complicated. The only other problems involved 
are the design of the upper laterals, the portal, and the sway frames. Con- 
sideration of the railway truss brings up the complication of locomotive 
loadings, but its design introduces few other problems. A pin connected 
truss ‘is considerably different from the riveted truss designed here. How- 
ever, this difference is primarily in the specialized problems of pin packing 
and of pin-plate design considered in Chapter 4. Welded trusses are 
becoming more common and they have already been given consideration 
as building structures where their use has been entirely accepted. If the 
student carries out the design of a low truss bridge in all of its details, he 
will have met with most of the common problems of steel bridge design. 
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OFFICE BUILDINGS 

177. Tier Construction. Tho skyscraper is the obvious example of tier 
arrangement, but modern design employs this construction for buildings 
of all heights. The older development of wall bearing construction prac- 
tically disappeared with the introduction of modern architecture which 
employs glass or other thin wall construction that is unable to support 
its own weight for a heught above one story. All loads must be supported on 
the steel frame consisting of beams, girders, and columns. As soon as the 
height of the building exceeds the normal length of a column (two stories 
or three stories at most), we have to splice one column on top of another, 
and we have then produced tier construction. Except for the wind-stress 
problem, the same considerations will apply to the four or five-story build- 
ing as to one which is twenty or thii^ty stories in height. Some of these 
problems that affect the structural design are as follows. What spacing 
of columns will prove economical? Are wall columns to be permitted or 
are the floors to cantilever out beyond the columns? How are the floors 
to be framed? What arrangement of elevators and stairs is needed? Wliat 
methods of fireproofing are to be used? What heavy machinery needs to 
be supported? These and similar questions are matters of structural and 
of functional design. They may be answered from experience or by anal- 
ysis and study of solutions found by other engineers for other structures. 
Since most young engineers lack experience, the following group of ex- 
amples are introduced to help guide the beginner who is faced with the 
layout of a tier building. These examples have been reported by Engineer- 
ing News-Record as instances of good structural design and good functional 
arrangement. 

Examples of Functional Arrangement 

178. Seven-Story Office Building. This structure was built for the 
Bankers Life Company of Des Moines. Exterior trim is of granite and 
limestone, casement windows and exterior doors are of bronze. The 
windows are set in large panels of glass brick as shown in Fig. 200. Interior 
finish is of enameled steel sheets. The building is insulated and air con- 
ditioned. Heating is by wall pipes encircling the windows. The forced 
ventilation is sufficient to change the air once in eleven minutes, cool air 
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Fig. 200 . Exterior Wall Details for an Office Building. 

Steel panel interior walls, perforated metal ceilings, bare copijer hot water heat pijies 
and recessed lights are new ljuilding features. Walls and ceilings are also well insulated 
against heat and sound. The wall panel illustrated is typical of the exterior construction. 


332 



OFFICE BUILDINGS 


333 


being used winter and summer to equalize the heat released by the artificial 
lighting and by the occupants themselves. The artificial lights are 
depressed in the ceiling, fixtures being at 10-ft. centers. Some of these 
features are evident in Fig. 200. 

The plan shown in Fig. 201 is typical of the six working floors. It 
furnishes a main building 94 ft. by 240 ft. which is six stories high (the 
seventh floor being of small area) and a single-story auditorium 91 ft. 
by 128 ft. at the rear. The basement Ls used for service and storage ol 
equipment, ground floor for dead filing and mailing, first floor for entrances 
and live files, second to fifth floors for clerical areas, sixth floor for execu- 
tive offices, and the partial seventh floor for the directors’ room and the 
necessary mechanical plant. 

The important part of the plan of Fig. 201 is the wide open clerical 
areas where columns are entirely avoided. This U-shaped area on each 
floor is 93 ft, by 239 ft., the minimiun clear span being 53 ft. and the open 
area being 10,000 sq. ft. ivithout column interference. This requirement 
was set bc'cause of the company’s experience that columns interfered with 
efficient planning and arrangement of its large clerical departments. The 
conc(?ntration of ehwators, stair wells, ducts, and shafts in a small area 
repres(^nts efficient planning. The ceiling height of 12 ft.-3^ in. for the 
clerical arenas follows the modcirn practice of using reasonably low ceilings 
even for v(uy large spans. 

The Steel Structure. There being no interior columns, the structure 
consists merely of wall columns into which the main girders frame. Floor 
joists are flush with the tops of the girders and are attached at right angles 
to them. The omission of the usual interior columns made heavy girders 
necessary bec^aiLse they must span 55 ft. These girders, spaced 9 ft.-8 in. 
apart,, are 3(j-in. riveted sections. Holes are cut through the girder webs 
at about the (quarter points of the span to allow openings for air ducts, 
])ip(‘s and conduits. These holes are one half the depth of the web and 
the web is reinforced around each hole. Columns and joists are of stand- 
ard rolled sectioas. The joists, spaced about 5}4 ft. apart, support flat 
tile arch(^s that form the floor. 

The entire frame could have been designed for simple-span beam 
action. However, for economy, the designers produced rigid connections 
between girders and columns and tied the joists together across the girders 
(with welded top tie plates) to resist negative moments. The reductior 
in positive moment was used as a proper excuse for reducing sections* 
This was of particular advantage in decreasing girder deflections, which 
were naturally found to be serious for such long spans. This building 
illustrates a combination of good functional design and the most modern 
conceptions of good structural design in steel. The total weight of struct 
tural steel was 3500 tons. 
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Foundations. Since the only columns supporting the building were 
around the outside walls and along one interior face, the foundation prob- 
lem was rather unique. The footing material was variable and, therefore, 
a unit foimdation was considered necessary. The outside basement walls 
were reinforced to act as distribution walls across the tops of the column 
footings. Cross walls tied the entire foundation structure into a single 
unit that was found to be more economical than the ase of piling without 
such unit construction. 



Courtesy Eng. News-Record. 

Fkj. 202. Power Plant Building Functionally Designed. 

Architect’s sketch of power plant, with roof levels from high to low corresponding to 
boiler house, turbine house and switch house. Small structure at right is screen house 
over intake tunnel. 

179. Power Plant Building. An architecturally pleasing power plant 
building with good stnictural design characteristics, built for the city of 
Holland, Michigan, is shown in Fig. 202. This building attracted wide 
attention because of the care given to appearance and to function. The 
three subdivisions of f unction — boiler room, turbine room, and switch 
room are recognized in the plan (Fig. 203) and also in elevation by differ- 
ent heights of roof. An operating floor carries through the three sub- 
divisions of the building at one level, that is, 20 ft. above the ground floor. 
Turbines and boilers are located on this level. Half way from the operat- 
ing floor to the ground is a mezzanine floor that extends through the boiler 
house and the switch house and through a part of the turbine house. This 
may be observed on Section A-A of Fig. 203. It serves for toilets, showers, 
and locker facilities and provides space for the forced draft fans. The 
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ground floor has the ash removal apparatus and pumps in the boiler house, 
the condensers in t he turbine room, and the batteries in the switch house. 
Above the main operating floor in the turbine room, there is a 30-ton over- 
head crane. This crane A\nll handle turbine parts or other equipment that 
may Ix' delivered by truck to the ground floor and then lifted through a 
large o[)en hat(^h to the operating floor of this room. The space above the 
operating floor of the boiler i*oom is filled with fans, tanks, heaters, stacks, 
and a coal bunker; s(?veral hwels of flooi-s, with stairs and an (‘levator, are 
providcnl for service. It is significant that the coal bunker is maintained 
below atmos])heric pressure (by a simple connection to the furnace air 
duct) to avoid the flying dust problem so evident in the usual boiler house. 

The Structure, Columns occur in five main lines across the building as 
may be seen in the upper or plan view of Fig. 203. A sixth partial line of 
columns occurs along the exterior face of the switch house. There are six 
columns in each main line and 18-in. I-beams are framed between these 
lines of columns on the operating fl(X)r. Joists at about 6-ft. spacing 
parallel to the lines of columns frame between the main beams to support 
the G-in. concrete floor slab. Operating floors at higher levels in the boiler 
room are of open steel grating, 13^ in. thick. The successive roof spans 
are roughly 20 ft., 47 ft., 51 ft., and 20 ft. The two shorter spans are 
framed with roof beams, but the longer ones require trusses. These trusses, 
like the main 18-in. floor beams, are 15 ft. apart. 

Architectural Details, Outside walls are of buff face brick with darker 
brick spandrels below the windows. A vitreous but unglazed tile varying 
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from buff to red is used throughout the interior. Exterior trim around 
doors and windows is a cream colored stone. Windows and doors are 
metal. Floor finish in the boiler house is troweled concrete with a metallic 
hardener. A tile floor is used in the turbine house. The switch house 
floor and some other areas are terrazzo. Roofing is tar and gravel (4 ply) 
on a 1-in. cork board insulation, which, in turn, is supported by precast 
concrete tile. The modern appearance of the building (Fig. 202) achieved 
by the contrast of long vertical and horizontal lines and by a total lack of 
adornment is exceptionally pleasing. 

180 . Engineering Drafting Offices. A building functionally designed 
for engineering office work was constructed by the Pullman Standard Car 
Mfg. Co. in Chicago. This structure of T-shaped plan is 289 ft. by 222 ft. 
as may be seen in Fig. 204. The long narrow office section at the front of 
the building is 289 ft. by 59 ft. This section is one story high but it may 
be extended to two stories when the need develops. The two rear drafting 
rooms are each 54 ft. by 163 ft. separated by an aisle of 15-ft. width out- 
lined by the interior columns. Each drafting room is unencumbered by 
columns. In addition, there is a small basement 24 ft. by 35 ft. and a 
penthouse 24 ft. by 32)4 ft. where the machinery for ventilation and air 
conditioning is housed. 

The final interior arrangement of the drafting rooms developed natu- 
rally from two paramount requirements: (1) excellent lighting to avoid 
eyestrain, and (2) humidity control to make accurate work on vellum 
drawings ]X)ssible. Vellum stretches and shrinks iukUt moisture change. 
Hence, scale drawings are accurate only when moisture changes are pre- 
vented. (Consideration was given to saw-tooth construction with natural 
lighting, but it was decided that a uniform light intensity of 35-40 foot- 
candles was needed and could only be obtained by artificial lighting of the 
indirect type. Naturally, then, a flat roof was chosen in preference to the 
less modern saw-tooth style Because of the low celling (10 ft. clear) 
there arose the problems ot dissipating the heat from the artificial lighting 
and of providing proper ventilation. A modified air conditioning system 
was designed to accomplish three results, that is, to ventilate the drafting 
rooms, to cool the air sufficiently to absorb the heat from the lights, and 
also to control humidity. The duct system is visible in the plan of Fig. 204. 
The use of indirect lighting led to a plastered interior for the drafting 
room in order to maintain reasonable economy in the use of electricity. 
Thus, function dictated all important elements of the building. 

Details of Construction, Walls are 4-in. brick backed up by 8-in. tile 
around the drafting room and by an equal thickness of brick in the office 
section. Glass block bands provide natural light in the offices. Floors 
are of 4-in. concrete on a 6-in. cinder fill. An asphalt tile flooring (Ke in.) 
is used in the drafting rooms and offices; terrazzo was chosen for the 
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Fig. 204 . Plan of Pullman's Engineering Building. 
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washrooms and vestibules while finished concrete was considered adequate 
for the service rooms and vaults. Main partitions are of hollow tile; tem- 
porary ones are of wood and glass. 

The walls carry no roof loading. Circular pipe columns about 23 ft. 
apart support the 33-in., 125-lb. roof girders that span 54 ft. across the 
drafting rooms. There is no rigid-frame action in this building. The roof 
construction consists of beams perpendicular to the roof girders at 6-ft. 
spacing supporting 2-in. gypsum planks. Over the office section, the ceiling 
consists of a 4-in. concrete slab that will serve as a floor for a future second 
story. All roofing is built up of tar and roof paper placed over a 1-in. 
msulation board. Interior finish throughout is simple but effective in 
appearance. Steelwork, ceilings, and exposed piping are all painted a 
uniform cream color. Hence, they blend together so that the piping is 
hardly noticed. Office interiors of red face brick, aluminum Venetian blinds, 
and varied floor tile are colorful and attractive. The drafting room walls 
and ceiling are painted a light cream color to reflect light properly. The 
drafting room provides space for 200 draftsmen with one large drawing 
table and one half of another table per man. The actual drafting space is 
about 75 sq. ft. per draftsman. The overall space including offices and 
service rooms is 190 sq. ft. per draftsman. 

181 . Post Office and Federal Building. The Pittsburgh Post Office 
and Federal Building, a ten-story tier stnicture, is worth study because 
of the irregular column laijout that varies from story to story necessitating 
girders for column transfer and the use of shallow girders for this purpose 
to save story height. 

The upper floors provide working offices and also s(weral court rooms 
that required open floors without column interference. The (;ourt rooms 
have a height of two stories and a floor area 44 ft. by 50 ft. each. ^Phey 
are evident in the elevation of Fig. 205. The floors from the first to the 
third were used by the post office and a regularity of column spacing was 
considered necessary. Since this spacing could not match the column 
spacing in the upper floors, where a narrow corridor between rows of 
offices was required, the 4.th floor girder had to be designed for column 
transfers. Again at the railroad track level (below the first floor) a special 
“ crazy column arrangement was necessary to support the skewed rail- 
road spur tracks that entered the building. Accordingly, we find a column 
transfer girder at the 1st floor line. 

Shallow girders had to be used at the 1st floor level. They are of the 
types shown in Fig. 206. In order to provide standard railroad head room, 
it was necessary to allow 20 ft. -11 in. above the top of rail even with the 
minimum permissible girder which was 37 ii^- deep. Some girders carry- 
ing columns that supported ten stories required type I girders with cover 
plates 2J4 in. thick. These column loads reached 900 tons and the girder 
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Fiq. 205. Section through Post Office Building at Pittsburgh. 

moments were as much as 2050 ft-tons. Type II girders even with S-in 
cover plates were able to resist only 1730 ft-tons. At the 4th flooi 
level the solution was much the same but was obtained with lighter girder 
sections because the maximum column load was 610 tons and the largest 
girder moment was 1470 ft-tons. 

Some special 50-ft. girders were required to span the columns and 
railroad tracks over the trucking space in the basement. These are special 
girders (marked track level girders in Fig. 206) with split beam Tecs inserted 
in the flanges. These girders of 10-ft. depth resist bending moments of 
8920 ft-tons. A column load of 1072 tons had to be supported. Girdem 
designed to act in pairs were riveted together with stiff connections. 

Soundproofing. Since the railroad tracks were to be sui)poi*ted by the 
building columns, a serious problem developed in soundproofing the liuild- 
ing. The solution was a simple one. Cross beams spaced about 5 ft. 
apart supported a concrete slab of trough section 16 in. thick. Within 
this trough were placed three 1-in. layers of cork. The trough was then 
filled with another reinforced concrete slab, also of about 16-in. thickness, 
that supported the track. The inside slab was designed to transfer the 
wheel loads to the cork with a resultant unit pressure of only 10 lb. per 
sq. in. The inner slab was keyed to the outer slab or trough with concrete 
teeth bearing in cork insulated depressions. Soujid waves Avere thus insu- 
lated from the building. 
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The shallow girders of Types I and II are used in pairs at the first and fourth floors for column transfer. The deep track-level girders 
are built up with split beam Tees as a part of their flanges. They are of 10-ft. depth. 
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Design and Construction Details 

182 . Glass-Block Walls. Glovss blocks may be obtained in all sizes up 
to 12 in. X 12 in. The nominal thickness is 4 in.; the actual thickness 
being 3% in. They are made by casting two open rectangular or square 
dishes. These glass dishes are then fused together after their rims are 
first dipped in molten metal. Since glass blocks have become a standard 
feature of modern construction, both for industrial and office buildings, 
some data on their strength are necessary. The following data were re- 
ported by Engineering News-Record from the results of tests made at 
Purdue University. 

Compression Tests, “ Single blocks, tested in compression with a gypsum 
cap, cracked first at 1078 lb. per sq. in. and carried a maximum load of 
2036 lb. per sq. in. With a cement and plaster of paris cap, the first crack 
occurred at 685 lb. per sq. in., and a maximum load of 828 lb. per sq. in. 
was carried. These are averages for six blocks. Piers five blocks high 
with Me-in. rodded mortar joints (1 part masonry cement and 2)/2 parts 
sand) cracked first at 405 lb. and carried a maximum load of 478 lb. per 
sq. in. Panels three blocks wide and nine blocks high gave crack and 
maximum load values of 325 and 400 lb. per sq. in. respectively; there 
was little difference whether the joints were deep rodded or flush. These 
data refer to the load per square inch of actual compressive area, 

“ Lateral Strength, Panels about 7 X 8 ft. in size, held between brick 
piers and sills, were subjected to lateral pressure through an inflated bag 
held against the wall. There was no visual failure until a pressure of 120 
lb. per sq. ft. had been attained, after which the panel failed by shearing 
of a joint near the top. Deflection at the center of the panel was about 
34 in. A steel sash panel of the same size deflected in. for a pressure of 
only 5 lb. per sq. ft. 

** Heat Transmission, Conclusions as to the insulating value (based 
upon a panel containing 190 sq. in. of glass and 26 sq. in. of mortar) were 
that the glass block transmits 69.3 per cent less heat than common steel 
sash, and that it does not permit inside surface condensation when subjected 
to ordinary temperature and humidity conditions. Also, that the glass- 
block wall is equivalent in insulating value to a 16-in. plain brick wall, 
an 8-in. brick wall furred with wood lath and plaster, or a 16-in. concrete 
wall furred with lath and plaster. The tests showed that the block has 
an average coefficient of heat transmission of 0.29 B.t.u. per sq. ft. per 
hour per degree F. difference in temperature; walls of 8-in. solid 
brick and 12-in. concrete block have coefficients of 0.32. In a companion 
series of tests on solar-heat penetration, the glass block eliminated 
54.6 per cent of the available solar heat, while steel sash eliminated 
only 20.4 per cent. 
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Transmission of Light Blocks with various types of rib and prism 
designs were tested under a 50 foot-candle light. For one design, 86.5 



per cent of the light was trans- 
mitted; with another, 78.5 per 
cent was transmitted, whereas a 
ribbed vdre-mesh plate glass trans- 
mitted 77.5 per cent and a plate 
glass with a pebble-dash surface 
transmitted 88.3 per cent. Ex- 
pressed in another way, 1.3 sq. ft. 
of the block used in the building is 
equivalent to 1 sep ft. of ordinary 
window pane. One face design 
transmitted only 11.7 per cent of 
the light, falling on it; such blocks 
are used where high light intensi- 
ties are not desirable. 

Support of Glass-Block Panels, 
Glass-block walls or panels may 
be supported like ordinary brick 
walls. Spandnd se(*tions used in 
one building are shown in Fig. 
207. ''Fhe exterior walls consist of 
concrete and of glass block, (bm- 
binations of glass blo(^k with 
spandrels of stone, brick, terra 
cotta tile, art.ifi(;ial marble, and 
polished or enamek'd metal are 
quite common. Since glass block 
expands far kiss than steel or con- 
crete, fre(][uent expansion joints 
are needed both verti(ially and 
horizontally. Such joints may be 
of packed glass wool sealed into 
the joint with mastic. Plaster is 
usually returned to direct contact 
with glass block for interior con- 
struction. 


183. Expanded Metal Framework. The search for economy in light 
steel construction has led to the use of expanded metal joists which are 
reasonably standard for roof and floor construction. The use of expanded 
metal stvds and their grouping into columns by welding is a relative in- 
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novation. This device makes light steel construction in forms and heights 
commonly used in timber construction possible. Of course, all joints and 
connections are welded. The following description of the construction of 
such a light two-story office building by the Bethlehem Steel (.'o. is taken 
from Engineering News-Record. The details of this construction are 
illustrated by Fig. 208. 

Example of Expanded Metal Office Building Frame. The framing of 
the walls consisted of 4-in. expanded mental studs used singly or in groups 
of throe after fabrication into H-section columns by wielding. These stud 
columns oc(^ur at four lo(;ations along either side wall, where they are 
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Courtesy Engineering News-Record. 

Fkj. 208 . Details of Building with Expanded Metal Joists and Studs. 


reciuired to support the outer ends of the transverse I-beams. Studs are 
placed at 2-ft. intervals around the building except at the cornel’s which 
are formed by three closel}^ set studs welded together. Except at the 
doors and windows, the studs are used in the full tw^o-story length of 
22}^ ft. Stud sections laid flat comprise the necessary horizontal mem- 
bers of the door and window framing. They are also used at the roof level. 

Bracing of the frame is largely accomplished by light bridging in each 
wall. This consists of three liiu3s of % X X %-in. angles threaded 
through the stud webs anci welded to the inside of the exterior upright. 
These lines of bridging are at the top and bottom of the second story 
windows and at the top of the first story window’^s. Where joists frame 
into walls, as is the case both for end walls and for those portions of the 
side walls opposite the stnictural steel framing, 2)^ X 23^ X M-in. shelf 
angles are used as supports; these angles are wielded to the studs and thus 
serve as additional bracing. In the window^ bays, V-shaped bridging of 
1 X /4-in. flats is used on the exterior faces of the studs between the top 
of the first and the bottom of the second story windows and between the 
top of the second story windows and the top of the building frame. 

The wall framing is covered outside with paper-backed wire mesh, 
which is wired to the studs. The single-brick exterior wall is laid up about 




346 


DESIGN OF MODERN STEEL STRUCTURES 


in. clear of the wire mesh, and this space is flushed full of mortar to 
assure a good bond. The brick veneer is also anchored by brick wall 
anchors pushed through the building paper and snapped over the outside 
flange of each frame stud at every 5th course. By filling the stud spaces 
with 4 in. of mineral wool held in place by lath and plaster, a wall with 
insulating properties equivalent to a 12-in. brick wall is said to be provided. 

Floor joists are 12 in. deep, spaced 21 in. on centers; they are welded 
at the supports, and for additional stability they rely on the 2J^in. slag- 
concrete floor slab. This slab was placed directly on metal-rib lath stretched 
over the joists and tack W''elded to them; a dry mix was used so that it would 
not run through the lath, and a very satisfactory floor resulted. A 2-in. 
terrazzo topping is used in the dispensary room and in the main entrance 
lobby; elsewhere the slab is merely covered with linoleum. Ceilings are 
metal lath and plaster in the basement and for the first floor; on the 
second floor a suspended ceiling of acoustic tile is used. 

The concrete roof slab Ls covered with a 2-in. cinder concrete fill, 1 in. 
of wood-fiber board, and built-up roofing paper, to provide an insulating 
effect comparable to that of the walls. 

With the exception of a few connection details on the rolled sections, 
field forces managed the entire fabrication as well as the erection of the 
building. The expanded metal studs came to the job in stock lengths of 
22J^ ft. so that cutting was necessary only on those required in the center 
of the window bays. Welding was the principal operation. 




Fig. 209 . Concealed Ducts for Air Distribution. 

184. Ductwork. With the advent of air conditioning as standard 
practice in office buildings and even for industrial structures, the problem 
of arranging the ductwork in an inconspicuous manner has become im- 
portant. If the arrangement of ducts is given little consideration, it may 
spoil the inside appearance of the structure. The problem is to conceal 
the horizontal distribution system and also the set of vertical risers that 
bring the conditioned air from the lower to the upper stories. One solu- 
tion to this problem is indicated in Fig. 209. The vertical ducts are furred 
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spaces around the columns. The horizontal distribution ducts are shown 
as enclosures of the floor girders where they appear as wide girders along 
the ceiling. This is only one of many possible ways of concealing duct- 
work. Exposed ductwork when well arranged may be functionally 
attractive. 

185. Expansion Joints. The length of building that may be con- 
structed without an expansion joint is dependent upon the type of con- 
struction, the exposure, the difference between inside and outside temper- 




(6) Joint in Sidewall 



(d) BixpCLnsion Joint between New and Old Building 


Courtesy Engineering News-Record, 

Fig. 210. Expansion Joints of Leak-Proof Types. 
atures, and the possible deflection due to temperature that may be 
absorbed without damage. A common rule is to provide for a movement 
of in. for each 100 ft. of length, with expansion joints spaced from 
200 to 300 or possibly 400 ft. apart. Brittle materials are subject to dam- 
age by expansion even when main sliding joints are placed in the building. 
For this reason glass block must be provided with open joints packed 
with fiber glass and sealed with mastic at from 30 to 50 ft. apart. Since 
some glass block is of pyrex glass with a very low coefficient of expansion, 
there is the probability of considerable movement between the glass block 
and the steel frame that supports it. 





Typical Bracket at 4th Floor Typical Bracket at I'Jth Floor 


Courtesy Engineering News-Record 


Fia. 211. Complexity of Girder-to-Column Details. 
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In Fig. 210 we find several typical expansion joints illustrated. Slid- 
ing joints (a) and (6) are standard and have been in use for many years. 
The joint (c) is a special accordion design for a comer. It permits a 
weather-tight expansion joint passing around the corner of a building or 
across the valley of a roof. The most difficult problem occurs in providing 
expansion between new and old construction. A solution is illustrated 
in Fig. 210(d). These joints all are designed to eliminate or reduce the 
maintenance common to joints that depend upon the squeezing out of 
mastic filler to permit movement. Such filler squeezes out and does per- 
mit movement, but an open leaky joint is left when the building contracts. 

186 . Column and Girder 
Details. For very regular 
buildings, the column and 
girder details may be quite 
simple. On the other hand, it 
frequently happens that the 
stmctural engineer is furnished 
with architectural plans neces- 
sitating the use of off-set col- 
umns and highly irregular floor 
framing. Girders that miss the 
columns entirely must be sup- 
ported upon cantilever brack- 
ets. Girders and beams may 
meet at different levels. Wall 
and floor supports require two 
or even three beams closely 
spaced at the spandrels. These 
and other irregularities may be 
seen in the details of Fig. 211. 

The designer must be prepared 
to arrange structural details to 
fit the architectural plan with- 
out excessive cost. 

Structural welding has sim- 
plified the designer's problem 
greatly. A few details that 
are clearly simplified by being 
partially welded are shown in 
Fig. 212. The modern tend- 
ency to produce continuous girders in building construction in order to 
reduce the design moments is largely possible because of the use of electric 
arc welding. The cost of riveted details of sufficient rigidity to produce 



Fig. 212. Welded Column and Girder 
Details. 


The illustration shows how complex details 
may be simplified by w'elding. These details are 
from a 17-story apartment house in Europe. 
Note the use of double girders to save head room 
and the further attempt to reduce girder moments 
by providing continuity through the columns. 
The structure was shop welded and field riveted. 
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continuous beam action has usually been considered too costly to be 
justified for complex structures. This situation has been reversed by the 
use of welding. 



(o) Riveted X-bracing between Stories, {b) Welded K-Bracing to Columns. 

Fig. 213. Comparison of Diacjonal Wind Bracing. 


187. Wind Bracing. Special details of the wind bracing for tier build- 
ings are shown in Figs. 213 and 214. The X or X-bracing of Fig. 213 has 
long been considered the most economical as well as the most rigid type 
of bracing. It is used in outside walls and around elevator shafts. The 
introduction of horizontal bands of windows or of glass block entirely 
around the building eliminates the possibility of using enough X or X-brac- 
ing to stabilize a tower structure. Dependence is then placed either upon 
short knee braces between columns and girders or upon brackets and 
knuckle connections as illustrated by Fig. 214. These details are shown 
riveted but they are often welded instead. If advantage is to be taken of 
the influence of rigid connections in the reduction of the dead load and 
live load moments in the girders, a welded structure with wind resistance 
dependent upon the column-to-girder joints may prove as economical as 
one with X or X-bracing. Since welded joints are able to resist wind 








Spandrel Connection to 
Outside Column 


Section A- A 
Spandrel Connection on 
C.L. of Column 




irr 




<^24 I .. 

79,9ltdips 



Section B-B 
Typical Beam and 
Column Connection 



Column Connection 

Courtesy Engineering News-Record, 


Fia. 214. Types of Wind Bracing Connections, Union Trust Building, 

Detroit. 
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moment whether the X-bracing is used or not, we can easily understand 
how economy might be achieved in such a structure by the omission of 



the X-bracing. Much is dependent upon the regularity 
or irregularity of the structure. When columns are 
offset and girders must be supported upon cantilever 
brackets from the columns, the development of wind 
resistance through the column-to-girder connections is 
not as satisfactory as for the regular frame. 

A special problem in wind bracing is illustrated by 
Fig. 215. Here we have a large portal that not only 
resists the wind shear but also carries two column 
loads over an open banking room which is between 
four and five stories high. Such heavy portal trusses 
are subject to high secondary stresses because of their 
short stiff members. In the structure illustrated by 
Fig. 215, the rivets were driven successively as the loads 
were applied, rivet holes being reamed in the field 
where necessary. Thus, the final rivets in any joint 
were not driven until all of the dead load had been 


Fig. 215 . 
Portal above 
Banking Room. 


applied to the portal truss. It is thought that this 
method of construction permitted slight rotations be- 


tween members at the joints and in this manner relieved 


the secondary flexural stresses that would normally have ac(^ompanied 


the application of the dead load. 




CHAPTER 15 


DESIGN OF A TALL BUILDING 

188. Function of the Building. A college of science and engineering 
must be accommodated on a plot of land 600 by 125 ft. located in the 
heart of a metropolitan area. The student body is expected to remain 
constant in number, but it must be possible to change the character of any 
part of the building to meet the needs of a changing student body. There- 
fore, floors will be designed so that partitions can be added or removed at 
will, '^rhus, classrooms can be changed to laboratories or vice versa, 

Siri(;e the college building is located in a business district of a large 
city, a n^asonably tall building is appropriate and perhaps desirable in 
order to create an adequate impression upon the community. To dis- 
tinguish this building from its neighbors it is desirable to surround it 
with an area of green grass with plantings. The building should prefer- 
ably not cover more than one third of the land. For a technological center 
the appropriate architecture is obviously modem. The simple lines of 
modern industrial buildings and the inexpensiveness of such construction 
commcuid tluunselves. The wide use of glass, both translucent and clear, 
will provide excellent natural lighting, although proper artificial lighting 
is needed in the late afternoon for all college classrooms and laboratories. 
Ducts for artificial ventilation should be provided throughout even though 
air conditioning is considered necassary for only a few rooms. 

189. Structural Form. An analysis shows that 16 floors about 45 ft. by 
450 ft. in size are adequate. This plan offers a gross area of 325,000 sq. ft. 
and a working area in classrooms, offices, laboratories, etc., of about 
225,000 sq. ft. In order to preserve the full usefulness of the main area 
and to permit complete freedom of subdivision of this area for large and 
small rooms, the service shafts (elevators, stairways, conduits, ducts) are 
placed on the face of the building and outside of the working area. The 
architectural plan of Fig. 216 shows this arrangement and also the arrange- 
ment of walkways, entrances, and plantings. The service shafts on the 
front of the building introduce contrasting vertical lines that add interest 
to the structure. The dimensions on the plan of Fig. 216, which show the 
building to be 48 ft. by 442 ft., are approximate outside dimensions. 

Column Spacing. It would have been desirable for economy to have 
spaced the columns about W ft. apart in both directions. Actually, the ap- 
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proximate spacing shown in the views of Fig. 219 and Fig. 221 is 22 ft. along 
the building and 13 ft.-8 in. and 32 ft.-4 in. across the building. The 
spacing along the building might have been reduced, but 22 ft. was con- 
sidered a desirable average imit for classroom and laboratory areas. The 
narrow column spacing across the building was fixed by the need for an 



Business Offices end Registration I Lobby \ Student Organizations and Publications 



Fig. 218 . Layout of Floors fob a College Building. 
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unobstructed corridor (set at 13 ft.-8 in.) to permit rapid movement of 
students between classes and to give a feeling of spaciousness that would 
otherwise be entirely lacking in a building where lobbies, plazas, courts, 
and similar areaways do not exist. The wide spacing of 32 ft.-4 in. be- 
tween columns in the working area was necessary to permit change in 
room sizes at any time during the life of the building. If this span had 
been subdivided by adding a fourth column across the building, there 



Note: This is ji preliminary arrangement that will be revised when the floor details are 
decided ui)on. 


would have been a line of columns along the centers of all large lecture rooms 
and laboratories. This restriction was considered to be unacceptable. 

Wind Resistance. The choice of column arrangement is functional 
rather than structural. However, the first duty of the structural engineer is 
to make the building serve its primary function in as nearly a perfect 
manner as possible. The structural arrangement is secondary. The de- 
sign chosen produces a bent of unusual form. Since this narrow building 
will have but three columns in any \™d bent (Fig. 221) and since diagonal 
bracing or even knee braces are evidently incompatible with the require- 
ment that all partitions across the building must be removable, w^e may 
find a rather serious wdnd-stress problem here. The self-evident solution 
will be to use rigid welded connections between all columns and girders in 
order to reduce the wind stresses as much as possible. With normal story 
heights, the height-width ratio for this building will approach 5.0. This 
places it in the class of buildings for which the wind stresses are of sufficient 
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Courte9y Eng. New$~Record. 

Fig. 220. Tier Building Construction. 


importance to influence column sections and to increase the girder sections 
greatly. 

Story Heights. A common requirement in city building codes is that 
school buildings shall have a clear ceiling height of 12 ft. This require- 
ment presupposes natural ventilation and might be reduced with forced 
ventilation. If the over-all story height is set at 14 ft., the clear height 
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can probably be 12 ft. and still provide space for conduits and pipes below 
the floor joists and above a suspended ceiling. The design will therefore 

be started upon the assump- Roof — r- 

tion that the building from 15th story 

roof to basement floor will isf^ 

have a height of 224 ft. or 14 

16 stories at 14 ft. each. This 14 th 

is indicated on Fig. 221. ts 

190. A Preliminary Design. 

Obviously, we cannot devote tz 

sufficient space to present a / 2 //, 

detailed final design for this // 

building. Instead, we will 

make a preliminary design, 10 

including, although perhaps 

crudely, the influence of dead 9 

load, live load, and wind load 

for the purpose of obtaining a 9 

reasonably accurate estimate 

of the weight of the structural j 7 

frame. For this purpose, col- 

umn sections will be selected ^ 

at two levels, the basement 

story and the twelfth stoiy, ^ 

the average weight of section 

being taken as the mean ^ 

of these two. Finally, with 

the calculated dead loads ac- ^ 

cepted, we will redesign the 

columns and girders at the ^ 

basement level by using the 

methods of analysis presented 

in Vol. 2 , Theory of Modern /ststory 

Sted Strudures. This final 

step in the design need not ' v 

be studied if the student does 1 

not have an adequate back- H 

ground. It is purposely sepa- 221. Approximate Dimensions of the 

rated from the preliminary Structure. 

design for which the analysis requires only a knowledge of statics. 

Specifications. No single set of specifications will be followed in this design. Build- 
ing codes vary in every city and it is just as well for us to begin to familiarize ourselves 
with changing specifications. Those needed will be quoted from time to time. 


/ St Story 


Fia. 221. Approximate Dimensions of the 
Structure. 
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Working stresses will be 20,000 lb. per sq. in. for steel in tension and 17,000 — 
0.485 (L/r)* for compressive stresses in columns. Reinforced concrete beams may be 
stressed to 1200 lb. per sq. in. in compression with corresponding working stresses (for 
3000-lb. concrete) in shear and bond. No allowance will be made for the added strength 
pro\ided by concrete encasement of steel meml)ers, although some building codes make 
such provisions. Working stresses will be increased 33 per cent for members designed 
for wind resistance. 

Loadings consist of dead load, live load, and wind pressure. The dead load will be 
estimated for concrete fireproofing weighing 145 lb. per cu. ft. enclosing all main steel to 
a depth of at least 2 in. Live loads will consist of a floor h)ading of 100 lb. per scp ft. in 
the corridors and 75 lb. per sq. ft. for classrooms, laboratories, and offices. Improbahility 
of full live loading justifies a 15 per cent reduction of live load for all girders and also for 
the columns at the top of the building. Successive live load iiK'rements on the columns 
are reduced 5 per cent per story to a minimum value of 50 per cent. The wind pressure is 
^aken at 20 lb. per sq. ft. of exposed wall area. 

Materials will be steel for the main frame, reinforc('d concrete covered with wood 
flooring for the floor, brick, glass, and glass block for the (exterior walls, and gypsum 
block for the plastered partitions. The partition along the hallway will be of S-in. thic^k- 
ness weighing 30 lb. per sq. ft. and all other partitions will be of 6-in. thickness weighing 
25 lb. per sq. ft. Firewalls may be needed at intervals to m(‘ot building (?ode provisions, 
but this is a special problem that must be solved according to local retiuirements. Exte- 
rior brick walls 13 in. thick weigh 150 lb. per sq. ft. Glass-block panels with glass panes 
weigh about 20 lb. per sq. ft. 


Floor Arrangement 

191. Floor Design. The main girders evidently must be framed in tlic 
short direction of the Imilding on two spans of 13 ft.-8 in. and 32 ft.-4 in. 
approximately. These will also be the wind girders and they will therefore 
be welded to the columns to resist wind moments. St(i(d beams will be 
placed in the opposite direction between columns to serve several’ pur- 
fX)ses. Firstj they are needed to act as struts between cohunns during 
erection of the frame, second , they will carry wall and partition loads, and 
third, they may function also as floor joists. 

Concrete Pan Construction. Since fire regulations reciuire in. of 
concrete around interior steel beams and joists' it will be more economic^al 
to use reinforced concrete joists which arc fire proof. An economical 
alternative might prove to be the use of flat tile floor arches between steel 
joists. The floor arch then fireproofs the joists. However, the use of 
steel pans to form reinforced T-beam joists is by far the most common 
type of construction. It will be chosen in this preliminary design without 
an actual study of other possible floor systems. For an actual design, 
careful comparisons of the relative costs of several floor systems would be 
advisable. 

In the classrooms, where the panel dimensions are 22 ft. by 32 ft.-4 in. 
approximately, the joists clearly ought to span the shorter dimension. 
In the corridor we face a serious question as to which direction is proper 
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for the span of the joists. If the joists are spanned the shorter direction 
from outside wall to inside partition, they will be greatly lightened, but 
their reactions must then be carried upon light beams of relatively long 
span (22 ft.). However, if the joists are spanned the longer direction in the 
corridor, they will rest upon the short heavy wind girders which will be 
able to carry considerable dead load moment very economically since 
they will have to resist large wind moments. It should be recalled that 
wind moment up to 33 per cent of the dead load and live load moment 
is permitted without increase of section. The other factor favoring the 
long-span joists (22 ft.) is the fact that such joists in the corridor may be 
duplicates of the joists for the classrooms. Duplication is always econom- 
ically desirable in reinforced concrete construction. For these reasons the 
joists in all parts of the building will span the distance of 22 ft. between 
(iolumns. In practical design this decision would be made upon the basis 
of calculated weights and costs. 

Structural Lmjout. The (^xact spacing of columns has not been set nor 
have the beams and girders been spaced with relation to the columns. 

' These details are worked out on Fig. 222 and Fig. 223. The arrangement of 
the floor for the use of 2()-in. pans with joist stems 8 in. wide requires the 
dimensions shown. Since the exterior face of the column must be covered 
by at least 4 in. of brickwork, the column spacing works out to be 13 ft.- 

in. and 32 ft.-4‘% in. This spacing provides for the deepest 14-in. 
column, the 14X16TFF426 section, which should be about adequate for 
this building. If the column must have a greater area than is provided 
by the standard 14-in. sections, use may be made of web plates that will 
not deepen the section. Columns are stacked one above the other on the 
same center line so that there is no eccentricity of loading. 

The spandrel beams are placed as near as possible to the centers of the 
exterior walls. See Fig. 223. The position shown is arranged to provide 
4 in. of brickwork outside of the extreme edge of the beam flange. Thus 
the spandrel l)eam is placed 6 in. outside of the center line of the column. 
This eccentric load will prove useful in balancing to some extent the 
momc^nt introduced into the (column by the live load and dead load acting 
on the connecting floor girder. It is to be particularly noted, however, 
that such moment of eccentricity does not accumulate from story to story. 

192 . Joist Design. An estimate must be made of the load per lineal 
foot of joist for an effective span of 21 ft. This effective span is 1 ft. 
less than the distance center to center of columns. It allows for the 
shortening of the joist span by a 12-in. concrete encasement around the 
wind girder. The joists arc estimated to be 28 in. center to center which 
allows for an 8-in. width of stem and 20-in. pans. We will design a joist 
for the classroom where the live load is 75 lb. per sq. ft. and a partition 
load may occur at the mid-point of the span. 



l3'-8^8 I, 32'- 4%’ 



222 . Section Through the Corridor at any Floor. 
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Fig. 223 . Section Through the Classroom at ant Floor. 
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Weight per Square Foot of Floor, 
3-in. concrete slab 
2-in. wood floor on nailing strips 
Suspended ceiling 

Load per Lineal Foot of Joist, 

Floor only — 57 X 2.33 
Joist stem — 8 in. X 10 in. 

Live load — 75 X 2.33 


= 37 lb. per sq. ft. 

= 10 

10 

Total = 57 lb. per sq. ft. 


133 lb. per ft. 
82 


l\)tal = 

End Shear far the 21 -fl. Span. 

Uniform load — 0.5(390 X 21) = 

Partition load at center of span * — 

0.5(13.75 X 2.33 X 25) = 
^rotal = 

Bending Moment for the 21-ft. Span (simple beam). 


390 lb. per ft. 

4,100 lb. 

400 

4,500 lb. 


Uniform load — 0.125 X 8200 X 21 X 12 - 258,000 in-lb. 

Partition load — 0.25 X 800 X 21 X 12 - 51,( K)0 

Total = 309,000 in-lb. 

Working Stresses, (Slightly different values are given by 1940 Joint Committee.) 
Medium carbon rods, 20,000 lb. per sq. in. 

Ultimate concrete stress, f/ — 3000 lb. per sq. in. 
fc - O.Aff - 1200 lb. per sq. in. 

V - 0.()2/tf' = 00 lb. per sq. in. (ordinary anchorage). 
u = 0.05/c' = 150 lb. per sq. in. (deformed bars). 

Steel Area (assume j to be 0,9). 


A, 


M 

fejd 


309,000 

20,000 X 0.9 X 11 


1.56 sq. in. 



x*3.0in 


Fia 224. Transformed Section. 


Concrete Stress (see Fig. 224). 

_ 2M 2 X 309,00 0 

~ (kd)(jd)h ~ .3.0 X 10.0 X 28 


735 lb. ^jcr sq. in. 


♦Partitions may lx* only 12 to 13 ft. high; w<*ight estimato for 13.75 ft. is on safe side. 
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Unit Shear. 


Bond Stress. 


V 

hijd) 


4500 
8 X 10.0 


= 56 lb. per sq. in. 


u = 


V 

mjd) 


or 20 = 


jr 

ujd 


4500 

150 X 10.0 


3.0 in. 


(Any combination of bar sizes will provide adequate perimeter for bond.) 


Remarks about Joists. The joist stem may appear somewhat larger 
than necessary since the compressive concrete stress is low. However, 
the width of 8 in. is no more than adequate to accommodate two %-in. 
round bars and one %-in. round bar that provide the required area of 
steel. The depth to the steel could not be decreased, but the amount of 
cover below the steel might be reduced from 2 in. to 13^ in. under some 
building codes. The recpiired steel area could be reduced by constructing 
the joists as continuous beams. A rough design shows that the steel might 
be reduced to four %-m. round bars, two of which could be bent up and 
continued over the wind girders at the support. No reduction in size of 
stem would be possible, however, since an 8-in. width would still be needed 
to accommodate the four %-m. bars and a depth of 11 in. to the steel 
would be required to hold the compressive concrete stress near the support 
down to 1200 lb. per sq. in. Therefore, in this particular instance, there 
is little to be gained by arranging the joists as continuous beams. 

The joist as designed above will be found satisfactory for use in the 
corridor where the uniform live load is increased from 75 to 100 lb. per 
sq. ft. and the partition load does not occur. 


Beam and Girder Selection 

193, Spandrel Beams and Partition Beams. Steel beams will be used 
in the long direction of the building to support the exterior walls and the 
partition along the hallway. These beams also seuwe as struts between 
columns for erecting the steel frame. They might be designed as simple 
beams because ordinary clip-angle connections would provide adequate 
wind resistance in the long direction of the building. However, this presents 
an ideal situation for taking advantage of moment redxiction from continuity 
since the loading is nearly all dead load, the spans arc of one length, and 
the heavy columns will practically fix the ends of even the end spans. All 
spans therefore resist only the fixed-end moments of }i2TIX. 

Spandrel Beam. The spandrel beam carries the exterior wall, a 10-in. 
width of floor loading, and its own weight. See Fig. 222. The exterior 
wall consists of 13-in. brick masonry spandrels with plaster finish, weighing 
150 lb. per sq. ft. of wall surface, with large glass-block and steel-sash 
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panels weighing 20 lb. per sq. ft. Since one half of the wall surface is 
to be glass, the average weight of the exterior wall will be about 85 lb. 
per sq. ft. The dimension 22 ft. will be reduced in weight calculations 
to 20.5 ft. to allow for the average width of column with fireproofing. 


Wall weight on spandrel beam = 20.5 X 14 X 85 = 24,400 lb. 


Floor dead load 
Floor live load 
Weight of spandrel beam 


= 20.5 X 0.83 X 57 - 970 

= 20.5 X 0.83 X 100 = 1,700 

= 22 X 30 = 660 

Total load = 27,730 lb. 


Negative design moment = 

K 2 X 27,730 X 22 X 12 = 610,000 in-lb. 

The required modulus of 30.5 is furnished by a 12TFF28 beam that 
also provides the flange thickness of over % in. needed for structural 

welding. An end connection to develop 
the moment resistance of 610,000 in-lb. 
can be made by welding. It will consist 
of a seat angle welded to the lower flange 
and a tie plate to the upper flange. At 
3750 lb. per lineal inch for a %-in. weld, 
the length of weld needed for each flange 
will be 

610,000 - 5 - (12 X 3750) = 14 lineal inches 
of weld. (See Fig. 225.) 

Moment of Eccentricity, The span- 
drel beam as shown in Fig. 222 and 
Fig. 223 is framed into the column with 
an eccentricity of 6 in. The resulting 
applied moment at each floor is 
Me = 27,730 X 6.0 = 166,000 in-lb. 

Partition Beam. The partition form- 
ing one side of the hallway is sup- 
ported by steel beams that frame between pairs of interior columns. 
This beam carries the weight of an 8-in. gypsum tile partition at 30 lb. 
per sq. ft., the weight of a strip of floor and of suspended ceiling 2 ft.-5 in. 
wide (see Fig. 222), the live load over a strip of floor 1 ft.-9 in. wide re- 
maining after we deduct the width of the partition, and also the weight 
of the steel beam and its fireproofing. In making the weight estimate, 
longitudinal dimensions will be reduced by 18 in. to allow roughly for the 
width of the column with fireproofing. 




Fig. 225. Spandrel. Beam 
Connection. 
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Partition load on beam 

= 12.75 X 20.5 X 30 

= 7,830 lb. 

Floor dead load 

= 2.42 X 20.5 X 57 

= 2,830 

Floor live load 

•= 1.75 X 20.5 X 100 

= 3,590 

Weight of beam 

= 22 X25 

= 550 

Weight of fireproofing 

= 20.5 X 125 

= 2,560 


Total load = 17,360 lb. 
End design moment = H2 X 17,360 X 22 X 12 = 382,000 in-lb. 


The required modulus of 19.1 is furnished by a 10irF21 section. The 
length of a ?^-in. flange weld to develop the necessary end moment re- 
sistance is 

382,000 -s- (9.9 X 37.50) = 10.3 in. 

Since the spandrel beams and the partition beams have very small 
wind stresses, a single weight of beam mil serve at all floor levels. 

194. Main Girders in Upper Floors. These girders extend between 
the columns in the short direction of the building. They resist heavy wind 
moments and will therefore increase in size and weight from the upper 
floors downward. For the two upper floors, however, the wind moment 
will not increase the combined dead load and live load moment by as 
much as 33 per cent and, therefore, the sections may be chosen without 
consideration of the wind moments. Since each girder has more than 
200 sq. ft. of floor area tributary to it, advantage will be taken of a com- 
mon specification which permits the live load on such girders to be reduced 
15 per cent. 

15th Floor Girder across Corridor, AB. These girders will be rigidly 
connected to the columns, but they will not be entirely fixed thereby. 
Hence, we will make the preliminary design on the basis of a controlling 
moment of VxoWU where L will represent the approximate clear span. 
With the column changing section frequently and the girder remaining 
of fixed size for several stories, we will choose 12 ft. -6 in. for the maximum 
clear epan, which allows for a 15-in. depth for the interior column and a 
14-in. depth for the wall column. The corridor live loading is 85 per cent of 
100 or 85 lb. per sq. ft., while in the classroom this reduced live load is 64 lb. 
per sq. ft. 

Joist reaction = (57 X 2.33 + 82)21 + (85 X 2.33 X 22) - 8,870 lb. 

Load from five joist reactions = 5 X 8870 = 44,400 

Weight of steel beam = 12.5 X 30 = 370 

Weight of fireproofing = 12.2 X 175 = 2,130 

Total = 46,900 lb. 

Bending moment = Ho X 46,900 X 12.5 X 12 = 705,000 in-lb. 

The required section modulus of 35.2 is funushed by a 14TrF30 beam. 
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15ih Floor Girder across Classroom^ BC (clear span, 31 ft. -2 in.) 


Joist reaction = (57 X 2.33 + 82)21 + (64 X 2.33 X 21) = 7,650 

Load from thirteen joist reactions = 13 X 7650 = 99,600 

Weight of two 6-in. partitions = 2(13.75 X 31.2 X 25) = 21,500 

Weight of steel beam = 31.2 X 110 == 3,400 

Weight of fireproofing = 30.9 X 400 = 12,400 


Total = 136,900 lb. 

Bending moment = Ko X 136,900 X 31.2 X 12 = 5,130,000 in-lb. 

The required modulus of 257 is furnished by a 27WF\0% beam 

Column Selection 

195, Column Load Increments per Story. For purposes of a weight 
estimate, the dead weight of the roof will be considered to be 67 per cent 
of the weight of a floor. The live load carried to a column will be reduced 
15 per cent on the top floor, 20 per cent on the next lower floor, etc., until 
only 50 per cent of the live load is brought to the columns below the 9th 
floor. (See Fig. 221.) 

Wall Column in Corridor ^ A. 

D.L. reaction of spandrel beams == 26,000 lb. 

D.L. reaction of girder in corridor = 12,600 

Total = 38,600 lb. 

L.L. from floor without reduction = 6.7 X 22.0 X 100 = 14,700 lb. 

Interior ColumUj B. 

D.L. reaction from partition beams = 13,800 lb 

D.L. reaction from girder in corridor = 12,600 

D.L. reaction from girder in clas.sroom 

(considering one partition only) = 42,600 

Total = 69,000 lb. 

L.L. from floor without reduction = 14,700 -f (16.0 X 21.3 X 75) = 40,200 lb. 

Wall Column in Classroom^ C, 

D.L. reaction from spandrel beams = 26,000 lb. 

D.L. reaction from girder in classroom = 42,6(K) 

Total = 68,6(K) lb. 

L.L. from floor without reduction = 16.0 X 21.3 X 75 = 25,5001b. 

By use of these standard increments of column loading and the per- 
centage reductions mentioned above, we can estimate quite accurately 
the load to be carried by any column in any story. Due allowance, of 
course, must be made for the weight of the column section itself and for 
its fireproofing. 

196. Column Sizes for D.L. and L.L. Columns for a building are 
designed from the top downward so that the dead weight above any story 
will be known when we start the design of the columns for that story. 
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In this preliminary design, we will choose the column sections at only 
two levels; first we will select the sections to be used between the 12th 
and 13th floors (this section being used clear to the roof), and, finally, we 
will determine the sections needed at the basement level. Dead weights 
of column and fireproofing above the lower level will be computed by 
averaging the known weight in the 12th story with the estimated weight in 
the basement since the column section increases gradually from the roof to 
the basememt. Tlui weight of fireproofing will be estimated on the basis 
that columns are boxed and poured solid, all parts of th(‘ section being 
covered to a depth of at least 2 in. with concrete. The outside faces of 
extei-ior columns are fireproofed with 4 in. of brickwork plus a varying 
thickness of concrete depending upon the depth of the steel section. 

Column Moments from D.L, and L.L. It has frecjnently been the case 
that the influence of the vertical loading in producing column moments 
has been neglected. If we use rigid wind connections, we cannot justify 
the negliict of these moments. As soon as approximate stiftness factors 
an^ known, the column moments can be found by the process of moment 
distribution. Until sections are available on which to base a reasonable 
choice of stiffness factors, we must estimate such moments rather crudely. 
For an exterior column, the adjacent negative moment in the girder 
is soiiu'what less than YxoWL which is resisted by column moments of 
about }^ 4 lUL. In this case the load W is the sum of the dead load and 
the live load acting on the girder. The live load for an interior column 
should be jflaced only on the longer adjacent girder span. Then the 
differem^e of the two girder moments may be divided ecjually between 
the columns above and below the joint. This proc('dure is conservative 
since the unloaded girder will actually resist a part of this moment. Thus, 
for the interior column we may write 

Mcoi. = 

By following this method and by using span lengths from center to 
center of columns, we obtain 

Moment in the column A (D.L. + L.L.) = X 4G,900 X 13.7 X 12 = 322,000 

in-lb. 

Moment in the column A (D.L. only) = ^4 X 25,2(X) X 13.7 X 12 = 173,000 

in-lb. 

Moment in the column C (D.L. + L.L.) = X 136,900 X 32.4 X 12 = 2,220,000 

in-lb. 

Moment in the column B — 2,220,000 — 173,000 = 2,047,000 in-lb. 

These calculations may be checked from the data of § 194 where the girder loads 
were calculated. 

Design Moments, From the moments computed above for the exterior 
columns, we may subtract the moment of eccentricity caused by the ec- 
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centrically connected spandrel beams. This moment was computed to be 
27,700 X 6.0 = 166,000 in-lb., but it divides itself between the two col- 
umns above and below the joint. Hence, above the level where wind 
moments become serious, we should design the columns to resist the fol- 
lowing bending moments. 

Design moment for the column A = 322,000 — 83,000 = 239,000 in-lb. 

Design moment for the column B = 2,047,000 in-lb. 

Design moment for the column C — 2,220,000 — 83,000 = 2,137,000 in-lb. 


197. Column Sections between the 12th and 13th Floors. We will 
take the weight of the roof and the roof load to be 67 per cent of the corre- 
sponding weight for a floor. The column will be considered to be of a 
constant section above the 12th floor. Moments will be introduced from 
dead load and live load, but the wind moments are assumed to be negli- 
gibly small at this level. Bending moments will be reduced to an equiva- 
lent central load from the relation P == Jkf 4- (S/A). The factor S/A 
varies but slightly for the 14X16TFP sections, the range being from 
5.4 to 5.6 only. Its variation is always small. 

The column loads will be computed from the column load increments 
as determined in § 195, the colunm moments being those calculated in 


§196. 

Wall Column in Corridor^ A, 

D.L. for 3.67 floors = 3.67 X 38,600 = 141,500 lb. 

L.L. for 3.67 floors = (0.67 + 0.85 + 0.80 + 0.75)14,700 = 45,200 

Column weight with fireproofing — 4 X 14(60 250) = 17.300 

Dead and live load = 204,000 lb. 

Moment reduced to an equivalent central load = 239,000 5.1 == 47,000 

Design load = 251,000 lb. 


Try 14XlOTrF61; S/A = 5.2; L/r = 168 2.45 = 69; 

P = 14,690 X 17.94 = 263,000 lb. 

Interior Column^ B, 

D.L. for 3.67 floors = 3.67 X 69,000 

L.L. for 3.67 floors = (0.67 + 0.85 + 0.80 + 0.75)40,200 

Column weight with fireproofing = 4 X 14(160 + 375) 

Dead and live load 


= 253,500 lb. 
= 123,500 
= 30,000 
= 407,000 lb. 


Moment reduced to an equivalent central load = 2,047,000 -s- 5.5 == 373,000 

Design load = 780,000 lb. 


Try 14Xl6TyF158; S/A == 5.5; L/r = 168 4- 4.0 - 42; 

P = 16,140 X 46.47 = 750,0001b. 

Usel4Xl6irF167; S/A = 5.5; L/r = 168 4- 4.01 - 42; 

P - 16,140 X 49.09 - 792,0001b. 
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WaU Column in Classroom, C. 

D.L. for 3.67 floors = 3.67 X 68,600 = 251,700 lb. 

L.L. for 3.67 floors = (0.67 + 0.85 + 0.80 -f 0.75)25,500 = 78,300 

Column weight with fireproofing = 4 X 14(160 + 375) = 30,000 

Dead and live load = 360,000 lb. 

Moment reduced to an equivalent central load = 2,137,000 -f- 5.5 = 388,000 

Design load = 748,000 lb. 

Try 14X WF158; S/A = 5.5; L/r = 168 -5- 4.0 = 42; 

P = 16,140 X 46.47 = 750,000 lb. 


Wind Resistance by Statics 


1Q8. Wind-Stress Analysis by the Cantilever Method. An estimate of 
the wind moments to be resisted by the columns and girders at the level 
of the first floor is needed. Then we will redesign the girders so that their 
weights may be brought properly into the estimate of the column dead 
loads at the basement level. Actually, the cantilever method of analysis * 
depends upon relative column areas which cannot be known until the 
columns are selected. However, this method of analysis is only intended 
to be a crude approximation. Therefore, we can make a satisfactory 
estimate of relative column areas at the first floor level from our computa- 
tions in the previous section. (Column weights found there were 61, 167, 
and 158 lb. respectively.) The smallest column (A) will be considered 
to have a unit area (1.0) and then it will be assumed that each of the 
columns B and C will have an area of 2.3. This allows for a relative increase 
in the c;olumn A due to wind. If this estimate is radically wrong, the 
wind moments can be recomputed after the column areas have been 
determined by calculation. 

Center of Gravity of the Bent, The calculations are made for the dimen- 
sions given on Fig. 226. 


2.3 X 32.4 - 1.0 X 13.7 


= 10.9 ft. 


1.0 4- 2.3 -h 2.3 
1.0 X 24.6* + 2.3(10.92 + 21.52) = 1940. 


Wmd Shears and Overturning Moments, The wind pressure 5s 20 lb. 
per sq. ft. acting on the exposed width of 22 ft. per bent aijd over the 
height of 217 ft. above the ground surface. 

Wind shear at the basement level = 20 X 22 X 217 = 95,400 lb; 

Wind shear above the first floor = 20 X 22 X 203 = 89,200 lb; 

Overturning moment in the basement 

story (mid-height) = 95,400 X 108.5 « 10,350,000 ft-lb; 

Overturning moment in the first story 

(mid-height) = 89,200 X 101.5 = 9,040,000 ft-lb; 

♦ Theory of Modem Steel Structures, Vol. 1, pp. 260-262 



372 


DESIGN OF MODERN STEEL STRUCTURES 


Column Direct Stresses and Girder Shears. Use is made of the beam- 
flexure formula (Mc/I) for the calculation of the column direct stresses. 
With the units u.sed in calculating I, direct stress will be obtained in 
pounds per unit of area. 


Column Af wall column in corridor; area = 1.0. 

T ^ „ 1.0 X 10,350,000 X 24.6 

In the basement, P = = 131,000 lb. 

T ^ X . o 10 X 9,040,000 X 24.6 

In the first story, P = — — = 115,000 lb. 

1940 


Girder shear in AB - 16,000 lb. 


® ® © 



Column /i, interior column; area == 2.3. 

, . . „ 2.3 X 10,350,000 X 10.9 

In .the basement, P = = 134,000 lb. 

1940 

, . ^ „ 2.3 X 9,040,000 X 10.9 

In the first story, P = = 117,000 lb. 

1940 

Column C, wall column in classroom; area = 2.3. 

T .u t . r. 2.3 X 10,350,000 X21.5 

In the ba.sement, P = = 264,000 lb. 

, ^ „ 2.3 X 9,040,000 X 21.5 

In the first story, P = — = 231,000 lb. 

1940 

Girder shear in BC = 33,000 lb. 


Girder and Column Moments, Girder moments are computed from the 
shears and lever arms shown in Fig. 227. The span length used in com- 
puting girder moments will be from center to center of columns. Thus, we 
will compensate in part for expected shift of the points of contraflexure away 
from the centers of the girders. 

Moment for the girder AB = 16,000 X 6.8 X 12 = 1,300,000 in-lb. 

Moment for the girder BC = 33,000 X 16.2 X 12 = 6,400,000 in-lb. 
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Girder moments will be divided between the columns at a joint in 
proportion to the story shears above and below. It is found that the 
division of moment to the columns at the first floor level should be 52 
per cent and 48 per cent. 

Wind moment for the column A = 0.52 X 1,300,000 = 680,000 in-lb. 

Wind moment for the column B = 0.52(1,300,000 + 6,400,000) = 4,000,000 in-lb. 

Wind moment for the column C = 0.52 X 6,400,000 = 3,300,000 in-lb. 
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Fig. 227. WinivStress Analysis by the Cantilever Method. 


199. 1st Floor Girders Designed for Wind Moment. The girders will 
be redesigned for moments caused by dead load, live load, and wind at the 
1st floor level. Increase working stresses 33.3 per cent to 26,700 lb. per 
sq. in. 

Girder across the Corridor ^ AB. 

Moment computed for D.L. and L.L. (§ 194) = 705,000 in-lb. 

Moment caused by the estimated increase in D.L. == 13,000 

Moment due to wind (§ 198) = 1,300,000 

Design moment = 2,018,000 in-lb. 

The required section modulus of 76 will be furnished by an 18fl^F47 section. 

A 141FF30 section was used in the upper floors where wind was not considered. 

The increased weight of girder and fireproofing is about 70 lb. per ft. 

Girder across the Classroonij BC. 

Moment computed for D.L. and L.L. (§ 194) = 5,130,000 in-lb. 

Moment caused by the estimated increase in D.L. = 210,000 

Moment due to wind (§ 198) = 6,400,000 

Design moment = 11,740,000 in-lb. 

The required section modulus of 440 will be furnished by the 33TFF141 
section, but, in order to avoid excessive projection below the ceiling, we 
will use the 27TFF163 section. A 27TFf 106 section was used in the upper 
floors where wind was not considered. The increased weight of girder and 
fireproofing is about 180 lb. per ft. 

Revision of Average D.L. per Floor. The added weight of these girder 
sections and their fireproofing is found to increase the average floor dead 
load tributary to the column A by 300 lb., the total being 38,900 lb.; the 
average dead load tributary to the column B is increased by 1800 lb., the 
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total being 70,800 lb. ; the average dead load tributary to the column C is 
increased by 1500 lb., the total being 70,100 lb. These corrections are 
really insignificant. 

200. Column Sections at the Basement Level. It now becomes pos- 
sible to select the maximum column sections for this building. The choice 
will be made for direct stress and moment caused by dead and live load 
with the use of ordinary working stresses; or, for direct stress and moment 
caused by dead load, live load, and wind with working stresses increased 
SS}i per cent. In other words, wind is to be considered only if it requires 
an increase of column section. 


Wall Column in Corridor^ A. 

D.L. of 15.67 floors = 15.67 X 38,900 
L.L. for 15.67 floors = 9.57 X 14,700 
(9.57 = 0.67 -f 0.85 -f 0.80 + 0.75 + 0.70 + 0.65 + 0.60 
+ 0.55 -h 8 X 0.50) 


Column with fireproofing = 16 X 14 


(61 4- 250) + (200 -f 375) 
2 


Dead and live load = 


D.L. and L.L. moment reduced to equivalent central 
load = 239,000 ^ 5.5 (§ 196) 


Design load 


610.000 lb. 

141.000 


99,000 
^0,000 lb. 


44,000 
894,000 lb. 


Wind direct stress = 131,000 lb. 

Wind moment reduced to an equivalent central 
load = 680,000 ^ 5.5 (§ 198) = 124,000 

Total wind load = 255,000 lb. 


Wind being less than 33% of D.L. + L.L. is neglected. 

Try 14Xl6TrF193; S/A = 5.5; L/r = 168 4.05 = 41; 

P = 16,190 X 56.73 - 918,0001b. 


Interior Column, B. 

D.L. of 15.67 floors = 15.67 X 70,800 == 1,110,000 lb. 

L.L. for 15.67 floors = 9.57 X 40,200 = 385,000 

^ ^ ^ (167 + 375) -f (425 + 450) 

Column with fireproofing = 16 X 14 = 158,000 

Dead and live load « 1,653,000 lb. 

D.L. and L.L. moment reduced to an equivalent central 
load = 2,047,000 -i- 5.6 (§ 196) = 366,000 

Equivalent dead and live load = 2,019,000 lb. 


Wind direct stress = 134,000 lb. 

Wind moment reduced to an equivalent central 
load = 4,000,000 ^ 5.6 (§ 198) = 715,000 

Total wind load = 849,000 lb. 


Wind, being more than 33% of D.L. -f L.L., must be included = 849,000 

Design load with increased working stress » 2,868,000 lb. 
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Try 14X16IFf’426; S/A = 5.6; L/r = 168 4- 4.34 = 38; 

P = 16,300 X 125.25 X 1.33 = 2,730,000 lb. 

Use 14X16T1^P426 + 2 web pis. 7 X in. welded; 

P = 16,300 X 132.25 X 1.33 = 2,870,000 lb. 

Wall Column in Classroom, C. 

D.L. of 15.67 floors = 15.67 X 70,100 = 1,100,0001b. 

L.L. for 15.67 floors = 9.57 X 25,500 = 244,000 

Column with fireproofing = 16 X 14 + 375) + (425 + 450) ^ 

2 

Dead and live load = 1,501,0001b. 

D.L. and L.L. moment reduced to an equivalent central 
load = 2,137,000 5.6 (§ 196) = 380,000 

Equivalent dead and live load = 1,881,000 lb. 

Wind direct stress = 264,000 lb. 

Wind moment reduced to an equivalent central 
load = 3,300,000 -f- 5.6 (§ 198) = 589,000 

Total wind load = 853,000 lb. 

Wind, being more than 33% of D.L. -f L.L., must be included — 853,000 

Design load with increased working stress = 2,734,000 lb. 
Use 14xl6TrF426; S/A = 5.6; L/r = 168 -5- 4.34 = 38; 

P = 16,300 X 125.25 X 1.33 = 2,730,000 lb. 

Note: The ratio of the cross-sectional areas of each of the columns B and C to the area 
of the column A is close enough to the ratio of 2.3 used in the wind stress analysis so that 
a revision will not be necessary. 


Checking the Preliminary Design 

201. Calculation of Moments. Unless the building is designed in detail 
from the top downwards, no better estimate of the column dead loads can 
be made than those already obtained. Also, it is impossible to compute 
correctly the column direct stresses caused by wind unless an analysis is 
made for the entire structure. However, we can determine rather simply 
the bending moments produced by dead load and live load at the first 
floor level by the process of balancing moments; we can also compute the 
wind moments by a similar process of balancing K-valms discussed in 
Vol. II, Theory of Modern Steel Structures^ page 168. 

202. Maximum Moments from Dead and Live Load. There are sev- 
eral possible loadings that might be studied for the purpose of determining 
maximum moments: (1) dead loading; (2) live load on the long span, (a) on 
one floor only, (6) on all floors; (3) live load on the short span, (a) on one 
floor only, (6) on all floors. However, since we are not attempting to 
obtain an exact analysis, it should be satisfactory to determine approximate 
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maximum moments by a study of two conditions. As shown in Mg. 228, 
we will investigate the cases of live load over each span separately. The 



(a) Live Load on the Long Span only. 



® (D © 


(b) Live Load on the Short Span only. 

Fig. 228 . Balancing Moments for the Dead and Live IjOading. 

columns are assumed to be fixed at the floor above and at the basement 
floor, and, of course, both spans are covered by dead load. 

Fixedr-End Moments. Span lengths again will be taken as 31.2 ft. and 
12.5 ft. which are the maximum clear girder spans. Actually, the spans 
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are about 2 in. less at the first floor level. The fixed-end moments are 
needed for dead and live loadings. These loads are taken from the data 
of § 194 with an extra allowance of 33 per cent for the weights of the beams 
with fireproofing. 

For the short span AB^ we write: 

= K 2 X 25,900 X 12.5 X 12 - 324,000 in-lb. 

Mll = K 2 X 21,800 X 12.5 X 12 = 272,000 

Total for short span = 596,000 in-lb. 

For tlie long span BC, we obtain: 

Mol = M 2 X 101,500 X 31.2 X 12 = 3,170,000 in-lb. 

Mll = M 2 X 40,700 X 31.2 X 12 = 1,270,000 

Total for long span = 4,440,000 in-lb. 

Girder Moments. The fixed-end mom(?nts are balanced in Fig. 228. 
The maximum girder moment is found to be 4,150,000 in-lb. for the long 
span and 750,000 in-lb. for the short span. The corresponding moments 
that were used in the revised preliminary design (§ 199) were 5,340,000 
in-lb. and 718,000 in-lb. 

Column Moments. The maximum column moments are 240,000 in-lb. 
for the column ^4, 1,820,000 in-lb. for the column B, and 1,970,000 in-lb. 
for the column C. In our preliminary analysis (§ 196) we had obtained 
322,000 in-lb. for Ay 2,047,000 in-lb. for B, and 2,220,000 in-lb. for C. 
Hence, we have clearly overdesigned the columns in this regard. Further- 
more, we should reduce the moments in the w^all columns A and C by the 
moment (83,000 in-lb.) introduced by the eccentrically connected spandrel 
beams. 

203. Wind Moments. The method of analysis of wind moments will 
be the balancing of X-values. Since the basement columns are fixed at their 
bases by the dead load itself, a deflection estimate would show a much 
smaller lateral wind deflection in the basement story than in the first 
story. To attempt to account for this influence, we may introduce cor- 
rection moments (negative A"-values) into the basement story even before 
the balancing process is started. Previous experience has shown that 
negative corrections for basement stories of from 30 to 50 per cent of the 
A-valiu^s are usually effective in shortening the balancing process. We 
will therefore introduce negative A-value corrections equal to 40 per cent 
of the A-values of the columns. Actually, in Fig. 229 all A-valucs and 
corrections are multiplied by 3.0 in order to improve the accuracy of the 
analysis without using three digit numbers. 

In order to make the calculations for two stories only, the columns of 
the second story are shown with pin ends at their midheights. This 
represents approximately their true condition and any small error involved 
will have a quite negligible influence upon the story below. Note that 
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stiffness (resistance to end rotation) is increased 60 per cent when the 
member is shortened 50 per cent and is pin connected at its far end. 

Design Revisions 

204. Final Revised Sections. The dead load and live load moments 
taken from Fig. 228 will be combined with the wind moments taken Irom 
Fig. 229 to re^^se the choice of girder and column sections at the first floor 



'Negative Corrections to Account for Fixed Column Basest 401, of 3k Values. 
Fio. 229. Wind Moments Calculated by Balancing J^-Values. 
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of the building. The wind moments for the girders from Fig. 229 will be 
reduced for clear span since the girders are designed for the moments at 
the column faces, but unreduced column moments will be used because 
lateral buckling might be started by failure within the depth of the floor. 
For the same reason, the factor L/r has been computed for a length equal to 
the full story height. Obviously, this is a conservative procedure. 

Girder SectUma at the First Floor, 

Maximum wind moment for the short girder, AB = 

1.250.000 X ^ = 1,120,000 in-lb. 

la.7 

Maximum wind moment for the long girder, BC == 

30 8 

4.700.000 X ^ = 4,470,000 in-lb. 

Wind moments are combined with the moments from dead load and 
live load in Fig. 230. From these moments we may compute the section 
moduli for the girders as follows. 

Short span girder, AB. S == 1,770,000 26,700 = 67. 

The preliminary section (IHWF47) may be reduced to a 16TFF45 beam. 

Long span girder, BC. S = 8,410,000 ^ 26,700 = 315. 

The preliminary section (27IFF163) may be reduced to a 24TrF130 beam. 
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iMomenf of Eccentricity 

*Wind Moments In Inch- Pounds* 10,000 

Fig. 230. Final Moments for Lower Story. 


Column Sections. A revision of the column sections will be made. We 
will use the direct stress for dead load, live load, and wind, as used pre- 
viously in § 200. Moments have been summed in Fig. 230. One moment 
recorded there has not been given consideration. That is the moment 
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produced by the eccentric connections of the spandrel beams. One hall 
of the value of this moment was used to reduce the dead load and live 

load moments for the preliminary design of 
the wall columns. However, before advantage 
is taken of this reduction of moment in the 
final design, it is desirable to analyze the 
action of such eccentric loads on a building 
column. As shown in Fig. 231, a moment of 
eccentricity Pe applied at each story level pro- 
duces effective moments of Pe/2 in the col- 
umns at each floor level when the story heights 
and column sections are the same. However, 
the most serious stress condition for the base- 
ment columns will be found to occur at the 
fixed base where the moment of eccentricity is 
reduced to not more than Pc/4. This is but 
42,000 in-lb. Hence, for the design of the 
columns, we should use the following moments 
from dead and live loading. Wind moments 
will be considered separately. 



Eccentric Loading. 


Column A, M = 120,000 — 40,000 = 80,000 in-lb. 
Column B, M — 910,000 in-lb. 

Column C, M = 990,000 - 40,000 = 950,000 in-Ib. 

Wall Column in Corridor ^ A. 

D.L. and L.L. direct stress from § 200 = 850,000 lb. 
D.L. and L.L. moment reduced to an equivalent 
central load = 80,000 5.5 = 15,000 

Total dead and live load = 865,000 lb. 


Wind direct stress from § 200 = 131,000 lb. 

Wind moment reduced to an equivalent central 
load = 1,750,000 ^ 5.5 = 319.000 

Total wind load = 450,000 lb. 

Wind being over 33% of D.L. + L.L. must be included = 450,000 

Design load with increased working stress = 1,315,000 lb. 

Try 14X16W211; S/A = 5.5; L/r = 168 4- 4.07 = 41; 

P = 16,190 X 1.33 X 62.07 = 1,340,000 lb. 

This is an increase from the preliminary 14X161TP193 section. 

Interior Column, B. 

D.L. and L.L. direct stress from § 200 = 1,653,000 lb. 

D.L. and L.L. moment reduced to an equivalent central 
load = 910,000 -J- 5.6 = 163,000 

Total dead and live load = 1,816,000 lb 
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Wind direct stress from § 200 = 134,000 lb. 

Wind moment reduced to an equivalent central 
load - 5,400,000 5.6 = 965,000 

Total wind load = 1,099,000 lb. 

Wind being over 33% of D.L. + L.L. must be included = 1,099,000 

Design load with increased working stress = 2,915,000 lb. 

Use 14X16PrF426 + 2 web pis. 9 X M in. welded; 

P = 16,300 X 134.25 X 1.33 = 2,920,000 lb. 

This is only a slight increase from the 14X16TFF426 -f 2 web pis. 7 X H’m. used for 
the preliminary design. 

Wall Column in Classroom^ C, 

D.L. and L.L. direct stress from § 200 

D.L. and L.L. moment reduced an equivalent central 
load = 950,000 ^ 5.6 

Total dead and live load 

Wind direct stress from § 200 = 264,000 lb. 

Wind moment reduced to an equivalent central 

load = 5,300,000 ^ 5.6 = 946,000 

Total wind load ~ 1,210,000 lb. 

Wind being over 33% of D.L. + L.L. must be included 
Design load with increased working stress 

Use 14X161TF426 + 2 web pis. 8 X H in. welded; 

P = 16,300 X 133.25 X 1.33 = 2,890,000 lb. 

In the preliminary design this section was used without the w'eb plates. For com 
venient fabrication the sections for the columns B and C could be made identical. 

205. Comparisons of the Preliminary and Final Designs. It is signi- 
ficant that even the incomplete analysis made on Figs. 228 and 229 by 
the methods of indeterminate structures pointed to a considerable revision of 
sections. The short girder was lightened slightly but the long girder was 
reduced considerably in weight, in fact, by 20 per cent even though the 
depth was reduced from 27 to 24 in. All column sections had to be in- 
creased in weight at the basement level since the wind stress analysis 
showed that there would be heavy wind moments at the basement floor 
level accompanying an upward shift in the points of contraflexure of the 
basement columns. However, we observe that the wind moment and wind 
uplift are not suflScient to reverse from compression to tension the direct 
column stress caused by dead load. This means that the columns will 
remain fixed at the basement floor level. Hence, we can not feel safe in 
neglecting the heavy wind moments indicated by the analysis of Fig. 229 
To make this point clear, it will be necessary to compute the fiber stresses 


= 1 , 2 10,000 
= 2,881,000 lb. 


= 1,501,000 lb. 

= 170,000 

= 1,671,000 lb. 
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for the wall column in the classroom (column C) where the effect of wind is 
the most serious. 

1,257,000 lb. 

264.000 

993.000 lb. 


= -7450 + 7450 = zero. 

Hence, the column C remains fixed at the basement floor level even without 
anchor bolts. 

Similar computations for the other columns will show that there is a 
resultant minimum compression of 4100 lb. per sq. in. for the column A 
and 800 lb. per sq. in. for the column B. Live load direct stress and mo- 
ment are omitted from these calculations because the live load may or 
may not exist. Dead load column moment was not considered, although, 
for the column C analyzed above, it would have acted to reduce the wind 
moment accompanying wind uplift and thus tend to help fix the column 
base. 

The Importance of Proper Analysis, The result of this study confirms 
the opinion, rapidly becoming universal, that rigid frame structures 
cannot be designed properly without an investigation by the methods of 
analysis of indeterminate structures. Certainly, this building frame is a 
simple one and yet our preliminary design (which is more thorough than 
many practical designers in past years had even considered necessary) 
was not an entirely satisfactory one. How much more important a proper 
analysis would be for an irregular building frame, the reader is left to judge. 
It should be made clear, however, that the computations of Fig. 228 and 
Fig. 229 are not as complete as such computations should be, when made 
in a practical design office. These analyses are themselves approximations 
in that they are limited to consideration of only two stories, and the mem- 
ber sizes above the second floor were not even available for the determina- 
tion of stiffness factors. Therefore, columns had to be considered fixed at 
their upper ends, or some similar assumption had to be introduced into 
these studies. A complete design from the top of the building downward 
would make it possible for us to analyze properly for all moments and 
direct stresses. Whether the frame obtained here is the most economical 
one obtainable, raises a question that is too difficult to be answered. It 
seems reasonable to assume, however, that the most economical frame 
will be one in which each member is stressed to the maximum value per- 
mitted by the specifications. 


Dead load at basement level from § 200 = 

Uplift from wind, § 198 = 

Minimum net compressive load = 

Colunm area = 133.25; column modulus = 711.7 


Resxiltant fiber stress = 


993,000 5,300,000 

133.25 711.7 
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223. Estimate the weight of structural steel for the building designed in this chapter. 
Assume that the weight of columns and girders changes in a straight line relationship 
from the basement to the roof. Finally, compute the weight of structural steel per cubic 
foot of volume and per square foot of floor space. 

224. Redesign the columns at the basement level from § 204 using an allowable 

stress for combined direct compression and flexure to be determined from the 
relation [(P/A) -r /« + {M/S) -i- < 1 where fc is the allowable stress from the column 

formula and is the allowable stress in beam flexure. This is the formula given by the 
AISC specifications for checking a section that resists combined stress. 

225. Redesign the building studied in this chapter according to the detailed si)ecifi- 
cations of a particular city building (;ode. Increase the wind load by 30 per cent. 

226. Extend the building designed in this chapter to twenty stories and make a 
complete redesign. 

227. Study available building codes and equipment catalogues including Sweet's 
architectural and engineering catalogues. Design the vertical shafts (that enclose the 
elevators, ducts and stairways) for the building designed here. Meet the fire regula- 
tions of the Building Code of the National }k)ard of Fire Underwriters. The problem 
is to make the building safe and convenient for the use of 1000 students and 200 
employees. 

228. Lay out and design a single college building to be placed on a lot of size 100 
ft. X 250 ft. to accommodate an engineering student body of 750. Make your own 
estimate of space requirememts and cover no more than one half of the lot area. Use a 
local building code or follow the specifications given in this book. 

229. Design a building more than 15 stories high to serve a function set up by your- 
self. State all functional requirements before the design is started and then hold to 
these requirements rigidly. Choose any standard set of specifications, but make your 
building meet all of its requirements rigorously. 

206 . Observations Regarding Building Design. There are many mat- 
ters of judgment that are left to the decision of the designer. In the ex- 
ample given in this chapter, most of these decisions were reached from the 
conservative point of view. It is probable that a practical office designer 
would reduce the weight of the structural frame of our building considerably. 
For example, consider the determination of working stress for column 
design. A considerable part of the actual stress was produced by moment, 
but we determined the working stress from the column formula. Many 
specifications permit an increase of working stress for combined direct 
stress and flexure. Again, the unsupported length of the column for lateral 
buckling was taken as the story height. This seemed desirable because 
the spandrel beam was attached only to one flange of the column. Prob- 
ably most designers would be willing to reduce the unsupported length by 
the depth of the spandrel beam or perhaps by an even greater amount 
because of the support provided by the masonry part of the wall. 

In particular, selection of the basement columns in the illustrative 
design was performed quite conservatively. With a working stress selected 
for failure by buckling, we chose sections at the basement floor level that 
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were stressed to a considerable extent by flexure. It seems evident that 
buckling could hardly start at a fixed base and, since the column above 
the base is more lightly stressed at every point, the working stress could 
certainly be increased at the base without danger. The following relation 
would have been used except that it seemed desirable to keep the illus- 
trative example as simple as possible. 


PiA MAS’ 

/culumn /beutn 


(Spec. 4). 


By taking advantage of all justifiable reductions of section, the careful 
designer will save a great deal of structural steel in a large building. The 
frequent repetition of sections makes a small saving per member important. 



CHAPTER 16 

DESIGN OF CONTINUOUS BEAMS* 

207. Design Procedures. The preceding discussion has dealt with 
statically determinate structures. In such structures the stresses and 
bending moments are controlled by statics. For such systems we may 
calculate exactly the controlling moments or the axial stresses before the 
sizes of the various members are known. This simple process cannot be 
applied to indeterminate structures because the sizes of the members in- 
fluence the stress distribution. F'or the continuous beam, the particular 
case to be studied here, this means that the moment diagram is not de- 
pendent solely upon the lengths of the spans, the amount and positions 
of the loads, and the manner of support-, l)ut also upon the relative stiff- 
nesses of the several spans (eontrolknl by the moments of inertia of the 
beams themselves). Evidently, then, the design of a continuous beam 
would normally be acicomplislu'd by a guess and check procedure. 
Relative moments of inertia could be assumed for the several spans and a 
moment diagram could be (k^termined for this condition. Then, when 
beam sections had bec'ii selected to furnish the necessary section moduli, 
a new and improved set of stiffness factors for the several spans would be 
available. These moduli would be used as a basis for a second analysis giv- 
ing rise to revised bending moments. By repeating this process several 
times, a continuous beam would finally be obtained that would provide 
relative stiffnesses consistent with those used in its analysis and design. Thus 
the process would converge to a final answer. 

The only occasion where a process similar to the one discussed above 
has been regularly used for simple structures is in the design of column 
sections. In that instaiu^e, the working stress is alw’ays controlled by a 
formula which includes the radius of gyration of the section as one of its 
terms. Thus, it is necessary to start with an estimate of the radius of 
gyration (or of the working stre.ss itself) and then to select a trial section 
to be revised once or twice until the radius of gyration of the section used 
checks the value introduced into the column formula for the determination 
of the allowable stress. 

* If the author’s hook entitled Automatic Design of Continuous Frames in Steel and Rein- 
forced Conerde, is available*, the reailer will find the information of this chapter presented 
there in Rroater detail. Many other applications of this design procedure are also given in 
that volume. The chapter presented here will serve as an introduction, 
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208. Automatic Design. The author introduced in 1939 a new method 
of design for continuous beams and frames which has been termed auto- 
matic design in contrast to the guess and check ’’ process described 
above. This method, made dependent upon a procedure of balancing 
section moduli, is a self contained design routine that includes the necessary 
steps of analysis as an integrated part of the whole. By thorough organiza- 
tion it eliminates unnecessary calculations, avoids errors, and condenses 
the calculations so that they may usually be made on a single sheet. The 
title Automatic Design was suggested by the fact that the calculations 
are essentially routine and the process, when followed step by step, pro- 
duces the most economical structure irrespective of the designer's experi- 
ence or judgment. Nevertheless, the method permits the designer freedom 
to use his own experience to speed the series convergence. 

209. Balancing Section Moduli. If the reader is familiar with the 
process of balancing moments described in Vol. 2 of the Theory of Modern 
Steel Structures^ pp. 140-145, he will follow the method of balancing moduli 
readily. Otherwise, it will be necessaiy for him to study the conceptions 
involved in the balancing process and to practice its application to many 
simple cases before he attempts to use it as a design tool. 

Definitions of Special Terms. A group of terms will be defined so that 
they may be used without confusion. These terms will be quite similar 
to those that have become commonplace among designers who use the 
process of balancing moments (or moment distribution) for the analysis 
of continuous structures. Beams are assumed to be of constant section 
from end to end of a single span, that is, the members are prismatic. 

Fixed-End Modvlus. This is the section modulus required to resist the moment at 
one end of a particular loaded span when end rotation is not permitted at either end of the 
span. In other words, the fixed-end modulus is the corresponding fixed-end moment 
divided by the allowable fiber stress. 

Stiffyiess Factor. The stiffness or resistance to end rotation is the ratio of the moment 
of inertia to the length of the beam, that is, the 1/ L value. Relative values of I /L are 
as useful as absolute values. For rolled beams, for which the section modulus I /c is 
known, a relative value of I /L is conveniently obtained from the relation 21 /L = 7/c t- 
L/d, where L/d Is known as the prismatic ratio. 

Distribution Factors. When two beams of unlike sections or of unequal lengths are 
rigidly joined together at a support, they must rotate together. A moment applied to 
the structure at their connection will be distributed between the two beams in proportion 
to their individual resistances to end rotation or in proportion to their I/L values. Thus, 
the ratios of the individual I/L values to the sum of the I/L values at the joint become 
distribution factors for moment or modvlus. 

Unbalanced Modulus. If the fixed-end moments or the fixed-end moduli on the two 
sides of a support of a continuous beam total zero (with signs properly considered), the 
joint is in equilibrium and rotation will not occur. On the other hand, this sum may not 
be zero, and the resulting unbalanced modulus will then have to distribute itself between 
the connecting beams. 
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Balancing Modvlm, The unbalanced modulus at a joint multiplied by the distribu- 
tion factors at the joint gives rise to balancing moduli to be recorded at the joint. This is 
merely a process of expressing the result upon the structure of joint rotation. 

Carry-over Factor. If one end of a prismatic member that is fixed at the far end is 
rotated by an applied moment, a moment of one half of this value appears at the far 
(fixed) end. The carry-over factor is therefore 0.5 for a prismatic member. This state- 
ment applies either to moment or modulus distribution. 

Carry-over Modulus. The carry-over modulus to the fixed or far end of a member is 
the balancing modulus at the near end times the carry-over factor. 

Correction Modulus. If it becomes necessary to revise a section and therefore to 
change the stiffness of a beam during the process of balancing section moduli, we will find 
that the balancing moduli and the carry-over moduli at both ends of this span are increased 
or decrecLsed in direct proportion to the change in stiffness. Correction moduli are introduced 
to account for these changes. Evidently, the fixed-end moduli are not dependent upon 
stiffness (end rotation) and therefore are revised only when the loading is increased or 
decreased. 

Sign Convention, Long experience with procedures of moment and 
modulus distribution has shown clearly that the most convenient sign 
convention is defined by the following statement: a positive end moment 
(or modulus) is one that tends to rotate the adjacent joint clockwise. By this 
sign convention, the total recorded moduli on the two sides of a balanced 
joint will add up (algebraically) to zero. Also, a carry-over modulus will 
be of the same sign as the balancing modulus which produces it. Fixed- 
end moduli for a horizontal span with downward acting loads will be posi- 
tive at the left and negative at the right. These signs are illustrated by 
Fig. 232. 



fy) Balanced Moduli iti Fixed-End Moduli (c) Carry -Over Moduli 

Fig. 232. Sign Convention for Balancing Moduli. 

210. Simple Design Problem Illustrating Balancing Procedure. The 

example (Fig. 233) will be used for describing the automatic procedure of 
design. This two-span beam has but one joint free to rotate. Therefore, 
it is an elementary design problem. As usual in design, the objective is 
to obtain the lightest weight of standard rolled beam sections that can 
be used in each span. Then, if the difficulty of joining spans of unequal 
depths is considered serious, we can revise the sections for a constant depth 
with full knowledge of the waste involved in added metal. 
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It is necessary first to compute the fixed-end moments as for 

the 40-ft. span and from the formula PaW/U for the 30-ft. span. These 
are given at the top of Fig. 233. Then, these fixed-end moments are di- 
vided by the working stress of 20,000 lb. per sq. in. for flexure to obtain 
the fixed-end moduli. Since the maximum fixed-end moduli in these spans 
are 266 and 240, we conclude that 27 WF beams are the most probable 
sections.* The first estimate of relative stiffness is therefore obtained as 



RE. Mom. *5320 -2€€0 ^4800 in-kips -4800 

RE Mod. * 2GG (r-20.000) - i33 * 240 - 240 

I/c^L/d 27WF 266^ 360/27 • 20.0 27 WF 240 ^ 480/27 - i3.5 

{Stiffness) 27WF98 255^3€0/27 - i9./ 27WFI06 277 ^ 480/ 27 - I5.C 

RE. Mod. 

Cor. Mod. 


Fig. 233. Simple Design to Illustrate Procedure. 

Ijc -r- L/d for a value of d of 27 in. for each span. In those preliminary 
calculations of stiffness factors, the section modulus Ijc is crudely taken as 
the maximum fixed-end modulus for each span. 

Balancing Process, An inspection shows that the joint B is unbalanced 
since the fixed-end modulus to the left is — 133 while the fixed-end modulus 
to the right is +240. For the sign convention used here, the moduli on 
the two sides of the joint must total zero. Hence, the unbalanced modulus 
of (+240 — 133) or +107 must be balanced by a pair of balancing moduli 
whose sum will equal — 107. These balancing moduli are —64 and —43 as 
recorded in Fig. 233. They bear the same ratio to each other as do the 
corresponding stiffness factors of 20.0 and 13.5. The procedure by which 
they were obtained is as follows: 

Bal. mod. at B for AB = —107 = —64; 

33.5 

13 5 

Bal. mod. at B for BC = —107 = —43. 

33.5 

As soon as the balancing moduli are recorded in Fig. 233, these moduli 
are carried over to the far (fixed) ends of the spans AB and BC. The 

♦ Use should be made of the economy table of rolled beam sizes available in the AISC 
handbook. Steel Construction. 
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carry-over moduli are of the same signs as the corresponding balancing 
moduli but of one half their values. After a single balance of the joint 
that is free to rotate, totals are obtained for each column of moduli. The 
resulting totals are 234 at A, 197 at B, and 261 at C. The economic 
section to furnish the controlling modulus of 234 for the span AB is the 
27WF9S section. Similarly, the 27WF10& section is chosen to furnish 
the controlling moduliLs of 261 for the span BC. The corresponding rela- 
tive stiffness factors arc found to be 19.1 and 15.6 respectively. 

Correction Moduli. The span BC has been changed in stiffness from 
13.5 to 15.6, an increase of 15.5 per cent. At each end of this span the 
balancing moduli and the carry-over moduli will be increased by the same 
percentage. The correction moduli for the span BC are therefore obtained 
as follows: 

Correction mod. at C — 0.155 X —21 = —3; 

Correction mod. at ^ = 0.155 X —43 = —7. 

Corresponding correction moduli of +1 and +3 are obtained for the span 
AB, the signs being opposite to the signs of the balancing moduli and 
carry-over moduli because the stiffness of this span is decreased instead of 
increased. 

Final Balance. After the addition of correction moduli, the unbalanced 
modulus at the joint B is again balanced — this time by use of the revised 
stiffness factors. Following this, the carry-over moduli are recorded at 
A and C. Columns are then summed again and total moduli requirements 
are compared with the moduli furnished to determine whether sections 
need be further revised. In Fig. 233 it is found that no additional revisions 
of sections are needed; hence, the 27TrF98 and 271FF106 sections become 
final. For more complicated designs, where several joints must be per- 
mitted to rotate, we will find that stiffnesses will need to be revised about 
three times and correction moduli will have to be introduced two or three 
times to obtain a satisfactory convergence of sections. Naturally, the 
process can be speeded up by our ability to ‘‘ guess sections closely and 
it will be slowed down by attempts at guessing sections that prove to be 
unsuccessful, but the resulting accuracy will not be influenced thereby. Tlj^e 
routine procedure is fast enough to discourage us from attempting to 
shorten it by outguessing the process of convergence except where the 
result becomes almost obvioiLs. 

211. Design of a Continuous Beam of Three Spans. The illustrative 
example Fig. 234 is a typical one where sections are revised several times 
with corresponding additions of correction moduli. The proper treatment 
of a simple end support where the modulus requirement is repeatedly 
reduced to zero by the balancing process is illustrated. In computing 
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stiffness factors as 7/c -4- L/d, the first values of section moduli Ijc are 
the maximum fixed-end moduli in each span. The proper depths are 
chosen from a table of economic sections, and stiffnesses are then computed. 
After each joint except the fixed-end A has been balanced once, and after 
the carry-over moduli have been recorded, columns of moduli are totaled. 
Controlling moduli, selected for each span, are used to revise depths. 


40K. 30k. 30k. 



’g-“/200/n‘k/ps 3600/n-k/ps • /920/rH(fps 


Stiffness 

^ 6 WF) 60*240/ie-4.0 

(I 8 WF) 93-t 240/18-7.0 
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(2IWFe3) 1280*240/21-11.2 
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Fig. 234. Automatic Design op a Continuous Beam. 


Correction moduli are then introduced to account for changes of stiffness. 
When sections are again revised after each joint has been rebalanced and 
columns of moduli have been retotaled, we select sections not only as to 
depth but for least weight as well. Thus, the process gives rise to the cor- 
rect economic design when the convergence is completed. 

Economy and Variable Depths, The choice of beam sections of least 
weight may result (as in Fig. 234) in variations of depth from span to 
span. There is no objection to this variation if the beams frame into 
columns. On the other hand, connections may be dfficult to arrange be- 
tween spans of different depths for an ordinary continuous beam. Never- 
theless, a knowledge of the proper design for least weight is very useful 
even if a revision for constant depth in all spans is considered necessary 
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as a practical expedient. The designer will then know just how much 
steel has been wasted, and hLs preliminary economic design will give him 
the information upon which to base his choice of the most economic single 
depth for all spans. 
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Fig. 235. Checking the Design of Fig. 234. 


Check Analysis. The check analysis of Fig. 235 shows that there have been no 
errors in the balancing process of Fig. 234. The check analysis is more conveniently 
performed with moduli than moments since the results are then in the same terms as the 
automatic design. The distribution factors are obtained, of course, from final values of 
stiffness. 


Special Design Problems 


212. Automatic Design When Mid-Span Moduli Control Sections. 

Evidently, there is always the possibility that the modulus requirement 
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Fig. 236. Design Controlled by a Mid-Span Modulus. 


near the mid-span may be greater than the maximum modulus require- 
ment at either support of the span under consideration. 

This condition occurs in Fig, 236 where the final controlling modulus 
for the span AB is 125 near the mid-span rather than 119 at the support B. 
Either by mental arithmetic or by the use of plotted simple-span moment 
(or modulus) curves, we can readily determine the modulus requirement 



392 DESIGN OF MODERN STEEL STRUCTURES 

near the mid-span as soon as the end moduli requirements have been 
expressed as percentages of the simple-span modulus requirement. This 

process is illustrated by Fig. 237 
for the special case discussed. 

It is also of interest in Fig. 
236 that there are no fixed-end 
moduli shown at or C (simply 
supported ends). It will be ob- 
Fig. 237 . Mid-Span Modulus for Fig. 236 . served that the fixed-end moduli at 

B are increased (50 per cent in this 
case) to account for the simple supports at A and C. Also, it would be 
proper to reduce stiffness factors 25 per cent to allow for the decrease in 
stiffness that accompanies a simply supported far end, but, since both 
spans have simply supported ends, this influence can be neglected with- 
out disturbing the balancing process. 

213. Design Including Dead Weight. The design problem Fig. 238 is 
introduced to show how the influence of the dead weight of the steel beam 
and its concrete fireproofing or weatherproofing can be introduced into 
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Fig. 238 . Design Including the Effect of Dead Weight. 


the design. The dead weight of the beam was first estimated at 200 lb. 
per ft. This load was added to the fixed uniform load of 200 lb. per ft. 
to produce a total uniformly distributed loading of 400 lb. per ft. After 
the first balance, the dead weight of the fireproofed beam was calculated 
and found to be 240 lb. per ft. The excess load of 40 lb. per ft. was used 




DESIGN OF CONTINUOUS BEAMS 


393 


to calculate additional fixed-end moduli which were then introduced into 
the balancing process. This particular design problem converged so 
rapidly that only one set of correction moduli was needed. Again, as in 
Fig. 236, there are no moduli recorded at the simply supported ends of the 
beam. Note, however, that stiffnesses for these end spans are properly 
reduced 25 per cent by introduction of the factor 0.75 in the stiffness 
computations. 
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Since the controlling moduli for all spans are reduced by removal of the concentrated 
live load, the sections are correct. As an exercise this beam may be revisi^d for a constant 
depth. 

214 . Design Including Live Loads. The influence of a removable con- 
centrated load upon the design of a continuous beam is shown by Fig. 239. 
The design is first made for the load in place and with variable depths. 
Then, the concentrated live load is removed to determine its influence; 
upon sections. Since all moduli are reduced thereby, the sections r(;maiii 
unchanged. As an exercise, the reader should revise this beam for a con- 
stant depth. 

Uniform Live Load for Full Spans, The procedure of design, as il- 
lustrated by Fig. 240, is the use of simultaneous design sheets for each 
loaded span. Whenever a section is to be revised, the controlling modulus 
is determined by summing the cormsponding moduli requirements from 
the several design sheets. For example, the final modulus at A (+90) is 
obtained as the sum of +75 and +15. The modulus +75 is required by 
the live load on the span AB while the modulus +15 is required for live 
load on the span CD. The influence of live load on the span BC would 
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be negative at A and it is therefore not considered. The mid-span modulus 
requirement was checked in the span CD, For a practical case, the dead 
load would also need to be considered. It could be handled on a fourth 
design sheet and it should be introduced into all controlling moduli ir- 
respective of sign since the dead load always exists on all spans. The 
influence of a uniform dead load could also be found by summing the 
moduli requirements of an equal uniform live loading over each span. 

Other Design Problems, The design process discussed here can be 
applied to reinforced concrete beams, to movable live load concentrations, 
and to continuous frames as well as continuous beams with haunches. 
These problems and others, such as simplified determinations of influence 
lines, have been discussed by the author in a book entitled Automatic 
Design of Continuous Frames of Steel and Reinforced Concrete, The 
process of automatic design can actually be applied advantageously 
to all structures composed of straight members (beams and columns). 
For example, its application to tall building design was worked out by 
W. M. Simpson as a thesis study under the writer^s direction.* 

♦ Design of Tall Building Frames, W. M. Simpson, Thesis for the degree of Doctor of 
Philosophy in Engineering, Illinois Institute of Technology, 1942. 



CHAPTER 17 


SPECIFICATIONS 


AMERICAN INSTITUTE OF STEEL CONSTRUCTION 
215. Abbreviated* AISC Specifications for Buildings 


Loads and Stresses 


1. Loads and Forces. Steel structures shall be designed to sustain the following 
loads and forces: 

1. Dead Load. 4. Wind and other Lateral Forces. 

2. Live Load. 5. Erection Loads. 

3. Impact. 6. Other Forces. 


2. Wind. Proper provlnon shall be made for stresses caused by wind both during 
erection and after completion the building. The wind pressure is dependent upon the 
conditions of exposure and geographical location of the structure. The allowable stresses 
specified in Spec. 6 and Sp(?c. 7 are based upon the steel frame being designed to carry a 
wind pressure of not less than 20 lb. per sq. ft. on the vf^rtical projection of exposed 
surfaces during erection, and 15 lb. per sq. ft. on the vertical projection of the finished 
structure. 

3. Reversal of Stress. Membei-s subject to live loads producing alternating tensile 
and compressive stresses shall be proportioned as follows: 

To the net total compressive and tensile stresses add 50 per cent of the smaller of the 
two and proportion the member to resist either of the increased stresses resulting there- 
from. 

Connections shall be proportioned to resist the larger of the tw o increased stresses. 

4. Combined Stresses. Meml>ers subject to both axial and bending stresses shall be 
so proportioned that the quantity 



shall not exceed unity. 


Fa = axial unit stress that would lie jiermitted by this Specification if axial stress 
only existed. 

Fb = bending unit stress that would be permitted by this Specification if bending 
stress only existed. 

fa = axial unit stress (actual) = axial stress divided by area of member. 

fh = bending unit stress (actual) = bending moment divided by section modulus of 
member. 


5. Rivets. Rivets subject to shearing and tensile forces shall be so proportioned 
that the combined unit stress will not exceed the allowable unit stress for rivets in tension 
only. 

* For complete specifications, consult the AISC Code. 

306 
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6. Wind and Other Forces. Members subject to stresses produced by a combination 
of wind and other loads may be proportioned for unit stresses per cent greater than 
those specified in Spec. 10, provided the section thus required is not less than that re- 
quired for the combination of dead load, live load, and impact (if any). 

7. Wind Only. Members subject only to stresses produced by wind forces may be 
proportioned for unit stresses 33 per cent greater than those specified in Spec. 10. 

Effective Span Length 

8. Simple Spans. Beams, girders, and trusses shall ordinarily be designed on the 
basis of simple spans whose effective length is equal to the distance between centers of 
gravity of the members to which they deliver their end reactions. 

9. End Restraint. When designed on the assumption of end restraint, full or partial, 
based on continuous or cantilever action, beams, girders, and trusses, as well as the sec- 
tions of the members to which they connect, shall be designed to carry the shears and 
moments so introduced, in addition to all other forces, without exceeding at any point the 
unit stresses prescribed in Spec. 10. 

Allowable Unit Stresses 


10. Structural and Rivet Steel. All parts of the structure shall be so proportioned 
that the unit stress in pounds per sejuare inch shall not exceed the following: 

7'cnsion. 

Structural steel, net section 20,000 

Rivets, on area based on nominal diameter 15,000 

Compression. 

Columns, gross section: 

For axially loaded columns with values of L/r not greater 
than 120 17,000 - 0.485 — 


For axially loaded (columns w'ith values of L/r greater than 120. . . '~T 2 — 

1 + — 

18,000r2 

in which L is the unbraced length of the column, and r is the corresponding radium 


of gyration of the section, both in inches. 

Plate girder stiffeners, gross section 20,000 

Webs of rolled sections at toe of fillet [Crimpling, see Spec. 46] 24,000 


Flexure. 

Tension on extreme fibers of rolled sections, plate girders, and built-up 
members. 

[See Spec. 41] 20,000 

Compression on extreme fibers of rolled sections, plate girders. 


and built-up members, for values of L/h not greater than 40. . . . 


22,500 
1 + 

18006« 


(with a maximum of 20,000) in which L is the laterally unsupported length 
of the member, and h is the width of the compression flange, both in inches. 


Stress on extreme fibers of pins 30,000 

Shear. 

Rivets 15,000 

Pins, and turned bolts in reamed or drilled holes 15,000 

Unfinished bolts 10,000 

Webs of beams and plate girders, gross section 13,000 
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Double Single 


Searing. Shear Shear 

Rivets 40,000 32,000 

Turned bolts in reamed or drilled holes 40,000 32,000 

Unfinished bolts 25,000 20,000 

Pins 32,000 

Contact area 

Milled stiffeners and other milled surfaces 30,000 

Fitted stiffeners 27,000 


Expansion rollers and rockers (pounds per linear inch) 600d 

in which d is diameter of roller or rocker in inches. 


11, Cast Steel. Compression and bearing same as for structural steel. Other unit 
stresses, 75 per cent of those for structural steel. 


12. Masonry [Bearing] 

Granite 800 

Sandstone and limestone 400 

Concrete, unless otherwise specified 600 

Hard brick in cement mortar 250 


Design 

13. Slenderness Ratio. The ratio of unbraced length to least radius of gyration ~ 


for compression members shall not exceed: 

For main compression members 120 

For bracing and other secondary members in compression 200 


14. Unsupported Compression Flanges. The ratio of unbraced length to width of 
flange L/bior compression flanges of rolled sections, plate girders, and built-up mem- 
bers subject to bending, shall not exceed 40. 


Minimum Thickness of Material 

15. Main Material. The minimum thickness of steel except for linings, fillers, and 
the webs of rolled beams and channels, shall be: for exterior construction — Jie in.; 
for interior construction — 34 i*^- (These provisions do not apply to light structures 
such as skylights, marquees, fire-escapes, light one-story buildings, or light miscellaneous 
steelwork.) 

16. Gusset Plates. Gusset plates for trusses with end reactions greater than 35,000 
lb. shall be not less than % in. thick. 

17. Angles. The widths of the outstanding legs of angles in compression (except 
where reinforced by plates) shall not exceed 12 times the thickness for girder flanges and 
16 times the thickness for other members. 

18. Compression Members. In compression members consisting of segments con- 
nected by cover plates or lacing, or segments connected by webs, the thickness of the 
webs of the segments shall be not less than H 2 of the unsupported distance between the 
nearest rivet lines, or the roots of the flanges in case of rolled sections. The thickness of 
the cover plates or webs connecting the segments shall be not less than Ho of the unsup- 
ported distance between the nearest lines of their connecting rivets, or the roots of their 
flanges In case of rolled sections. 
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Gross and Net Sections 

19. Net Width. In the case of a chain of holes extending across a part in any diagonal 
or zigzag line, the net width of the part shall be obtained by deducting from the gross 
width the sum of the diameters of all the holes in the chain, and adding, for each gage 

^2 

space in the chain, the quantity — . 

4<7 

s — longitudinal spacing (pitch) in inches of any two successive holes. 

g — transverse spacing (gage) in inches of the same two holes. 

The critical net section of the part is obtained from that chain which gives the least 
net width. 

20. Angles. For angles, the gross width shall be the sum of the widths of the legs 
less the thickness. The gage for holes in opposite legs shall be the sum of the gages from 
back of angle less the thickness. 

21. Size of Holes. In computing net area, the diameter of a rivet hole shall be taken 
as in. greater than the nominal diameter of the rivet. 

22. Pin Holes. In pin connected tension members, the net section across the pin 
hole, transverse to the axis of the member, shall be not less than 140 per cent, and the ngt 
section beyond the pin hole, parallel with the axis of the member, iK)t less than 100 per 
cent of the net section of the body of the member. 

In all pin connected riveted members, the net width across the pin hole, transverse 
to the axis of the member, shall preferably not exceed 12 times the thickness of the 
member at the pin. 

Riveted Connections 

23. Minimum Connections. Connections carrying (‘alculated stresses, except for 
lacing, sag bars, and girts, shall have not fewer than 2 rivets. 

24. Eccentric Connections. Members meeting at a point shall have their gravity 
axes meet at a point if practicable; if not, provision shall be made for their eccentricity. 

25. Rivets. The rivets at the ends of any member transmitting stresses into that 
member should preferably have their centers of gravity on the gravity axis of the member; 
otherwise, provision shall be made for the effect of the resulting eccentricity. Pins in&y 
be so placed as to countera(!t the effect of bending due to dead load. 

26. Unrestrained Members. When beams, girders, or trusses are designed on the 
basis of simple spans in accordance with Spec. 8, their end connections may ordinarily 
be designed for the reaction shears only. If, however, the eccentricity of the connection 
is exccissive, provision shall be made for the resulting moment. 

27. Fillers. In truss construction when rivets carrying computed stress pass through 
fillers, the fillers shall be extended beyond the connected member and the extension 
secured by sufficient rivets to develop the stress in the filler. 

28. Splices. Compression members when faced for bearing shall be spliced suffi- 
ciently to hold the connecting members accurately in place. Other joints in riveted 
work, whether in tension or compression, shall be spliced so as to transfer the stress to 
which the member is subject. 

29. Diameter. In proportioning and spacing rivets, the nominal diameter of the 
undriven rivet shall be used. 

30. Long Grips. Rivets carrying calculated stress, and whose grip exceeds five 
diameters, shall have their number increased 1 per cent for each additional Ke in. of 
the rivet grip. 

31. Use of Unfinished Bolts. All field connections may be made with unfinished 
bolts, except as provided in Spec. 32. 
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32. Use of Rivets. Rivets shall be used for the following connections : 

Column splices in all tier structures 200 ft. or more in height above curb. 

Column splices in tier structures 100 to 200 ft. in height, if the least horizontal 

dimension is less than 40 per cent of the height. 

Column splices in tier structures less than 100 ft. in height, if the least horizontal 
dimension is less than 25 per cent of the height. 

Connections of all beams and girders to columns, and of any other beams and girders 
on w’hich the bracing of columns is dependent, in structures over 125 ft. in height. 

Roof-truss spli(!es and connections of trusses to columns, column splices, column 
bracing, and crane supports, in all structures carrying cranes of over 5-ton capacity. 

Connections for supports of running machinery, or of other live loads which produce 
impact or reversal. 

Any other connections stipulated on the design plans. 

33. Use of Turned Bolts. Turned bolts in reamed or drilled holes may be used in 
shop or field work where it is impossible to drive satisfactory rivets. The finished shank 
shall be long enough to provide full bearing, and washers shall be used under the nuts to 
give full grip when the nuts are turned tight. 

34. Minimum Pitch. The preferable minimum distance betAveen centers of rivet 
holes shall be not less than 4>^ in. for 13 ^ 4 -in. rivets, 4 in. for 138“in. rivets, 33^ in. for 
1-in. rivets, 3 in. for J^-in. rivets, 2^2 in. for ? 4 -in. rivets, 2 in. for 5^-in. rivets, and 

in. for 3^-in. rivets, but in no case shall it be less than 3 times the diameter of the rivet. 

35. Maximum Pitch for Compression Members. The maximum pitch in the line of 
stress of compression members composed of plates and shapes shall not exceed 16 times 
the thickness of the thinnest outside plate or shape, nor 20 times the thinnest enclosed 
plate or shape with a maximum of 12 in., and at right angles to the direction of stress the 
distance between lines of rivets shall not exceed 30 times the tiiickness of the thinnest 
plate or shape. For angles in built sections with two gage lines, with rivets staggered, 
the maximum pitch in the line of stress in each gage line shall not exceed 24 times the 
thickness of the thinnest plate with a maximum of 18 in. 

36. End Pitch for Compression Members. The pitch of rivets at the ends of built 
compression members shall not exceed 4 diameters of the rivets for a length equal to 
13^ times the maximum width of the member. 

37. Two-Angle Members. In tension members composed of ^ angles, a pitch of 
3 ft.-6 in. will be allowed, and in compression members, 2 ft.-O in., but the ratio L/r for 
each angle between rivets shall be not more than of that for the whole member. 

38. Minimum Edge Distance. The minimum distance from the center of any 
punched rivet hole to any edge shall be that given in the table. 


Rivet Diameter, 
Inches 

Minimum Kdge Distance (Inches) for 

PuNCHiGD Holes 

In Sheared Edge 

111 Rolleil Edge of 
Plales and vSections 
with Parallel Flanges 

In Rolled Edge of 
Sections with 

Sloping Flanges 

Vl 

1 

% 



i 3 8 

1 


% 

IM 

m 

1“ 

Vi 

m 

lA 


1 

1% 

VA 



2 



VA 

2J4 

2 

lA’ 


* May be decreaeed H in. when holes are near end of beam. 
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39. Minimum Edge Distance in Line of Stress. The distance from the center of any 
rivet under computed stress, and that end or other boundary of the connected member 
toward which the pressure of the rivet is directed, shall be not less than the shearing Area 
of the rivet shank (single or double shear respectively) divided by the plate thickness. 

This end distance may however be decreased in such proportion as the stress per rivet 
is less than that permitted under Spec. 10 ; and the reiiuirement may be disregarded in 
case the rivet in question is one of three or more in a line parallel to the direction of stress. 

40. Maximum Edge Distance. I'he maximum distance from the center of any rivet 
to the near edge shall be 12 times the thickness of the plate, but shall not exceed G in. 

Plate Girders and Rolled Beams 

41. Proportioning. Riveted plate girders, cover-plated beams, and rolled beams 
shall in general be proportioned by the moment of inertia of the gross section. No 
deduction shall be made for standard shop or field rivet holes in either flange; except that 
in special cases where the reduction of the area of cither flange by sui^h rivet holes, 
calculated in accordance with the provisions of Spi'c. 19, exceeds 15 per cent of the gross 
flange area, the excess shall be deducted. If such members contain other holes, as for 
bolts, pins, or countersunk rivets, the full deduction for such holes shall be made. The 
deductions thus applicable to either flange shall be made also for the opposite flange if the 
corresponding holes are there present. 

42. Web. Plate-girder webs shall have a thickness of not less than 3 <iyo of the 
unsupported distance between flanges. 

43. Flanges. Cover plates, when required, shall be equal in thickness or shall dimin- 
ish in thickness from the flange angles outward. No plate shall be thicker than the flange 
angles. 

Unstiffened cover plates shall not extend more than 6 in. nor more than 12 times the 
thickness of the thinnest plate beyond the outer row of rivets connecting them to the 
angles. 

The total cross-sectional area of cover plates shall not exceed 70 per cent of the total 
flange area. 

44. Rivets. Rivets connecting the flanges to the w'eb shall be proportioned to resist 
the horizontal shear due to bending as well as any loads applied directly to the flange. 

45. Stiffeners. Stiffeners shall be placed on the w^bs of plate girders at the ends 
and at points of concentrated loads. Suith stiffeners shall have a close bearing against the 
flanges, shall extend as closely as possible to the edge of the flange angles, and shall not 
be crimped. They shall be connected to the web by enough rivets to transmit the stress. 
Only that portion of the outstanding legs outside of the fillets of the flange angles shall be 
considered effective in bearing. 

If h/l is equal to or greater than 70, intermediate stiffeners shall be required at all 
, 8000 

points where h/t exceeds — 7 ^ • 

V V 

h = the clear depth between flanges, in inches. 

t = the thickness of the web, in inches. 

V = greatest unit shear in panel, in pounds per square inch under any condition of 
complete or pai'tial loading. 

The clear distance between intermediate stiffeners, when stiffeners are required by 
the foregoing, shall not exceed 84 in, or that given by the formula 

270,00()i s/Tf 

d = the clear distance between stiffeners, in inches. 



402 


DESIGN OF MODERN STEEL STRUCTURES 


Intermediate stiffeners may be crimped over the flange angles. 

Plate girder stiffeners shall be in pairs, one on each side of the web, and shall be con- 
nected to the web by rivets spaced not more than 8 times their nominal diameter. 

46. Web Crimpling of Beams. Rolled beams shall be so proportioned that the com- 
pression stress at the web toe of the fillets, resulting from concentrated loads, shall not 
exceed the value of 24,000 lb. per sq. in. allowed in Spec. 10. Governing formulas shall be: 


For interior loads. 


I^or end reactions. 


H 

t{N + 2k) 
R 

l(N + k) '' 


- not over 24,000, 
not over 24,000. 


R — concentrated interior load or end reaction, in pounds. 

t = thickness of web, in inches. 

N — length of bearing, in inches. 

k = distance from outer face of flange to web toe of fillet, in inches. 


Tie Plates and Lacing 

47 . Compression Members. The ojien sides of (compression members shall be pro- 
vided with lacing having tie 'plates at each endy and at intermediate points if the lacing is 
interrupted. Tie plates shall be as near the ends as practircable. In main members 
carrying calculated stresses, the end tie plates shall have a length of not less tlian the 
distance between the lines of rivets connecting them to the segments of the member, and 
intermediate ones of not less than of this distance. '^Fhe thic^kness of ti(^ plates shall 
be not l(?ss than J 50 of the distance between the lines of riv(‘ts connecting them to the 
segments of the members, and the rivet pitch shall be not more than 4 diameters. Tie 
plates shall be connected to each segment by at least 3 rivets. 

48 . Tension Members. Tie plates shall be used to secure the parts of tension mem- 
bers composed of sha^X'S. Thc^y shall have a length not l(\ss than % of the length specified 
for tie pjates in compression members. The thickness shall be not less than }>io of the 
distance between the lines of rivets connecting them to the segments of the member and 
they shall be connected to each segment by at h^ast 3 riv(‘ts. 

49 . Spacing. Lacing bars of compression members shall be so spaced that the ratio 
L/r of the flange included between their connections shall be not over ^4 of that of the 
member as a whole. 

50. Proportioning. Lacing bars shall be proportioned to resist a shearing stress 
normal to the axis of the member ecpaal to 2 per cent of the total compressive stress in 
the member. In determining the section required, the compression formula shall be used, 
L being taken as the length of the bar between the outside rivets connecting it to the seg- 
ment for single lacing and 70 per cent of that distance for double lacing. The ratio L/r 
shall not exceed 140 for single lacing nor 200 for double lacing. 

51. Minimum Proportions. The thickness of lacing bars shall be not less than 

for single lacing, and ViO for double lacing, of the distaru^e between end rivets; their 
minimum ividth shall be 3 time.s the diameter of the rivets connecting them to the 
.segments. 

52. Inclination. The inclination of lacing bars to the axLs of the members shall pref- 
erably be not less than 45° for double lacing and 60° for single lacing. When the distance 
between the rivcit lines in the flanges is more than 15 in., the lacing shall be double and 
riveted at the intersection if bars are used, or else shall be made of angles. 

53. Initial Stress. The totsl initial stress in any adjustable member shall be assumed 
as not less than 5000 11 
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Bridges 

Loads and Forces 

54. Loads. Structures shall be proportioned for the following loads and forces: 

(а) Dead load. 

(б) Live load. 

(c) Impact or dynamic effect of the live load. 

(d) Lateral forces. 

(e) Other forces, when they exist, as follows: 

Longitudinal force, centrifugal force, and thermal forces. 

55. Snow and Ice. The snov; and ice load is considered to he offset by an accom- 
panying decrease in live load arid impact and shall not be included ex(?ept under special 
conditions. 

56. Highway Loadings. The highway loading shall be of three classes, namely, 
//-20, //-1 5, and //-lO. Loadings //-15 and //-lO are 75 per cent and 50 per cent, respec- 



Fig. 241. Clearance Diagram. 


tively, of loading //-20. These loadings shall consist of either truck trains or equivalent 
loadings as described below. (See Figs. 242-244. ) 

57. Truck Train Loadings. The truck train loadings shall be as shown in Fig. 243 
and shall be used for loaded lengths of less than 60 ft., but may be used for greater 
loaded lengths. The loaded length for transverse members such as floor beams shall be 
considered as the combined lengths of the adjacent panels. 

The trucks in adjacent lanes shall be considered as headed in the same direction. 

* For complete specifications, the 1935 AASHO Code should be consulted. See p. 418 
for 1941 specifications. 
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58. Equivalent Loadings. The equivalent loadings shall be as shown in Fig. 244, 
and shall be used only for loaded lengths of 6() ft. or greater. Each lane loading shall 
consist of a uniform load per linear foot of traffic lane combined with a single concen- 
trated load so placed on the span as to produce maximum stress. The concentrated 
load shall be considered as uniformly distributed across the lane on a line normal to the 
center line of the lane. For the computation of moments and shears, different concen- 



trated loads shall be used as indicated in Fig. 244. The lighter concentrated load shall 
be used in computing the stresses in members in which the greater part of the stress is 
produced by bending moments. The heavier concentrated loafi shall be used when th(j 
greater part of the stress in a member is produced by shearing forces. 

59. Application of Loadings. The loadings shall be ai)plied by that one of the follow- 
ing methods which produces the greater maximum stress in the member considered, due 
allowance being made for the reduced load intensities hereinafter specified for roadways 
having loaded widths in excess of 18 ft. 

(1) Each traffic lane loading shall be considered as a unit, and the number and 
position of the loaded lanes shall be such as will produce maximum stress. 

(2) The roadway shall be considered as loaded over its entire width with a load per 
foot of width equal to % of the load of one traffic lane. This shall apply to both uniform 
and concentrated loads. 
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60. Reduction in Load Intensity. If the loaded width of the roadway exceeds the 
two lane width of 18 ft., the specified loads shall be reduced 1 per cent for each foot of 
loaded roadway width in excess of 18 ft. with a maximum reduction of 25 per cent, 
corresponding to a loaded roadway width of 43 ft. If the loads are lane loads, the 
loaded width of the roadway shall be the aggregate width of the lanes considered; if 
the loads are distributed over the entire width of the roadway, the loaded width of the 
roadway shall be the full width of roadway between curbs. 

61. Sidewalk Loading. Sidewalk floors, stringers, and their immediate supports 
shall be designed for a live load of not less than 100 lb. per sq. ft. of sidewalk area. 

62. Impact. Live load stresses, except those due to sidewalk loads and centrifugah 



Hi5 Loading 



H-IO Loading 


Fig. 243. Highw'ay Bridge Loadings. 


tractive, and wind forces, shall be increased by an allowance for dynamic vibratory and 
impact effects, provided, however, that this impact allowance shall not be applied to 
stresses in limber since the w orking stresses for timber given in these specifications are 
chosen sufficiently low^ to allow for impact efiFccts. 

The amount of this allow^ance or increment is expressed as a fraction of the live load 
stress, and for both electric railway and highway loadings shall be determined by the 
formula: 

/.- 52 — 

L + 125 

I = impact fraction. 

L = the length in feet of the portion of the span which is loaded to produce the 
maxirnmn stress in the member considered. 

63. Longitudinal Force. Provision shall be made for the effect of a longitudinal 
for(!e of 10 per cent of the live load on the structure, acting 4 ft. above the floor. 

64. Lateral Forces, (a) The wind force on the structure shall be assumed as a moving 
horizontal load equal to 30 lb. per sq. ft. on\]4 times the area of the structure as seen in 
elevation, including the floor system and railings and on H the area of all trusses or 
girders in excess of two in the span. 
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(P) The lateral force due to the moving live load and the wind force against this load 
shall be considered as acting 6 ft. above the roadway and shall be as follows: 

Highway bridges, 200 lb. per linear ft. 

Highway bridges carrying electric railway traffic, 300 lb. per linear ft. 

(c) The total assumed wind force shall be not less than 300 lb. per linear ft. 
in the plane of the loaded chord and 150 lb. per linear ft. in the plane of the unloaded 
chord on truss spans, and not less than 300 lb. per linear ft. on girder spans. 

(d) In calculating the uplift, due to the foregoing lateral forces, in the posts and 
anchorages of viaduct towers, highway viaducts shall be considered as loaded on the 
leeward traffic lane with a uniform load of 400 lb. per linear ft. of lane, and viaducts 
carrying electric railway traffic in addition to highway traffic shall be considered as 
loaded on the leeward track with a uniform load of 800 lb. per linear ft. of track. 

(e) A wind pressure of 50 lb. per sq. ft. on the unloaded structure, applied as specified 
above in paragraph (a), shall be used if it produces greater stress than the combined wind 
and lateral forces of paragraphs (a) and (6). 


Distribution of Loads 


65. Shear. In calculating end shears and end reactions in transverse floor beams 
and longitudinal beams and stringers, no lateral or longitudinal distribution of the 
wheel load shall be assumed. 

66. Bending Moment in Stringers. In calculating bending moments in longitudinal 
beams or stringers, no longitudinal distribution of the wheel loads shall be assumed. The 
lateral distribution shall be determined as follows: 

(a) Interior Stringers. Interior stringers shall be proportioned for loads determined 
in accordance with the following table, except that when the limiting stringer spacings 
are exceeded, the stringer loads shall be determined by the reactions of the truck wheels, 
assuming the flooring between stringers to act as a simple beam. 


Kind op Floor 

Floor Desioneo for One 
Traffic Lane 

Floor Dksioned for Two or 
More Traffic Lanes 

Fraction of 
a Wheel 
Load to Each 
Stringer 

Limiting 
Stringer 
Spacing, 
in Feet 

Fraction of 
a Wheel 

Load to Each 
Stringer 

Limiting 
Stringer 
Spacing, 
in Feet 

Plank 

S 

4.0 

S 

5.0 


4.0 


3.5 


Strip 4 in. in thickness or wood 

S 

4.5 

*Sf 


block on 4-in. plank subfloor 

4.5 

3.75 

5.5 

Strip 6 in. or more in thickness 

S 

5.0 

.S 

6.0 


5.0 


4.0 


Concrete 


6.0 

S 

10.0 


6.0 


4.5 



iS = spacing of stringers in feet 


(fe) Outside Stringers. The live load supported by outside stringers shall be the 
reaction of the truck wheels, assuming the flooring to act as a simple beam between 
stringers. 
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(c) ToUd Capacity of Stringers. The combined load capacity of the teams in a panel 
shdll not be less than the total live and dead load in the panel. 

67, Bending Moment in Floor Beams. In calculating bending moments in floor 
beams no transverse distribution of the wheel loads shall be assumed. 



r Concent noted Load 

Uni form Load €40 i 

18000 for Moment 
2G000 for Shear 

b per iin. ft of Lane 

'mSBBBBBaSBBSBaSBSSSSB^^ 


H-20 Loading 

X X A i^500 for Moment 

rConcentrated Lood\ 

[ 19500 for Shear 

'^Uniform Load 4801b per ! in ft of Lane 

JSSSSBSBBBBSSBSBBBBmSSSB^^ 

\ 

HdSLoodi 

^ Concen fro ted Load 

^/Uniform Load 320. 

ng 

9000 for Moment 
13000 for Shear 

lb per im. ft. of Lone 



/^-/O Loading 


Fig. 244. Simplified Design Loadings. 

If longitudinal stringers are omitted and the floor is supported directly on the floor 
beams, the latter shall be proportioned for a fraction of the wheel loads, as indicated in 
the following table, except that when the limiting floor beam spacing is exceeded the 
floor beam loads shall be determined by the reactions of the truck wheels, assuming tlie 
flooring between floor beams to act as a simple beam. 


Kind of Floor 

Fraction of 
W iiKKi. Loads 

TO Kach 

Floor Beam 

r.IMITINO 

Floor Beam 
Spacing, in 

Fep:t 

Plank 

s 

4.0 

4.0 

Strip 4 in. in thickness or w^ood block on 4-in. 
plank subfloor 

4.5 

4.5 

Strip 6 in. or more in thickness 

.S' 

5.0 

5.0 

Concrete 

S 

(5.0 

6.0 


S = npHcing of floor beams in feet 
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68. Distribution of Wheel Loads on Concrete Slabs.* Bending Moment. In cal- 
culating bending stresses due to wheel loads on floor slabs, no distribution in the direc- 
tion of the span of the slab shall be assumed, in the direction perpendicular to the span 
of the slab, the wheel load shall be considered as distributed uniformly over a width of 
slab which Ls termed the “ (effective width.” We define the following terms: 

S — span of slab in feet. 

W = width of tire with a maximum value of 1.2.5 ft. 

E - effective width of slab in feet for one wheel load. 


Case I. Single Load at Center of Span. 

E = 0.65 -h 2W. 


Case II. More Than One Load on the Sa^ne Element of Slab. 

In calculating the bending moment for more than one load on the same element of a 
slab, the loads shall be placed as in calculating the maximum moment for a simple beam. 
This process determines the number of loads that may occur on the clement. The 
moment shall then \)e calculated for a single load at the center of the span as in Case I 
and increased for each additional load on the element as follow\s, w^herc D = distance 
between the load nearest the center of the span and each additional load : 


Ratio 


D 

S 


= 0 


D 

S 

D 

S 


0.1 


0.3 


Increment 
100 per cent 

40 per cent 

15 per cent 


" - »■» 


0 per cent 


D 


Increases for intermediate values of — may be obtained by interpolation in the 

o 

above table. 

Case III. Loads on Parallel Elements of a Slab. 

The maximum bending moment .shall l)e calculated as in Case I or Case II and 
increased by the follow ing percentages where B = distance betw'een the parallel loaded 
elements : 

Ratio Increment 


B 

S 

B 

S 

B 

S 

B 

S 

B 

~S 


= 0 100 per cent 

= 0.1 60 per cent 

= 0.4 .30 per cent 

= 1.0 10 per cent 

= 1.4 0 per cent 


* More exact methods of comi)uting stresses in floor slabs due to concentrated loads may 
be found in “ Public Roads ” for March, 1930, in an Hrticlc by H. M. Westergaard entitled 
Commutation of Stresses in Bridge Slabs Due to Wheel Loads. 
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Increases for intermediate values of li/ S may be obtained by interpolation in the 
above table. 

The design assumptions of this article do not provide for the effect of loads near 
unsupported edges. Iherefore, at the ends of the bridge and at intermediate points 
where the continuity of the slab is broken, the edges of the slab shall be supported by 
diaphragms or other suitable means. 

Unit Stresses — Steel 

69. General. Except as modified elsewhere in these specifications, the several parts 
of a steel or concrete structure shall be so proportioned that the unit stresses shall not 
exceed those given below. 

Members subject to stresses produced by a combination of dead toady live load and 
impacty and with either lateral or longitudinal force^% or with bending due to lateral or longi- 
tudinal forces may be proportioned for unit stresses 25 per cent greater than those given 
below. 

70. Structural Grade and Rivet Steel. 

Tension. 

Axial tension, structural members, net section 

Bolts, area at root of thread 

Axial Compression. 

Axial compression, gross section, for values of L/r not greater than 140 
Riveted ends 15,000 - 14 

Pin ends 15,000 — H 

L — length of members in inches 
r = radius of gyration of member in inches 
Compression splice material, gross section 18,000 

Bending on Extreme Fiber. 

Compression on flanges of beams and plate girders 18,000 — 5 

L = length in inches of the unsupported flange between lateral connections or 


knee braces 

h = flange width in inches 

Tension in rolled shapes, built sections and girders, net section 18,000 

Pins 27,000 

Diagonal Tension. 

In webs of girders and rolled beams, at sections where maximum shear 

and bending occur simultaneously 18,000 

Shear. 

Girder webs, gross section 11,000 

Pins and shop driven rivets 13,500 

Power driven field rivets and turned bolts 11,000 

Hand driven rivets and unfinished bolts 9,000 

Bearing. 

Pins, steel parts in contact and shop driven rivets 27,000 

Power driven rivets and turned bolts 22,500 

Hand driven rivets and unfinished bolts 18,000 

Expansion rollers, pounds per linear inch 600f^ 

d =* diameter of roller in inches 




18,000 

10,(K)0 
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In proportioning rivets the nominal diameter shall be used. 

The effective bearing area of a pin, a bolt, or a rivet sliall be its diameter multiplied 
by the thickness of the metal on which it bears. 

In metal ^ in. thick and over, one half the depth of countersink shall be omitted in 
calculating bearing area. In metal less than ?8 in. thick coimtemunk rivetn shall not be 
assumed to carry stress. 

71. Steel Castings. For steel castings, 5^ of the unit stresses specified above for 


structural grade steel shall apply. 

72. Cast Iron. 

Bending on extreme fiber 3,000 

Shear 3,000 

Direct compression (short columns) 12,000 

73. Bronze. 

Bearing on bronze expansion plates 2,000 

74. Bearing on Masonry. 

Bearing on granite masonry 800 

Bearing on sandstone and limestone masonry 400 

Bearing on concrete 600 


Concrete Structures 


75. Concrete. 

Direct Compression. 

Columns reinforced with longitudinal bars and separate lateral 
ties 600 

but not to exceed 

Compressive stress due to bending 

Tension 

Shear (diagonal tension) 

Beams without shear reinforcement : 

Longitudinal bars not anchored 

Longitudinal bars anchored 

Beams with shear reinforcement and anchorage 

Punching shear 

76. Reinforcement. 


Reinforcing Bars. 

Tension 16,000 

Compression 10 times the compression in the surrounding concrete 

Bond. 

Bars not anchored 80 


Bars adequately anchored by hooks or otherwise 120 

The above unit stresses are based upon the use of concrete having an ultimate com- 
pressive strength at 28 days of 3000 lb. per S(|. in. For concrete having a smaller 
strength, the unit stresses shall be proporti(\nately reduced. 

For floor slabs, where it is particularly desired to lessen the dead weight of the floor, 
and foi arch rings or ribs, the above unit stresses may be modified as follows: 

For special mixes, designed for high strength, the compressive stress may be taken 
as 30 per cent of the ultimate strength of the concrete at 28 days for combined dead load, 
live load, temperature and shrinkage stresses. The extreme upper limit of strength 
which may be used in computing the working stress shall be 4500 lb. per sq. in. 



4,50 

900 

0 


60 

IK) 

160 

160 
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Timber Structures 


77, Structtiral Grades of Timber. The unit stresses for structural grades of timber 
set forth in § 75 of Chapter 5, or reduced where conditions of exposure in the structure 
require, shall be used with computed stress(?s for dead load, normal live load, and lateral 
forces. No allowance for impact shayl bci added to the normal live load stresses. 

78. Formulas for the ComputatiOii of Stresses in Timber. 


Axial Compression in Columns. 


For — greater than % S. 
A 




P = total load in pounds. 

A = area of cross section in square inches. 

S — safe stress in compression parallel to grain for short columns. 
L — unsupported length in inches. 
d = least dimension in inches. 


TT [E 

K = ~ for any species or grade. 

E = modulus of elasticity. 


P"or not greater than % 8. 
A 


P 

A 


TT** E 


-- shall not exceed 50. 
d 


Bearing on Inclined Surfaces. 

_ PQ 

P sin2 0 Q cos- B 

N = unit bearing on an inclined surface. 

P == unit stress in compression parallel to the grain. 

Q = unit stress in ciompression perpendicular to the grain. 

6 = angle in degiees between the load and the direction of grain (Fig. 74). 

79. Horizontal Shear in Beams. Horizontal shear in beams shall be computed from 
the maximum shear occurring at a distance from the support equal to three times the 
depth of the beam, or at the quarter point whichever woind be the lesser distance from the 
support. 

Foundations 


80. Bearing Power of Soils. For the design of foundations, the following unit bear- 
ing values may be assumed in the absence of definite information as to the actual bearing 
power of the foundation in question. In this tabulation it is intended to cover only 
broad basic groups of materials and to specify for these a maximum range in bearing 
power. These groups may be further subdivided to provide for special conditions. 
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Material 

Alluvial soils 

Clays 

Sand, confined 

Gravel 

Cemented sand and gravel 
Rock 


Safe Bearing Power 
Tons per Square Foot 
Min. Max. 


1 

1 

2 

5 

5 


1 

4 

4 

4 

10 


Structural Steel Design 

81. Effective Span. For the calculation of stresses, span lengths shall he assumed as 
follows: 

Beams and girders — distance between centers of hearings. 

Trusses — distance between centers of end pins or of bearings. 

Floor beams — distance lietween centers of tnisses or girders. 

Stringers — distance between centers of floor beams. 

82. Alternative Stresses. Memliers subject to alternate stresses of tension and com- 
pression, due to the combination of dead, live, impact and (centrifugal stresses, shall be 
proportioned for the kind of stress rc(piiring the larger section. 

If the alternate stresses occur in succession during one passage of the live load, each 
shall be increivsed by 50 per cent of the smaller. The connections of su(*h members shall 
be proportioned for the sum of the net alternate stresses not so increased. 

If the live load and dead load stresses are of opposite sign, only 70 per cent of the 
dead load stress shall be considered as effective in counteracting the live load stress. 

83. Combined Stresses. Memlx^rs subject to both axial and bending .dresses shall 
be proportioned so that the combined fiber stres.ses will not exceed the s])ecified axial 
unit stress. If members are continuous over panel points, % of the bending stress, 
computed as for a simple beam, shall be addini to th(‘ axial stress. 

84. Limiting Lengths of Members. For compression members, the ratio of unsui>- 
ported length to the least radius of gyration shall not exceed 120 for main and stiffening 
members nor 140 for laterals and sway bracing. In proportioning the top chords of half- 
through trusses, the unsupported length shall be assumed as the length between laterally 
supported panel points. 

For main riveted tension members, the ratio of length to least radius of gyration 
shall not exceed 200. 

85. Effective Area of Angles in Tension. The effective area of a single angle tension 
'tnemhery or of each angle of a double tension member in whi(!h the angles are connected 
back to back on the same side of a gu.s.set plate, shall be assumed as the net area of the 
connected leg plus one half of the area of the unconneerted leg. 

If a double angle tension member is conne(!ted with the angles back to back on opposite 
sides of a gusset plate, the full net area of the angles shall be considered as effective. 
If the angles connect to separate gus.set plates, as in the case of a double-webbed truss, 
and the angles are connected by stay plates located as near the gussets as practicable, 
or by other effective means, the full net area of the angles shall be considered as effective. 
If the angles are not so connected, only 80 per cent of the net area shall be considered as 
effective. 

Lug angles shall not be considered as effective in transmitting stress. 

86. Minimum Thickness of Metal. Gusset plates shall be not less than ^ in. in 
thickness. Other structural steel, except for fillers and in railings, shall be not less than 
^6 ia. in thickness. 



AASHO SPECIFICATIONS 413 

Metal subjected to marked corrosive influence shall be increased in thickness or 
specially protected against corrosion. 

87. Plates in Compression. The thickness of web plates of compression members 
vshall be not less than of the transverse distance between the lines of rivets connecting 
them to the flanges. The thickness of cover plates of compression members and cover 
plates on the compression flanges of plate girders, preferably, shall be nut less than J4o of 
the transverse distance between the lines of rivets connec^ting them to the flanges, but 
the minimum may be 3^o of this distance, provided that the width of the plate between 
the connecting lines of rivets in excess of 40 times the thickness shall not be considered as 
effective in resisting stress. 

88. Outstanding Legs of Angles. The widths of the outstanding legs of angles in 
compression (except where reinfor(!ed by plates) shall not exceed the following: 

In girder flanges, 12 times the thickness. 

In main members carrying axial stress, 12 times the thickness. 

In bracing and other secondary members, 16 times the thickness. 

89. Size of Pins. Pins shall be proportioned for the maximum shears and bending 
moments produced by the stresses in the members connected. If there are eyebars 
among th(^ parts connected, the diameter of the pin shall be not less than % of the width 
of the widest bar. 


Riveted Connections 

90. Size of Rivets. Rivets shall be of the size shown on the drawings but generally 
shall be in. or % in. in diameter. Rivets •J'g in. in diameter shall not be used in mem- 
bers (tarrying calculated stress except in 2J^-in. legs of angles and in flanges of 0-in. and 
7-in. beams and channels. 

The diameter of rivets in angles carrying calculated stnvss shall not exceed of the 
width of the leg in which they are driven. 

In angles whose size is iK.t determined by calculated stress, p s-in. rivets may be used 
in 2-in. legs, ^i-in. rivets in 2! 2 -in. legs, rivets in 3-in. legs, and 1-in. rivets in 

3 1 2 -in. legs. 

Structural shapits which do not admit the use of diameter rivets shall not be 

used ex(!ept in hand rails. 

91. Pitch of Rivets. The minimum distaiu'e between renters of rivets shall be three 
times the diameter of the rivet but, preferably, shall be noc less than the following: 

For 1-in. rivets, 3J 2 in. 

For J^-in. rivets, 3 in. 

For ^-in. rivets, 2 J 2 in. 

For ^-in. rivets, 234 in. 

92. Pitch in Ends of Compression Members. In the ends of compression members 
the pitch of rivets connecting the component parts of the member shall not exceed 4 
times the diameter of the rivet for a length (Kiual to 1} 2 times the maximum width of the 
member. Beyond this point tlic^ pitch shall be iru^reased gradually for a length equal to 
V/2 times the maximum width of the member unti^ the maximum pitch is reached. 

93. Maximum Pitch. The maximum pitch in the line of stress shall not exceed 6 in. 
or 16 times the thickness of the thinnest outside plate or angle connected, except 
that in angles having two gage lines with the rivets staggered, the pitch in each line 
may be twice that given by these rules, with a maximum of 10 in. 

94. Stitch Rivets. If two or more w^eb plates arc in contact, they shall be heid 
together by stitch rivets. In compression members, the stitch rivets shall be spaced 
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in the direction perpendicular to the line of stress not more than 24 times the thickness 
of the thinnest plate, and, in the line of stress, not more than 12 times the thickness of the 
thinnest plate. In tension members and girders, the stitch rivets shall be spaced, in 
either direction, not more than 24 times the thickness of the thinnest outer plate. In 
tension members composed of two angles in contact, the angles shall be held together by 
stitch rivets having a maximum pitch of 12 in. 

95. Edge Distance of Rivets. The minimum distance from the center of any rivet 
to a sheared edge shall be: 

For 1-in. rivets, 1?4 in. 

P^or K-in. rivets, 1 in. 

P’or Ji-in. rivets, 1J4 in. 

For ^^-in. rivets, 114 in. 

The minimum distance from a 7'olled or planed edge^ except in flanges of beams and 
channels, shall be: 

P'or 1-in. rivets, in- 

P'or J^-in. rivets, IM in. 

For ^4-in. rivets, 1}4 in. 

For ^-in. rivets, 1 in. 

The maximum distance from any edge shall be 8 times the thickness of the thinnest 
outside plate, but shall not exceed 5 in. 

96. Long Rivets. Rivets subjected to calculated stress and having a grip in excess of 
4J^ diameters shall be increased in number at least 1 per cent for each additional He in. 
of grip. If the grip exceeds 6 times the diameter of the rivet, specially designed rivets 
shall be used. 

97. Rivets in Tension. Rivets in direct tension shall, in general, not be used, but if so 
used their viUue shall be oiie half that permitted for rivets in shear. Countersunk rivets 
shall not be used in tension. 

98. Strength of Connections. Unless otherwise provided, connections shall be 
proportioned to develop the full strengths of the members connected. 

Connections shall be made symmetrical abo\it the axes of tlie members iiLSofar a.s 
practicable. Connections, exce{)t for lacing bars and handrails, shall contain not less 
than 3 rivets. 

99. Splices. Compression members, such as chords and trestle columns, in riveted 
structures shall have rnillejl ends and full contact bearing at the splices. 

Splices, whether in tension or compression, shall be proportioned to develop the full 
strength of the members spliced and no allowance shall be made for the bearing of milled 
ends of compression members. 

Splices in riveted (columns and chord members shall be located as close to panel 
points as possible and, usually, shall l)e on that side of thc» jjanei point where the smaller 
stress occurs. 

100. Indirect Splices. If splice plates are not in direct contact with the parts which 
they connect, the number of rivets on each side of tlie joint shall be in excess of the num- 
ber required for a direct contact splice to the extent of 2 extra transverse lines of rivets 
for each intervening plate. 

101. Fillers. If rivets carrying stress pass through fillers, the fillers shall be extended 
beyond the connected member and the extension secured by enough additional rivets to 
carry the stress pas.sing through the fillers. If the filler is less than J^-in. thick it shall not 
be extended Ixiyond the splicing material. 

102. Gusset Plates. The gu.ssct plates shall be of ample thickness to resist shear, 
direct stress, and flexure, acting on the weakest or critical se(!tion of maximum stress. 

Re-entrant cuts shall be avoided as far as Dracticable. 
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Stay Plates and Lacing 

103. Stay Plates. The open sides of com.'preHidon members shall be provided with lac- 
ing bars and shall have stay plates as near each end as practicable. Stay plates shall be 
provided at intermediate points where the lacing is interrupted. In main members, the 
length of the end stay plates between end rivets shall be not less than times the dis- 
tance between the inner lin(‘s of rivets connecting them to the flanges; the length of 
intermediate stay plates between end rivets shall be not less than ^/i of that distance. In 
lateral struts and other secondary memherSy the over-all length of end and intermediate 
stay plates shall be not less than ^ of the distance between the inner lines of rivets 
connecting them to the flanges. 

The separate segments jf tension inembers composed of shapes may be connected by 
stay plates or end stay plates and lacing. End stay plates shall have the same minimum 
length as specified for end stay plates on main compression members and intermediate 
stay plates shall have a minimum length of M of that specified for intermediate stay 
plates on main compression members. The clear distance between stay plates on tension 
members shall not exceed 3 ft. 

The thickness of stay plates shall be not less than Ho of the distaiuie between the 
inner rivet lines (connecting them to the flanges. Stay plates shall be connected by not 
less than 3 rivets on each side and in members having lacing bars, the last rivet in the? 
stay plate, preferably, shall also pass through the end of the adjacent bar. 

104. Lacing Bars. The lacing of compression members shall be proix)rtioned to 
resist shearing stresses normal to the member not less than those calculated by the 
formula: 



V = normal shearing stre.ss in pounds. 

P = allowable compressive axial load on member, in pounds. 

L = length of member, in inches. 

r = radius of gyration of stcction about the axis perpendicular to the plane of the 
lacing, in inches. 

If the lacing of a horizontal or inclined compression member is in a vortical plane, 
the shear in the lacing caused by the weight of the member shall be added to the shear 
calculated by the formula above. 

The shear shall be considered as divided equally among all shear resisting elements 
in parallel planes, whether made up of continuous plates or of lacing. The size of the bar 
shall be determined by the formula for a.xial compression in which “ L ” shall be taken as 
the distance between the connections to the main sections. 

The minimum width of lowing bars shall be: 

For 1-in. rivets, in. 

For J^-in. rivets, 2H in. 

For ^-in. rivets, 2H in. 

For 5^-in. rivets, 2 in. 

The minimum thickness of bars shall be Ho oi the distance between connections for 
single lacing, and Ho fo** double lacing, but not less than Ho in. 

Lacing bars of compression members shall be so spaced that the L/r of the portion 
of the flanges included between lacing-bar connections will be not greater than 40, and 
not greater than H of the L/r of the member. 
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The angle between the lacing bars and the axis of the member shall be approxi- 
mately 45® for double lacing and 60° for single lacing. If the distance between rivet lines 
in the flanges is more than 15 in., and a bar with a single rivet in the connection is used, 
the lacing shall be double and riveted at the intersections. Lacing bars having at least 
^ rivets in each end shall be used on flanges 5 in. or more in width. 

Shapes of equal strength may be used instead of flats. 

Net Section and Expansion 

105. Net Section at Pin Holes. In pin connected riveted tension members, the net 
section across the pin hole shall be not less than 140 per cent and the net section back of 
the pin hole not less than 100 per cent of the net section of the body of the member. 

106. Net Section of Riveted Tension Members. In calculating the required section 
of riveted tension members, net sections shall be used in all cases, and, in deducting rivet 
holes, the holes shall be taken as H in. larger than the nominal diameter of the rivet. 

The net section shall be the lejist area which can be obtained by deducting from the 
gross sectional area, the area of holes cu t by any straight or zigzag section across the mem- 
ber, counting the full area of the first hole and a fractional part of each succeeding hole 
the fractional part being determined by the formula: 



X = fraction of rivet hole to be deducted. 

S = stagger or longitudinal spacing of rivet with respect to rivet on last gage line. 

g = distance between gage lines, or transverse spacing. 

h = diameter of rivet holes, or nominal diameter of rivet plus 3^ in. 

107. Expansion. Provision shall be made for expansion and contraction at the rate of 
1}4 in. for every 100 ft. The expansion ends shall be secured against lateral movement. 

108. Expansion Bearings. Spans of less than 70 ft. may be arranged to slide upon 
metal plates with smooth surfaces. Spans of 70 ft. and greater shall be provided with 
rollers or rockers, or else with bronze sliding expansion bearings. 

Floor System 

109. Stiffness of Floor Members. Floor members shall be designed with special 
reference to stiffness by making them as deep as economy or the limiting under clear- 
ances will permit. 

110. Stringers. Stringers, preferably, shall be riveted between the floor beams. 

111. End Connection of Floor Beams and Stringers. The end connection angles of 
floor beams and stringers shall be not less than % in. in finished thickness. Except in 
cases of special end floor-beam details, each end connection for floor beams and stringers 
shall be made with 2 angles. The length ot these angles shall be as great as the flanges 
will permit. Bracket or shelf angles which may be used to furnish support during erec- 
tion shaU not be considered in determining the number of rivets required to transmit end 
shear. 


Bracing 

112. General. Bracing shall be composed of angles or other shapes and the con- 
nections shall be riveted. 

If a double system of bracing is used, both systems may be considered effective 
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simultaneously if the members meet the requirements both as tension and compression 
members. The members shall be riveted at their intersections. 

113 . Minimum Size of Angles. The smallest angle used in bracing shall be 3 by 
in. There shall be not less than S rivets in each end connection of the angles. 

114 . Lateral Bracing. Bottom lateral bracing shall be provided in all spans except 
I-beam spans and deck plate girder spans of 50 ft. or less. Bottom laterals shall be 
supported at their intersections by rigid hangers^ if necessary, to prevent excessive 
deflection. 

Top lateral bracing shall be provided in deck spans, and in through spans having 
sufficient headroom. 

The lateral bracing of compression chords, preferably, shall be as deep as the chords 
and effectively connected to both flanges. 

115 . Portal and Sway Bracing. Through truss spans shall have portal bracing, 
preferably, of the 2-plane or box type, rigidly connected to the end post and the top 
chord flanges, and as deep as the clearance will allow. 

Through truss spans shall have sway bracing at each intermediate panel point if the 
height of the trusses is such as to permit a depth of 5 ft. or more for the bracing. When 
the height of the trusses will not permit of such depth, the top lateral struts shall be 
provided with knee braces. Top lateral struts shall be at least as deep as the top chord. 

116 . Half-Through Truss Spans. The vertical truss members and the floor-beam 
connections of half-through truss spans shall be proportioned to resist a lateral force, 
applied at the top chord panel points of the truss, determined by the following equation: 

R = 150 (A -f P). 

R = lateral force in pounds. 

A “ area of cross-section of the chord in square inches. 

P = panel length in feet. 

This rigidity may be secured in part by extending one or both of the floor-beam con- 
nection angles upward along the inside of the post and by providing a solid web in the 
post. If outrigger brackets are used, they shall be effectively connected to the floor 
beam. 


Trusses 

117. Chords and End Posts. Top chords and end posts usually shall be made of two 
side segments with one cover plate, and with stay plates and lacing on the open side. In 
chords of light section, stay plates and lacing may be used in place of the cover plate. 

If the shape of the truss permits, compression chords shall be continuous. Top and 
bottom chord splices shall be as near the panel points as practicable and, preferably, on 
the side of the panel point where the smaller stress occurs. 

The top chord sections of half-through truss spans shall be so proportioned that the 
radius of gyration about the vertical axis of the member will be at least V/z times that 
about the horizontal axis. 

118 . Working Lines and Gravity Axes. In compression members of unsymmetrical 
section, such as chord sections formed of side segments and a cover plate, the gravity axis 
of the section shall coincide as nearly as practicable w ith the w^orking line, except that 
eccentricity may be introduced to counteract dead load bending. In 2-angle bottom 
chord or diagonal members, the w^orking line may be taken as the gage line nearest the 
hack of the angle. 

119 . Camber. The length of the truss members shall be such that the camber will be 
equal to or greater than the deflection produced by the dead load plus the full live load 



418 


DESIGN OF MODERN STEEL STRUCTURES 


without impact. Ordinarily this will be accomplished by increasing the length of the top 
chord approximately Jie in. for each 10 ft. of its horizontal projection. 

120. Diaphragms. There shall be diaphragms in the trusses at the end connections 
of floor beams. 

The gusset plates engaging the pedestal pin at the end of the truss shall be connected 
by a diaphragm. Similarly, the webs of the pedestal shall, if practicable, be connected 
by a diaphragm. 

There shall be a diaphragm between gusset plates engaging main members if the end 
tie plate is 4 ft. or more from the point of intersection of the members. 

AASHO Specifications for 1941 

Revised Specifications. The sj^ecifications given in § 216 are the 1935 Standard 
Specifications for Highway Bridges of the American Association of State Highway 
Officials. These specifications were revised in 1941. Since the 1935 specifications are 
quite simple, they are retained for use with illustrative design problems in the text. The 
1941 specifications will be presented here simply by pointing out the major changes from 
those already given. 

Clearances. The two-lane roadway has been increased in width to not less than 
22 ft. and not less than 4 ft. more than the approach pavement. 

H-S Loadings. The standard //-loadings are retained, but a truck and trailer 
loading {H-S series) is considered to be optional for superhighways. This loading 
consists of three axles — two on the truck and one on the trailer. It provides another 
rear axle load 14 ft. behind the rear axle of the standard ^-loading. The axle load of 
the trailer is identical with the rear axle load of the standard truck. For example, the 
//-20 truck has a front axle load of 8000 lb. and a rear axle load of 32,000 lb. The corre- 
sponding //-20>S-16 loading adds another 32,000 lb. load 14 ft. behind the rear axle of 
the //-20 truck. 

Equivalent Loading. The uniform load with a single floating concentration (selected 
for shear or moment) is used either for the //-loading or for the //-8 loading. For the 
//-20 loading, the equivalent uniform load is 640 lb. per ft. of lane, th(^ floating concen- 
tration being 18,000 lb. for moment or 26,000 lb. for shear. For the //-20;*S’-10 loading, 
the uniform load remains 640 lb. per ft. of lane but the concentration is increased to 
32,000 lb. for moment or 40,000 lb. for shear. The //-15;/8-r2 loading is 75 per cent as 
great. 

Application of Loadings. The lane width is set at 10 ft. and fractional lane loadings 
are no longer to be considered. The number and position of the loaded lanes are to be 
chosen to produce a maximum stress. This specification is much improved over Spec. 59 
and Spec. 60. 

Load Distribution to Beams. The load distributed to an interior stringer (Spec. 66) 
is reduced somewhat. If is the stringer spacing in feet, the part of one front and one 
rear wheel (//-loading) considered to act as loads on one stringer are as follows: <8/3.75 
for plank floors; <8/4.0 for wood-strip floor 4 in. thick; <8/5.0 for concrete floor; <8/4.0 for 
steel-grid floor less than 4 in. thick; <8/5.0 for steel-grid floor more than 4 in. thick 
These ratios apply to bridges of two or more traffic lanes. 

Allowable Stresses. There are no basic changes in allowable stresses except that 
the distinction between shop and field rivets is dropped. All power driven rivets are 
given the old shop rivet values of 13,500 lb. per sq. in. for shear and 27,000 lb. per sq. in. 
for bearing. High strength rivets (A<8TAf-i4195 rivet steel) are permitted at unit stresses 
of 20.000 lb. per sq. in. for shear and 40,000 lb. per sq. in. for bearing. 
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Secondary Tension Members. The slenderness ratio or L/r value of secondary 
tension members (not eye bars or rods) is limited to 240. 

Lug Angles. Lug angles may now be considered effective in transmitting stress if 
they are connected by each leg with at least more rivets than are required by the 
stress to be carried through the lug angle. 

Thickness of Metal. The web thickness of rolled shapes is limited to a minimum 
value of 0.23 in. 

Plates in Compression. Webs must not be less than ^2 the unsupported distance 
between the nearest rivet lines or the roots of rolled flanges. This ratio was in 
Spec. 87. 

Strength of Connections. Instead of a requirement that the connections shall 
develop the full strength of the member (Spec. 98), the new requirement is that connec- 
tions shall be designed for the average of the cahuilated stress and the strength of the 
member. However, they shall not be designed for less than 75 per cent of the strength 
of the member. The same change applies to splices. 

Gusset Plates. If the length of the unsupi)orted edge of a gusset plate exceeds 
60 times its thickness, it shall be stiffened. 

Camber. The lengths of truss members shall be such tliat the (\‘imh(ir will be equal 
to or greater than the deflection produced by di^ad load. This differs from Spec. 1 19 
which required additional camber for live loading. 

Concrete and Timber Parts. The revised code reflects changes in specifications 
for these materials. 



AMERICAN WELDING SOCIETY 

217. Abbreviated* AW3 Code for Fusion Welding 
of Buildings and Bridges 

Building Constkuction 

121. General. Fusion wokliuK may be substituted for or used in combination with 
riveting, bolting or other connecting means specified in the Building Code,t for connect- 
ing to one another or assembling the compcinent parts of steel beams, girders, lintels, 
trusses, columns and other structural steel members of buildings, or for conne(‘-ting steel 
to wrought-iron members of existing buildings, provided that such work be designed 
and executed in accordance with this Code. 

122. Definitions, (a) Fusion WeldUig. The process of joining metal parts in the 
molten (or molten and vapor) state, without application of nuM'-hanical ])ressure or blows. 
Under this code, fusion welding is restri(‘ted to the electric-arc and gas-welding processes. 

(b) Root. The zone at the bottom (or base) of the cross-se(!tional spa(?c provided to 
contain a fusion weld. 

(c) Throat. The minimum thickness of a weld along a straight line passing through 
the root. 

(d) Throat Dimension. The thickness of throat assumed for purposes of design. 
Under this code the throat dimenvsiem of a fillet tveld is the altitude from the root to the 
opposite side of the largest isosceles triangle which can be constnadtMl within the cross- 
section of the weld, the equal legs lying in the fused faces. In the case of a butt ivcld, the 
throat dimension is the thickness of the thinner of the parts joined. 

(e) Fillet Weld. A weld of approximately triangular cross section, whose throat lies 
in a plane disposed (inclined) approximately 4.5° with respect to the surfaces of the 
parts joined. The size of a fillet weld shall be expri'ssed jis the dimiMisions of the equal 
legs of the isosceles triangle descTibed in paragraph (d). 

(f) Butt Weld. A weld whose throat lies in a plane disposed approximately 90° 
with respect to the surfaces of at least one (if the parts joined. 4^116 size of a butt weld 
shall be expressed as the throat dimension. 

(g) W eld Length. The unbroken over-all length of the full cross section of the weld 
exclusive of the length of any craters. Under this Code the length of the full cross section 
is termed the effective lengthy and shall be used in all spiunfications, calculations and draw- 
ings. In diitermining the effective length of a fillet weld, H in. shall be deducted from 
the over-all length of the weld as an allowance for the rounded ends and the crater. 

Materials 

123. Base Metal. Structural steel to be welded under this code shall conform to 
Serial Designation A -9 (Steel for Buildings) of the current Standard Specifications of the 
American Society for Testing Materials. 

* For complete specifications, consult the 19.38 AWB CodtJ. 

t Building Code, wherever the expression occurs in this Ckjdc, refiirs to l^uilding law or 
specifications or other construction regulations in conjunction with which this Code is applied. 
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124. Weld Metal. Filler metal (aro-welding electrodes and gas-welding rods) shall 
conform to all general requirements, and to all special requirements for at least one of the 
grades of filler metal, provided by Serial Designation A-205-37T (Iron and Steel Filler 
Metal), as amended to date, issued jointly by the American Society for Testing Materials 
and the American Welding Society. The table on page 421 gives strength and elongation 
requirements. 


Permissible Unit Stresses 

125. Allowable Unit Stresses. Welded joints shall be proportioned so that the 
stresses caused therein by loads specified in the Building Code shall not exceed the 
following values, expressed in kips (thousands of pounds) per square inch: 


Allow' ABLE Stuesses in Welds 


Kind of Stress 

For Welds Made with Filler 
Metal of 

Grade 2, 

4, 10 or 15 

Grade 20, 

30 or 40 

Shear on section through weld throat 

13.6 

11.3 

Tension on section through wreld throat 

Compression (crushing) on section through tliroat of butt 

15.6 

13.0 

weld 

18.0 

18.0 


Fiber stresses due to bending shall not exceed the values prescribed above for tension 
and compression, respectively. Stress in a fillet weld shall be considered as shmvy for 
any direction of the applied stress. 

In designing welded joints, adequate provision shall be made for bending stresses 
due to eccentricity, if any, in the disposition or sections of base-metal parts. 

Building Design 

126. Plate Girders. Girders shall be proportioned either by their moments of inertia 
or by the flange-area method; in the latter method, when applied to a welded girder 
having no holes in the web, of the web area may be considered a part of the area of 
each flange. Stiffeners may be either angles or flat plates, w'elded to the web and flanges 
by intermittent or continuous fillet welds designed to transmit the stresses. Connection 
of component parts of flanges to each other and of flanges to web shall be by means of 
intermittent or continuous fillet welds designed to transmit the stresses. 

127. Beams. The use of continuous beams and girders, designed in accordance with 
accepted engineering principles, shall be permitted provided that their welded connec- 
tions be designed to transmit the stresses involved in continuous beam construction. 
At the ends of non-continuous beams, the connections shall be designed to avoid exces- 
sive secondary stresses due to bending. 

128. Columns. Adjacent component parts of a built-up column shall be joined by 
2 or more lines of continuous or intermittent welding in the direction of stress, such 
lines to be not further apart than 30 times the thickness of metal in the thinner part. In 
any line of intermittent welding, the clear distance between welds shall nowhere be more 
than 12 in., or more than 16 times the thickness of metal in the thinner part, or more than 
1 in. for each kip of designed strength in either adjoining weld. Fillet welding within s 
distance from either end of the column equal to the least width of column shall be 
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continuous. Sufficient weld strength shall be provided to transmit the shearing stresses 
between joined parts caused by flexure due to long-column action, applied bending 
moments, and any beam reactions or other loads tending to compress the parts unequally. 

129. Butt Joints. One or both edges of base-metal parts to be joined by a butt weld 
shall be beveled if the throat dimension exceeds in., except that beveling may be 
omitted if the weld is to transmit only compressive stress and if the space between the 
parts be made wide enough to permit sound welding and if the opening be backed up by 
a basc-inetal part or by sheet metal on the side further from the welding operator. For 
single and doublc-V joints, the angle of bevel of each part shall be not less than 30®, 
and for single and double-bevel joints not less than 45 degrees. The clearance between 
parts at the root of a beveled joint shall be from Me to in., except that when welding 
joints with heavily coated electrode, the clearance at the root may be made equal to the 
diameter of the electrode. Butt welds required to be beveled shall also be reinforced by 
making the thickness greater than the throat dimension defined previously ; the exposed 
face of a single-V or single-bevel weld shall be reinforced at least 20 per cent of the throat 
dimension and each exposed face of a double-V or double-bevel weld shall be reinforced 
at least 123 2 per cent of the throat dimension. A butt weld intended to transmit tensile 
stress shall be made only when one of the parts to be joined is free or is flexible enough to 
permit contraction of the weld metal. 

130. Fillet Welds. The length of any fillet weld shall be made not less than 4 times 
the weld size or else the size of the weld shall be considered not to exceed M of the length 
for purposes of calculating strength under this Code. 

131. Welds in Slots or Holes. When welding inside a slot or hole in a plate or other 
part, in order to join same to an underlying part, fillet welding may be used along the 
wall or walls of the slot or hole, but the latter shall not be filled with weld metal or 
partially filled in such manner as to form a direct weld-metal connection between oppo- 
site walls, ex(*ept that fillet welds along opposite walls may overlap each other for a dis- 
tance of M of their size. No slot or hole shall be less in width or diameter than 1 M times 
its depth. 


Workmanship 

132. Mill Scale. Surfaces to be welded shall be free from loose mill scale, rust, 
paint or other foreign matter, except that a thin coat of linseed oil, if present, need not be 
removed. This clause applies not only to new structures but also to cases where new steel 
is to be welded to members of existing structures. 

133. Clamps. Component parts of built-up members shall be firmly secured 
together, by adequate clamps or other means, in preparation for assembly welding. 

134. Separation. Where parts to be joined by a fillet weld are separated more than 
Me in., the excess above Me in. in amount of separation shall be added to the weld size 
required by the design. 

135. Painting. Structural steel shall not be painted on any areas where shop or field 
welding is later to be performed, except that a coat of linseed oil without pigment may 
be used for temporary protection. However, this clause shall not prohibit welding of 
steel which has been painted, provided that the paint be first completely removed from 
the areas to be welded. 


Erection 


136. Bolting. In erecting a welded structure, adequate means shall be employed 
for t-emporarily fastening the members together and bracing the framework until the 
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joints are welded; such means shall consist of erection bolts or other positive devices 
imparting sufficient strength and stiffness to resist all temporary weights and lateral 
forces, including wind. Owing to the small number of bolts ordinarily employed for 
joints which are to be welded, the temporary support of heavy girders carrying columns 
should receive special attention. 

137. Light Construction. In tier-building erection^ members shall not be erected 
more than 4 tiers or more than 2 coliunn lengths above any column connections yet 
unwelded. Light structures under 30 ft. high may be erected without the use of tem- 
porary joint fastenings, provided that the members be welded together sufficiently for 
temporary security at the time they are erected. 

Design of New Bridges 

138. General. Full and complete information regarding location, type, size and 
extent of all welds in accordance with the specifications, shall be clearty shown on the 
plans. The plans shall clearly distinguish between shop and field welds. The specifica- 
tions given here are intended to provide against fatigue failure, 

139. Maximum and Minimum Stresses. Maximum and minimum stresses (axial 
stress, bending moment, shear, etc., respectively) shall be computed in accordance with 
the requirements of the applicable general specifications. These will hereinafter be 
referred to as “ Max.” and Min.,” respectively. Max. refers to the numerically 
greater stress, of whichever sign, and is to be used in the design formulas of this Section 
with a plus sign. Min. refers to the numerically smaller stress; if it be of the same sign 
as Max.j it shall be used with a plus sign, and if it be of opposite sign to Max., it shall be 
used with a minus sign, in the design formulas. 

140. Required Base Material. Case 1. For beams, girders and axially stressed 
members not spliced or end connected by fillet welding, if Max. and Min. have the same 
sign (no reversal), the required base material shall be calculated by the unit stresses 
prescribed in the applicable general specifications. 

Case *2. For beams and girders subject to reversal, for axially stresse^d members 
subject to reversal, and for axially stressed members spliced or end connected by fillet 
welding regardless of reversal, the required base material shall be calcidated in accord- 
ance with the formulas of the first table in which — 

Max. and Min. have the respective values and signs stated in Spec. 139. 

Mom. = calculated external bending moment. 

I/c = required section modulus for beams and girders (gross areas in the absen(*e 
of rivet or bolt holes). 

A = required cross-sectional area (gross section for tension members in th(i 
absence of rivet or bolt holes). 

141. Required Weld Areas. The required weld areas shall be calculated in accord- 
ance with Formulas 7-9. 

For butt welds, A = minimum cross-sectional area of weld transverse to the line of 
action of the stress. 

For fillet welds, A = length of fillet times throat dimension. 
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Weld Areas 


Formula 

No. 

Type of 
Weld 

Type of 
Stress 

Required Weld Area 

7“ 

Butt 

Tension or 
Compression 

. Max. — Vo Min. , . . , Max. 

A - - — — — but not less than — — 

13,500 16,000 

8“ 

Butt 

Shear 

. Max. - y2 Mill. Max. 

9000 but not less than 

9 

Fillet 

Tension, 
Compression 
or Shear 

. Max. - 3^ Min. . . , . .. Max. 

A = but not less than r-~- 

7200 9600 


® Single- vee butt welds, except w’hen under compression only, shall have the allowable stress reduced 15 
per cent. 


142. Design of Butt Welds. Formulas 7 and 8 for butt welds assume that there are 
no abrupt changes of stress distribution on the opposite sides of the weld, that the rein- 
forcement is very moderate and merges smoothly into the base metal, and that the parts 
are so arranged and held at the time of welding that the weld metal may contract with 
practically entire freedom. 

143. Design of Fillet Welds. Fillet welds placed transversely to the direction of 
stress shall be calculated as carrying shear. 

By special design of fillet welded splices or end connections, proved by tests to allevi- 
ate or remove the susceptibility to fatigue failure of the base material adjacent to the ends 
of the fillets, the area of base material required by Formulas 5 and G may be reduced, 
the lower limit being the area required by Spec. 140, Case 1, or by Formulas 3 and 4, 
whichever may apply. 



AMERICAN RAILWAY ENGINEERING ASSOCIATION 

218 . Abbreviated* AREA Specifications for Steel Railway Bridges 

General Features op Design 

144 . Materials. Structures shall be made wholly of structural steel except where 
otherwise specified, llivet steel shall be used for rivets only. Forged steel shall be used 
for large pins, large expansion rollers, and other parts if specified by the Engineer. Pref- 
erably, cast steel shall be used for shoes, rockers, and bearings. Cast iron may be used 
only where specificjilly authorized by the Engineer. The accompanying table lists 
standard physical properties. 

145 . Spacing of Trusses, Girders, and Stringers. The distance between centers of 
trusses or girders shall be sufficient to prevent overturning by the specified lateral forces. 
In no case shall it be less than uf the span for through spans, nor of fbe span for 
deck spans. 
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Fig. 245. Single Track — Clearance Diagram. 

146 . Depth Ratios. The depth of tniases preferably shall be not less than Ko of the 
span. The depth of 'plaie girders preferably shall be not less than K 2 of the span. The 
depth of rolled beams used as girders and the depth of solid floors preferably shall be not 
less than Ks of the span. 

147 . Clearances. The clearances on straight track shall not be less than those 
shown in Fig. 245. On curved track the clearance shall be increased to allow for the 
overhanging and the tilting of a car 85 ft. long, 60 ft. between centers of trucks, and 
14 ft. high. 

♦ For complete design specifications consult the 1936 AREA Code. 
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148 . Loads and Forces. BridRes shall be proportioned for the following loads and 
forces. 

(а) Dead Load. (d) Centrifugal force. 

(б) Live Load. {e) Other lateral forces. 

(c) Impact. (J) Longitudinal force. 

Stresses from each of these loads and forces shall be shown separately on the stress 
sheet. 

149 . Dead Load. In estimating the weight for the purpose of computing dead load 
stresses, the following unit weights shall be used : 

Pounds per 
Cubic Foot 


Steel 490 

Concrete 15G 

Sand, gravel, and ballast 120 

Asphalt-mastic and bituminous macadam 150 

Granite 170 

Paving bricks 150 

Timber 60 


The track rails, inside guard rails, and fa.stcnings shall be assumed to weigh 200 lb. 
per lineal ft. for each track. 

150. Live Load. The recommended live load for each track is the Cooper’s jK- 72 load 
shown in Fig. 246. 

The Engineer shall specify the live load to l)e used, such load to be proportional to 
the recommended load, with the same axle spacing. 
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Fig. 246. Coopek’s E-12 Loading. 

151. Distribution of Live Load, (a) Floor beams that are spaced close enough to 
carry the track loads without stringers shall be designed for a proportion of the axle 
load equal to the ratio of the floor-beam spacing to the axle spacing. The floor beams 
shall be connected by solid-web diaphragms at intervals not exceeding 12 times the 
flange width, with at least one diaphragm for each track. 

(6) For ballasted floor bridges, the lateral distribution of the live load on each track 
shall be taken as uniform over a width of 10 ft. 

152. Impact. To the maximum computed static live load stresses, there shall be 
added the impact, (sonsisting of: 

(a) T/ie Lurching Effect 

The lurching effect is due to the rolling of the live load from side to side. It shall be 
taken as increasing the static live load on one rail by 20 per cent, with an equal decrease 
on the other rail. These loads shall be distributed to the supporting members 
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(6) The Direct Vertical Effect 

With steam locomotives (hammer blow, track irregularities, and car impact) 
a percentage of the static live load stress equal to: 

For L less than 100 ft 

For L 100 ft. or more 

With electric locomotives (track irregularities and car impact), 
a percentage of the static live load stress equal to 

L = length, in feet, center to center of supports for stringers, 
longitudinal girders, and trusses (chords and main mem- 
bers) ; 

or, L = length of floor beams or transverse girders, in feet, for 
floor beams, floor-beam hangers, subdiagonals of trusses, 
transverse girders, and supports for transverse girders. 

153. Multiple Tracks. For members receiving load from more than one track, the 
impact percentage shall be applied to the static live load on the number of tracks shown 
below. 

(а) Load from Two Tracks. 

For L less than 175 ft., full impact on two tracks. 

For L from 175 ft. to 225 ft., full impact on one track and a percentage of 
full impact on the other as given by the formula, 450 — 2L. 

For L greater than 225 ft., full impact on one track and none on the other. 

(б) Load from More Than Two Tracks. 

For all values of L, full impact on any two tracks. 

154 . Centrifugal Force. On curves, the centrifugal force in percentage of the live 
load is 0.001 1752D. 

<S = speed in miles per hour. 

D = degree of curve. 

It shall be assumed to act 6 ft. above the rail and shall be taken without impact. 

155 . Wind on Loaded Bridge. The wind force shall be considered as a moving had 
acting in any horizontal direction. On the train it shall be taken at 300 lb. per linear ft. 
on one track, applied 8 ft. above the top of rail. On the bridge it shall be taken at 30 lb. 
per sq. ft. of the following surfaces: 

(а) For girder spans, 114 times the vertical projection of the span. 

(б) For truss spans, the vertical projection of the span plus any portion of the 
leeward trusses not shielded by the floor system. 

(c) For viaduct towers and bents, the vertical projections of the columns and tower 
bracing. 

The wind force on girder spans and truss spans, however, shall not be taken at less 
than 200 lb. per linear ft. for the loaded chord or flange, and 150 lb. per linear ft. for the 
unloaded chord or flange. 

156 . Wind on Unloaded Bridge. If a wind force on the unloaded bridge of 50 lb. 
per sq. ft. of the surface defined in Spec. 155 combined with the dead load produces 
greater stresses than those produced by the wind forces specified in Spec. 155 combined 
with the stresses from dead load, live load, impact, and centrifugal force, the members 
should be designed for the greater stresses. 
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157. Stability of Spans and Towers. In calculating the stability of spans and towers, 
the live load on one track shall be 1200 lb. per lineal ft., taken without impact. On 
multiple track bridges, this live load shall be on the leeward track. 

The lateral forces shall be those specified in Spec. 154 to Spec. 156. 

158. Sway of Locomotives. The lateral force to provide for the effect of the sway of 
locomotives (in addition to the other lateral forces specified) shall be a moving concen- 
trated load of 20,000 lb. applied at the top of rail^ in either horizontal direction, at any 
point of the span. The resulting vertical forces shall be disregarded. 

159. Bracing between Compression Members. The lateral bracing of the compres- 
sion chords or flanges of trusses and deck girders and between the posts of viaduct towers 
shall be proportioned for a transverse shear in any panel equal to 2}^ per cent of the total 
axial stress in both members in that panel, in addition to the shear from the specified 
lateral forces. 

160. Longitudinal Force. The longitudinal force resulting from the starting and 
stopping of trains shall be the larger of: 

(a) Force Due to Braking, 

15 per cent of the live load without impact. 

(b) Force Due to Traction. 

25 per cent of the weight on the driving wheels, without impact. 

The longitudinal force shall be taken on one track only and shall be assumed to act 
6 ft. above the top of the rail. 

For bridges where, by reason of continuity of members or frictional resistance, much 
of the longitudinal force will be carried directly to the abutments (such as ballasted deck 
bridges of only 3 or 4 spans), only of the longitudinal force shall be considered effective. 

161. Reversal of Stress. Members subject to reversal of stress (whether axial, 
bending, or shearing) during the passage of the live load shall be proportioned as follows : 

Determine the maximum stress of one sign and the maximum stress of the opposite 
sign and increase each by 50 per cent of the smaller. Proportion the member so that it 
will be capable of resisting either stress so increased. The connections shall be propor- 
tioned for the sum of the maximum stresses. 

162. Combined Stresses, (a) Members subject to both axial and bending stresses 
shall be so proportioned that the combined fiber stresses will not exceed the allowed 
axial stress. In members continuous over panel points, only % of the bending stress 
computed as for simple beams shall be added to the axial stress. 

(6) Members subject to stresses produced by a combination of dead load, live load, 
impact, and centrifugal force, with other lateral forces and with longitudinal force, or 
with bending due to such forces, may be proportioned for unit stresses 25 per cent greater 
than those specified in Spec. 164; but the section of the member shall not be less than 
that required for the combination of dead load, live load, impact, and centrifugal force. 

163. Secondary Stresses. The design and details shall be such that secondary 
stresses will be as small as practicable. Secondary stresses due to truss distortion or floor- 
beam deflection usually need not be considered in any member the width of which, 
measured parallel to the plane of distortion, is less than Mo of its length. If the secondary 
stress exceeds 4000 lb. per sq. in. for tension members and 3000 lb. per sq. in. for com- 
pression members, the excess shall be treated as a primary stress. 

Allowable Unit Stresses 

164. Unit Stresses. The allowable unit stresses to be used in proportioning the parts 
of a bridge shall be as follows: 
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(a) Structural and Rivet Steel, 


Pounds per 
Square Inch 


Axial tension, structural steel, net section 18,000 

Tension in extreme fibers of rolled shapes, girders, and built 

sections, subject to bending 18,000 

Axial compression, gross section: 

For stiffeners of plate girders 18,000 

For compression members centrally loaded and with values of 
L/r not greater than 140: 

Riveted ends 15,000 — — 

^2 


Pin ends 

L = length of member, in inches, 
r = least radius of gyration of member, in inches. 
For compression meml^ers with values of L/r greater than 
140 and for compression members of known eccentricity, 
see Spec. 166. 

Compression in extreme filers of rolled sha{)es, girders, and 
built sections, subjec^t to bending (for values of L/h not 
greater than 40) 


15,000 - K ^ 


18,000 - 5 


L = length, in inches, of unsupported flange between 
lateral connections or knee braces. 
b = flange width, in inches. 


Diagonal tension in webs of girders and rolled beams at sections 

where maximum shear and bending occur simultaneously 18,000 

Stress in extreme fibers of pins 27,0(K) 

Shear in plate girder webs, gross section 11,000 

Shear in power driven rivets and pins 13,500 

Shear in turned bolts and hand driven rivets 11, (XX) 

Bearing on pins 24,000 

Bearing on power driven rivets, milled stiffeners, and other steel 

parts in contact 27,(X)0 

Rivets driven by pneumatically or elec^tric^ally operated hammers 
are considered power driven. 

Bearing between rockers and rocker pins 12, (XX) 

Bearing on turned bolts and hand driven rivets 20, (XX) 

Bearing on expansion rollers and rockers, pounds per lineal inch: 


For diameters up to 25 in. 


y - 13,000 
20,(X)() 


6(X)d 


For diameters from 25 in. to 125 in. 


y - 13,(XX) 

20,000 


aoooVd 


d — diameter of roller or rocker, in inches, 
y = yield point in tension of the steel in the roller or the base, 
whichever is the lesser. 


(6) Cast Steel, 

For cast steel shoes and pedestals, the allowable unit stresses in compression 
and bearing shall be the same as those for structural steel. Other allowable 
unit stresses shall be ^ of those for structural steel. 
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(C) Masonry. Pounds pek 

Bearing pressure: Square Inch 

Granite 800 

Concrete 600 

Sandstone and limestone 400 

(d) Timber Cross Ties. 

Extreme fiber stress in bending: 

Yellow pine, dense structural grade 1,500 

Douglas fir, close grain structural grade 1,400 

White oak 1,200 

White pine, Norway pine, and spruce 800 


In computing the stresses in timber cross ties, the wheel load shall 
be considered as distributed over 3 ties and as applied without 
impact. 

165. Unit Stresses for Alloy Steels. The allowable unit stresses to be used in pro- 
portioning the parts of a bridge shall be as follows: 

Pounds per Square Inch 


Silicon Steel 

Structural Steel. 

Nickel Steel 

Axial tension, structural steel, net section 

Axial tension, eye bars 

Tension in extreme fibers of rolled shapes, girders, 

24,000 

30.000 

27.000 

and built sections, subject to bending 

Axial compression, gross section : 

For stiffeners of ])late girders 

24,000 

30,000 

24,000 

30,000 


For compression members centrally loaded and with values of L/r not greater 
than 130 for silicon steel or 120 for nickel steel: 

Riveted ends 20,000 - 0.46 ^ 24,000 - 0.06 - ’ 

r* r* 

Pin ends 20,000 - 0.61 — 24,000 - 0.90 — 

L = length of member, in inches, 
r == least radius of gyration of member, in inches. 

For compression members of known eccentricity, see Spec. 166. 

Compression in extreme fibers of rolled shapes, girders, and built sections, subject 
to bending (for values of L/h not greater than 40) 

24,000 - 6.67 ^ 30,000 - 8.33 ^ 

L = length, in inches, of unsupported flange between lateral connections or knee 
braces. 

h == flange width, in inches. 

Diagonal tension in webs of girders and rolled beams at sections where maximum 


shear and bending occur simultaneously 24,000 27,000 

Stress in extreme fibers of pins 36,000 44,000 

Shear in plate girder webs, gross section 14,000 17,500 

Shear in pins 18,000 22,000 

Bearing on pins 32,000 40,000 

Bearing on milled stiffeners and other steel parts in 

contact 36,000 44,000 

Bearing between rockers and rocker pins 16,000 18,000 
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Bearing on expansion rollers and rockers: 


Pounds per Linbar Inch 


For diameters up to 25 in — 

20,000 

For diameters from 25 in. to 125 in - 3000 a/5 

20,000 

d — diameter of roller or rocker, in inches. 

y == yield point in tension of the steel in the roller or the base, whichever is least. 

166. Formulas for Slender Compression Members. The permissible unit stresses in 
axial compression for centrally loaded members given by the parabolic formulas in S|:)ec. 
164 and Spec. 165 agree so closely with those obtained by the secant formula that they 
may be used without substantial error for slenderness ratios within the limits shown. 

The corresponding secant formulas, which should be used when the slenderness ratio 
exceeds those limits, are: 


For riveted ends. 


1 -f 0.25 sec 


0.75L 

' 2r \ E 


(2) For pin ends, 


1 + 0.25 sec. 


0.875L Up 


The formulas for compression members with known eccentricity of loading^ for all 
slenderness ratios, are: 


For riveted ends, p = 


(-+ 0.25 j sec.— -y/- 


y 

(4) For pin ends, p == • 

. . 0.875L \fp 

1 + ( — + 0.25 ) sec. — - — \\ — 

Vr* / 2r \E 

p = allowable average compressive unit stress, 
c = known eccentricity of applied load, in inches. 

c = distance, in inches, from neutral axis to extreme fiber in the direction of the 
known eccentricity. 

L = length of member, in inches. 

r ~ least radius of gyration of member, in inches, for Formulas (1) and (2) and 
radius of gyration in the direction of the known eccentricity for Formulas (3) 
and (4). 

E =* modulus of elasticity = 29,400,000. 
y « yield point in tension: 

33.000 for structural steel. 

45.000 for silicon steel. 

55.000 for nickel steel. 
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f — factor of safety based on yield point: 

1.76 for structural steel. 

1.80 for silicon steel. 

1.83 for nickel steel. 

The coefficient 0.25 in the denominators of the formulas provides for inherent 
crookedness and unknown eccentricity. 

When the eccentricity of the applied load is small and the radius of gyration normal 
to the direction of eccentricity is much less than that in the direction of eccentricity, 
Formulas (1) and (2), assuming the member as centrally loaded, may give smaller 
permissible unit stresses than Formulas (3) and (4). 

167. Slenderness Ratio. The slenderness ratio (ratio of length to least radius of 
gyration) shall not exceed: 

100 for main compression members. 

120 for wind and sway bracing in compression. 

140 for single lacing. 

200 for double lacing. 

200 for tension members other than eyebars. 

Details of Design 

168. Compression Members. C^ompression members shall be so designed that the 
main elements of the section will be connected directly to the gusset plates, pins, or other 
members. 

Built-up sections shall be so arranged that the center of gravity will coincide as 
nearly as practicable with the center line of the section. Preferably the segments shall be 
connected by solid webs. 

In members consisting of segments connected by cover plates or lacing, or segments 
connected by webs, which receive their full allowable unit stress, the thickness of 
the webs of the segments shall be not less than of the unsupported distance between 
the nearest lines of their connecting rivets or the roots of their rolled flanges. The 
thickness of the cover plates or of the webs connecting the segments shall be not less 
than J4o of the unsupported distance between the nearest lines of their connecting rivets 
or the roots of their rolled flanges. For such members in which the stress i s les s than 
that allowable, the denominators 32 and 40 may be multiplied by the factor 

p — the allowable unit stress. 

/ = the unit stress in the member. 

169. Outstanding Legs of Angles. The width of the outstanding legs of angles in 
compression, except those reinforced by plates, shall not exceed the following: 

(a) For stringers and girders, where the ties rest on the flange, 10 times the thickness. 

(5) For main members carrying axial stress, and for stringers and girders not included 
in (a), 12 times the thickness. 

(c) For bracing and other secondary members, 14 times the thickness. 

170. Strength of Connections. Connections shall have a strength not less than that 
of the member connected, based on the allowable unit stress in the member. Connections 
shall be made as nearly symmetrical about the axes of the members as practicable. 

Effective Section 

171. Net Section. The net section of a riveted tension member is the sum of the 
net sections of its component parts. The net section of a part is the product of the thick- 
ness of the part multiolied by its least net width. 
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The net width for any chain of holes extending progressively across the part shall be 
obtained by deducting from the gross width the sum of the diameters of all the holes in 
the chain and adding, for each gage space in the chain, the quantity, 

^9 

8 = pitch of any two successive holes in the chain. 

g = gage of the same holes. 

The net section of the part is obtained from that chain which gives the least net 
width. 

For angles, the gross width shall be the sum of the widths of the legs less the thick- 
ness. The gage for holes in opposite legs shall be the sum of the gages from back of angle 
less the thickness. 

For splice members, the thickness shall be only that part of the thickness of the 
member which has been developed by rivets beyond the section considered. 

The diameter of the hole shall be taken as in. greater than the nominal diameter 
of the rivet. 

172. Effective Sections of Angles. If angles in tension are so connected that bending 
cannot occur in any direction, the effective section shall be the net section of the angle. 
If connected on one side of a gusset plate, the effective section shall be the net section of 
the connected leg plus 3^ the section of the unconnected leg. 

173. Section at Pin Holes. In pin connected riveted tension members the net 
section beyond the pin hole, parallel with the axis of the member, shall be not less than 
the net section of the member. The net section through the pin hole, transverse to the 
axis of the member, shall be at least 40 per cent greater than the net section of the 
member. The ratio of the net width (through the pin hole transverse to the axis of the 
member) to the thickness of the segment preferably shall not be more than 12. 

Rivets 

174. Grip of Rivets. If the grip of rivets carrying calciilated stress exceeds 4}^ times 
the diameter, the numV^er of rivets shall be increased at least 1 per cent for each additional 
He in. of grip. If the grip exceeds 6 times the diameter, the shanks shall be specially 
designed to fill the holes completely when driven. 

175. Pitch of Rivets. The pitch in the direction of stress for members composed of 
plates and shapes shall not exceed 7 times the diameter of the rivets except for web stitch 
rivets. 

At the ends of built compression members, the pitch in the direction of stress shall 
not exceed 4 times the diameter of the rivets for a distance 1 times the width of the 
member. 

176. Stitch Rivets. Where two or more web plates are in contact, there shall be 
stitch rivets to make them act in unison. In compression members, the pitch of such 
rivets in the direction of stress shall not exceed 12 times the thickness of the thinnest 
outside plate connected, and the gage 24 times that thickness. In tension members, the 
maximum pitch or gage of such rivets shall be 24 times that thickness. In tension mem- 
bers composed of 2 angles in contact, the pitch of the stitch rivets shall not exceed 12 in. 

177. Minimum Spacing of Rivets. The distance between centers of rivets shall be 
not less than 3 times the diameter of the rivets. 

178. Edge Distance of Rivets. The distance from the center of a rivet to a sheared 
tdge shall not be less than 1^ times the diameter, nor to a rolled or planed edge less than 
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times the diameter, ex(!ept in flanges of beams and channels, where the minimum 
distance may be IJi times the diameter. 

The distance from the center of a rivet to the edge of a plate shall not exceed 8 times 
the thickness of the plate. 

179. Sizes of Rivets in Angles. The diameter of the rivets in angles whose size is 
determined by calculated stress shall not exceed of the width of the leg in which they 
are driven. In angles whose size is not so determined, 1-in. rivets may be used in 3J/^-in. 
legs, J^-in. rivets in 3-in. legs, and Ji-in. rivets in 2 J^-in. legs. 

180. Compression Splices. Members subject to compression only, if faced for bear 
ing, shall be spliced on 4 sides sufficiently to hold the abutting parts true to place. The 
splice shall be as near a panel point as practicable and shall be designed to transmit at 
least ^2 of stress through the splice material. Members not faced for bearing shall be 
fully spliced. 

181. Extra Rivets. If splice plates are not in direct contact with the parts which they 
connect, there shall be rivets on each side of the joint in excess of the number required 
in the case of direct contai^t, to the extent of 2 extra lines for ea(;h intervening plate. 

If rivets carrying stress pass through JiUers^ the fillers shall be extended beyond the 
connected member and the extension secured by enough additional rivets to develop the 
value of the filler. 


Riveted Connections 


182. Stay Plates. On the optm sides of compression members^ the segments shall be 
connected by lacing bars and there shall be stay plates as near each end as practi(;able. 
There shall be stay plates at intermediate points where the lacing is interrupted. In 
main members the length of the end slay plates shall be not less than 1J4 times the dis- 
tance between the lines of rivets connecting them to the outer flanges. The length of 
intermediate stay plates shall be not less than % of that distance. 

The segments of tension members composed of shapes shall be stayed together. The 
length of the stay plates shall be not less than % of the lengths specified for stay plates on 
compression members. They shall be connected to eaiffi segment by at least 3 rivets. 

The thickness of stay plates shall be not less than of the distance between the linos 
of rivets connecting them to the outer flanges for main members, or of that distance 
for bracing members. 

183. Lacing. Lacing bars of compression members shall be so spaced that the 
slenderness ratio of the portion of the flange included between the lacing bar connections 
will be not more than 40 nor more than % of the slenderness ratio of the member. 

In compression members, the shearing stress normal to the member in the plane of the 
lacing shall be that obtained by the following formula: 

r Ln 


V 


100 


100 



+ 


r 

Too 


V = normal shearing stress. 

P =s allowable compressive axial load on member. 

L = length of member, in inches. 

r = radius of gyration of section about the axis perpendicular to plane of lacing, in 
inches. 


To the shear so determined shaii be added any shear due to the weight of the member 
or to other forces, and the lacing shall be proportioned for the combined shear. 
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The shear shall be considered as divided equally among all parallel planes in which 
there are shear resisting elements, whether continuous plates or lacing. The section of 
the lacing bars shall be determined by the formula for axial compression in which L is 
taken as the distance along the bar between its connections to the main segments for 
single lacing, and as 70 per cent of that distance for double lacing. 

If the distance across the member between rivet lines in the flanges is more than 15 in. 
and a bar with a single rivet in the connection is used, the lacing shall be double and 
riveted at the intersections. 

The angle between the lacing bars and the axis of the member shall be approximately 
45° for double lacing and 60° for single lacing. 

Lacing bars may be shapes or flat bars. For main members the minimum thickness 
of flat bars shall be J4o of the distance along the bar between its connections for single 
lacing, and Ho for double lacing. For bracing members, the limits shall be Ho for single 
lacing and Ms for double lacing. 

The diameter of the rivets in lacing bars shall not exceed H of the width of the bar. 
There shall be at least 2 rivets in each end of lacing bars riveted to flanges more than 
5 in. in width. 

Pin Connections 

184. Reinforcing Plates at Pin Holes. Where necessary for the required section or 
bearing area, the section at pin holes shall be increased on each segment by plates so 
arranged as to reduce the eccentricity of the segment to a minimum. One plate on each 
side shall be as wide as the outstanding flanges will allow. At least one full width plate 
on each segment shall extend to the far edge of the stay plate and the others not less 
than 6 in. beyond the near edge. These plates shall be connected by enough rivets to 
transmit the bearing pressure and so arranged as to distribute it uniformly over the full 
section. 

185. Eye Bars. The thickness of eye bars shall be not less than 1 in. nor more than 
2 in. The section of the head through the center of the pin hole shall exceed that of the 
body of the bar by at least 35 per cent. The form of the head shall be submitted to the 
Engineer for approval before the bars are made. The diameter of the pin shall be not less 
than 91 0 of the width of the widest bar attached. 

186. Eye-Bar Packing. The eye bars of a set shall be symmetrical about the central 
plane of the truss and as nearly parallel as practicable. The inclination of any bar to the 
plane of the truss shall not exceed Me io. to the foot. The bars shall be packed close, 
held against lateral movement, and so arranged that those in the same panel will not be 
in contact. 

187. Pins. In pins more than 9 in. in diameter, there shall be a hole not less than 
2 in. in diameter bored longitudinally on the center line. 

The turned bodies of pins shall be long enough to extend at the ends M in. beyond 
the outside faces of the parts connected. The pins shall be secured by chambered nuts or 
by solid nuts and washers. If the pins are bored, through rods with cap washers may be 
used. The screw ends shall be long enough to allow burring the threads. 

Pin connected members shall be secured in such a way as to limit lateral movement 
on the pin. Filler rings shall be made of metal not less than M in. thick. 

Plate Girders 

188. Proportioning Plate Girders. Plate girders, I-beams, and other members sub- 
ject to bending that produces tension on one face, shall be proportioned by the moment- 
of-inertia method. The neutral axis shall be taken along the center of gravity of the 
gross section. The tensile stress shall be computed from the moment of inertia of the 
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entire 'net section and the compressive stress from the moment of inertia of the entire gross 
section. 

189. Flange Section. In order to offset the effects of corrosion and the possible 
crookedness of the compression flange of a plate girder or a rolled beam, the gross section 
of the compression flange shall not be less than the gross section of the tension flange. 

Flanges of plate girders preferably shall be made without cover plates or side plates 
unless angles of greater section than 6 X 6 X in. would otherwise be required. 

Cover plates shall be equal in thickness, or shall diminish in thickness from the 
flange angles outward. No plate shall be thicker than the flange angles. When cover 
plates are used, at least one plate on each flange shall extend the full length of the girder. 
Other flange plates shall extend far enough to allow 2 rows of rivets at each end of the 
plate, beyond the theoretical end, and there shall be enough rivets to develop the plate 
between its end and the theoretical end of the next plate outside. 

In through bridges, there shall be end and corner cover plates. 

190. Flange Rivets. The flanges of plate girders shall be connected to the web with 
enough rivets to transmit to the flange section the horizontal shear at any point together 
with any load that is applied directly on the flange. Where the ties rest on the flange, one 
wheel load shall be assumed to be distributed over 3 ft. 

191. Flange Splices. Flange members that are spliced shall be covered by extra 
material equal in section to the member spliced. There shall be enough rivets on each 
side of the splice to transmit to the splice material the stress value of the part cut. 

Flange angles shall be spliced with angles. No two members shall be spliced at the 
same cross-section. 

192. Web Splices. Splices in the webs of plate girders shall be designed for the full 
strength of the web in both shear and bending. 

193. Thickness of Web Plates. The thickness of the webs of plate girders shall be 
not less than Hto of liic clear distance between the flanges, except that if the extreme 
fiber stress in the compression flange is less than that allowable, the denominator 170 
may be multiplied by the factor ^pjj. 

p — the allowable extreme fiber stress. 

/ = the extreme fiber stress in the compression flange. 

194. Stiffeners at Points of Bearing. Stiffeners shall be placed at end bearings of 
plate girders and at points of bearing of concentrated loads. They shall extend as nearly 
as practicable to the edges of the flange angles and shall be connected to the web by 
enough rivets to transmit the stress. Such stiffeners shall not be crimped. Only that 
part of the stiffener cross-section which lies without the fillet of the flange angle shall be 
considered effective in bearing. 

195. Intermediate Stiffeners. If the depth of the web between the flanges or side 
plates oi a plate girder exceeds 60 times its thickness, it shall be stiffened by pairs of 
angles riveted to the web. The clear distance between stiffeners shall not exceed 72 in. 
nor that given by the formula: 

, 255,000^ sfst 

= — S“\a- 

d = clear distance between stiffeners, in inches. 

t = thickness of web, in inches. 

a = clear depth of web between flanges or side plates, in inches. 

S = unit shearing stress, gross section, in web at point considered. 

The width of the outstanding leg of each angle shall be not more than 16 times its thick- 
ness and not less than 2 in. plus of the depth of the girder. 
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219. Instructions for Student Draftsmen. The instructions given below 
have been used in classes and drafting rooms. To be of value they must be 
definite. However, changes may be necessary to make them fit local 
conditions. 

Reports 

(a) All design calculations shall be neatly written on paper of good quality, 
size 83^ X 11 in. The use of paper with faintly ruled lines, background cross- 
hatching, is recommended. 

(&) Ruled margins shall be placed at least at the top and left hand side of the 
sheet and all calculations shall be kept inside of these margins. 

(c) Each part of the report shall have a title such as Dead Load Stresses which 
shall be lettered and underlined to make it stand out. The use of lettered 
subheads is also desirable. 

(d) Free hand sketches shall not be used for illustrative figures in an engineering 
report. See to it that vertical lines used in figures are reasonably parallel to 
the sides of the paper, etc. 

(c) Whenever the report involves the calculation of stresses, always place the 
final stresses on a picture of the structure. Show all of your calculations; do 
not summarize. 

(/) Bind your design sheets into a standard report cover using at least two 
staples. Do not put the staples through the top cover. Do not tie the sheets 
into the cover with string. 

(g) Poor form, lack of neatness, or summarized cjilculations are sufficient 
reasons for rejection of a report. In revising a report always rewrite those 
sheets that have correction marks. 

(h) Poor English, inconsistent use of punctuation, abbreviations, or symbols, 
and careless expression are as obvious to your superior and as much criti- 
cized as inaccurate calculations. 

Drawings 

(a) Kinds of Drafting Work. Two types of drawings are in common use. In 
some cases you will work directly on vellum paper. Blue prints can be made 
from a pencil drawing on vellum provided that an F or H pencil is used. 
Some draftsmen prefer still softer pencils. It is necessary for you to use 
great care in protecting the vellum from dirt which ruins the print. Tri- 
angles and scales should be washed frequently. The other type of drawing 
is made on yellow detail paper and is traced. A somewhat harder pencil, 
2H, may be used and less care need be taken with lettering. Notes are 
frequently filled in directly on the tracing after being written in long hand on 
the pencil drawing. However, unless you are a very good draftsman, these 
practices are not advisable. 
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(6) Equipment, The usual equipment required is as follows: 

1 T square (about 36 in. long). 

2 Triangles (45® and 60®, medium size). 

2 Scales (Architects* and Engineers*). 

1 Ruling pen (must be able to make fine lines). 

1 Ink and pencil compass. 

1 Small ink compass. 

(c) Sheet Sizes. All major drawings shall be made on 24-in. by 36-in. sheets. 
Two margins are used. The first shall be a 3^in. margin all around and the 
second shall be a J^-in. margin at top, bottom, and right hand side and a 
1-in. margin at the left. The inside part of the sheet then becomes 22 in. 
by 33}^ in. Where possible, it is desirable to keep all parts of the drawing 
at least 1 in. away from the margins. Details of structural members and 
connections may be made on a half-size sheet, 18 in. by 24 in. 

(d) Lettering. Lettering shall be performed carefully with the use of faint guide 
lines. Preferably, main titles and sub-titles shall be vertical letters and the 
remainder incilined. Height of letters shall Iwi as follows: Main titles 0.3 in. 
for main capitals and 0.20 in. for small capitals; suhtitle.s 0.25 in. for capitals 
and numerals and 0.15 in. for lower case letters; elsewhere 0.15 in. for capitals 
and numerals and 0.10 in. for lower case letters. Use round letters of full size 
as simply made as possible. 

(c) Titles. The title shall preferably be placed in the lower right hand corner of 
the sheet and shall (consist of three parts: First, a main title, that is, 
DETAIL DRAWING — THROUGH PRATT HIGHWAY BRIDGE, of 
largest sized capital letters. Second, a reference to the place where the 
work is being done, that is, state bridge department, santa fe district, 
in the next smaller size of capital letters. Third, a set of statements made in 
capitals and lower case letters giving the drawing number, the date, the 
name of the designer, and leaving a blank space for the approval or rejection 
mark of the checker. 

(/) Lines. Only two weights of lines need be used on a drawing, a medium or 
heavy line for the outline of members, plates, etc., and a light line for 
dimensions. The dimension line shall be unbroken and the dimension in 
numerals shall be placed above the line. Dimension lines always occur in 
pairs, that is, a partial set of dimensions tied together by an overall dimen- 
sion. The overall dimension shall never be omitted, and each partial dimen- 
sion should be given. Both partial and overall dimensions should be com- 
plete from one main intersection point to the succeeding intersection point, 
as, for example, from one joint to the next joint of a truss. Succeeding 
dimension lines must not be offset one from the other. For instan(;e, all 
partial dimension lines for the panels of the bottom chord of a bridge truss 
should form one straight line. Also, it is desirable to keep all partial dimen- 
sion lines for the entire truss as nearly as possible at a fixed distance from the 
nearest edges of the members. The distance between partial and overall 
dimension lines shall be as nearly constant as is feasible. 

Broken lines shall be reserved for indicating members that are hidden 
behind other members, for down-turned angle legs, and for beam and channel 
webs as on plan views of floor systems. 

Center lines and gage lines are indicated by a light dot-and-dash line. 
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(g) Rivets and Welds. Use care in making rivet heads and open holes. For 
pencil drawings, obtain correct dimensions from a handbook and make rivet 
heads and open holes to scale. Rivets and open holes when made in ink 
look better if they are shown to about three fourths of the scale of the draw- 
ing. Different types of rivets and welds are represented by conventional 
signs which are reproduced elsewhere. 

(Ji) Laying Out Truss Members. In laying out truss members, arrange to have 
the assumed center lines meet at a point. To take the place of the true 
center line of a symmetrical section, the gage line of an angle is used, and, 
for an unsymmetrical built-up section, the center of gravity is placed along 
the center line wherever possible. If an angle has two gage lines, the one 
nearer the back of the angle is placed on the center line. 

(t) Marking Dimensions and Member Sizes. All dimensions shall be given in 
feet and inches to the nearest Ke in., that is, G'-SKe" or I'-SH". Dimen- 
sions shall be placed above the dimension line. 

Mark all member sizes and lengths above the member wherever possible 
For angles, state the angle leg that appears on the drawing. 

1 angle 3 X 3 X H" X 0'-7H" 

2 angles 2^^ X 2 X M" X 12'-3" 

Examples ^ 1 channel 8" at 16M# X 12 

1 plate 18H" X H" X 3'-3^" 

1 filler 3" X Vs" X 0'-9" 

The common signs are used to represent angles and channels, and the word 
‘‘ plate " is abbreviated to PI. Note the sequence in which leg size, thickness, 
and length of an angle are given. Also, note that the width of a plate is first 
given in inches, then the thickness is given in inches, and, finally, the length 
is always to be given in feet and inches. Such details as these must be 
observed carefully. 

(j) Detailing Plates. The plate size listed for irregularly shaped plates is that 
of the smallest rectangle from which the plate can be cut. It is only neces- 
sary to give such plate sizes to half inches. The size given should overrun, 
not underrun, since it may be used in making weight estimates and for order- 
ing material. 

In laying out plates, use as few sides as possible. It is customary to have 
the sides of the gusset plates meet on the center lines or on the gage lines of 
the members. For large members, there is a saving in cutting the plate per- 
pendicularly across the width of the member. Re-entrant cuts in plates 
must be avoided because they can only be flame-cut economically. Plates 
are ordinarily cut in the shears. 

Sufficient dimensions must be given for each plate detail so that it can be 
laid out and the rivet holes marked. When making a detail drawing, we 
should give the major plate dimensions and the distance out along the gage 
line from the joint intersection to each rivet hole. The shop detailer will 
take care of edge distances, but the designer must have given these require- 
ments proper consideration because the plates will be ordered from the mill 
to fit the sizes that he specifies. Shop details for plates include sufficient 
dimensions to locate every cut and every rivet hole. 

(A;) Detailing Members and Joints. Care shall be taken by the designer and the 
detailer to be sure that all rivets shown on the drawing can be driven and 
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that all members can be erected readily. The clearances required are given 
in all steel handbooks. Where flattened heads or countersunk rivets are 
required, they shall be marked properly. Field rivets and field welds are to 
be reduced to a minimum. Overhead welds are to be avoided wherever 
possible. 

Built-up members shall be detailed as fully on the drawing as space will 
allow. If the joints are shown to a larger scale than the dimensions of the 
truss (joints are frequently detailed to a scale while the truss may be 
shown to a ^-in. scale), it is necessary to break each member. Sufficient 
information must nevertheless be given so that the shop detailer can com- 
plete the details of the members. It is necessary to give the length, size, 
and thickness of each angle, the length, size, and weight of each channel 
and rolled beam, and the width, thickness, and length of each plate, include 
ing tie plates, batten plates, cover plates, and connection plates. The 
number and spacing of each type of plate must be shown. At least one plate 
of each type must be shown on each member so that the number, size, and 
spacing of rivets may be given. Where lacing bars are used, the size of the 
bar, the rivet spacing, and the starting point must be shown as well as the 
number of bars required for each member. End plates are used at the ends 
of all laced members and these plates should be detailed completely. By 
adjusting the lengths of end plates, the lacing may be made exactly 60® or 
45®, if this seems desirable, or rivets may be spaced to even fractions of an 
inch by the same device. 

Where exact bearing of the ends of compression members is desired, as at 
the hip joint of a truss, the members shall be marked * Mill to Bear ^ or 
• Finish.’ The exact angle of bevel in degrees and minutes shall be given. 

Detailing of members and joints is not an absolutely fixed process. Con- 
siderable variation in ideas of detailing exists. 
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